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1 ABSTRACT 

Due to rapid urban developments and limited land in urban areas, it becomes necessary to 

construct underground transport infrastructure at much greater depths and quite often in poor 

ground congested with building structures and utilities. Deep excavation inevitably alter the 

ground conditions and induced ground deformations. This may cause damage to adjacent 

building structures and utilities. Therefore, understanding and being able to predict the 

performance of deep excavations to minimise movements induced damages is an important 

issue and a challenge to geotechnical engineers. 

Traditionally, deep excavation analysis makes use of conventional soil mechanics and simple 

structural mechanics along with appropriate modifications according to field observed 

behaviours. Empirical data are normally used by designers to estimate excavations induced 

ground movements. Such approaches have been successful in the past especially for shallow 

excavations at only a few meters. Because of space constraints, present day excavation 

sometimes has to be made vertically, and the retention system used is constructed at close 

proximity to existing building structures and utilities. Under such circumstances, a 

conventional design approach has limited use and an advanced numerical method must be 

employed. 

The advanced numerical method is capable of simulating the excavation process, investigating 

the mechanism of soil-structure interaction, estimating ground and retention system 

movements and in this case, diaphragm wall movements. However, it must be keep in mind 

that numerical methods are an approximation of solving differential equations, and as such, 

cannot produce an exact solution to complex boundary value problems such as deep 

excavations. Because of the complexity of soil-structure interaction, it is unlikely that analysis 

results close to field observations purely based on parameters derived from routine laboratory 

tests or empirical correlations or in-situ tests or even a combination of the three, will be 

obtained successfully. The challenging task of prediction of deep excavation performance is 

exacerbated by the influence of ground and ground water conditions, loadings, construction 

details and quality of workmanship.  
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Although far from perfect, the advanced numerical method is the best tool available for deep 

excavation design. If it is correctly used and the input parameters are obtained by calibrating 

against field-observed behaviours through adjusting the input parameters that are used to 

predict ground and supporting system deformations, it is possible to minimize the differences 

between observed and predicted ground and wall movements.  

This thesis uses advanced numerical analysis to simulate the construction sequences of deep 

excavation, using a range of foreseeable soil parameters to carry out predictions of diaphragm 

wall deflections.  Additionally, together with modifications and refinements achieved by back 

analysis using field-observed performance, advanced numerical analysis will be used to 

minimise differences between the observed and predicted responses.  This method has strong 

practical implication, attempting to archive better performance predictions in such a way that 

the existing knowledge can be applied more efficiently in a commercial environment, and 

providing recommendations for moving practice closer to the state of the art. In most cases, the 

calibration models are site-specific.  

The method will be illustrated with a case history. A popular commercial finite element code 

PLAXIS 2D will be employed for the analysis. 

The findings have indicated that routine tests and empirical correlations grossly underestimated 

the drained stiffness parameters. Depending on the constitutive soil models used, the drained 

stiffness parameters have to be increased by six-fold for linear elastic –perfectly plastic Mohr-

Coulomb model and  up to more than eight-fold for  non-linear Hardening Soil model in 

order to minimise differences between the observed and predicted performances. 
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1CHAPTER 1: INTRODUCTION 

1.1 Background 

Due to the limited land for the construction in the urban area, underground infrastructures have 

been extensively constructed for the purposes such as deep basements, subways, service 

tunnels and storage tanks. In order to maximize the usage of limited land space, underground 

structures are usually required to be designed very close to the boundary. Many deep 

excavations are also required to be carried out in very poor subsoil conditions and in close 

proximity to the existing buildings and infrastructures. Excessive ground deformations induced 

by deep excavations will inevitably damage the surrounding near-by surface and sub-surface 

structures, resulting in delays, dispute or even litigation and cost overrun. In such 

circumstances, the ability to predict ground deformations with certain accuracy and to 

acceptable limits has become an important and challenging geotechnical design issue 

A deep excavation unloads the surrounding ground. Removing large amounts of soil during the 

construction stage almost invariably results in ground deformations. Even for the stiffest 

possible support system, some ground deformations are inevitable. Unchecked lateral 

displacement of the retaining system, like retaining walls and struts, can make an excavation 

unstable. Excessive deformations will induce excessive stresses to the retaining structures, and 

induce cracks or even instability. The effects of  ground deformations on an adjacent structure 

ranges from minor changes in the aesthetics to complete collapse of the structure depending 

upon the proximity of the structure to the excavated area, the nature of the construction, the 

type of the support system and the properties of the soils.   

Many factors influence the performance of deep excavations. Design methodology, ground 

conditions, underground water regime and the stiffness of the supporting system are four 

important factors. Experience has showed that construction details and quality of workmanship 

can be equally important in a particular case.  
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A significant development has been made in the numerical technique for the prediction of the 

ground deformations induced by deep excavations since Peck published his comprehensive 

review of deep excavation in 1969.  Many researchers now use a finite element method to study 

the various factors that control deep excavation performances. Indeed, the improving 

agreement between computed performance and observed performance measured from 

geotechnical instrumentation is boosting the confidence that we can now push excavation 

technology to new depths in poorer grounds. 

A commercially available finite element code PLAXIS has been chosen for this study. This is 

because of its popularity and experience gained over the past years. Analysis of deep 

excavation is one of the intended applications of PLAXIS.  PLAXIS can simulate staged 

construction. A number of constitutive soil models, such as a simple elastic perfectly plastic 

Mohr-Coulomb model, an elastic-plastic non-linear stress dependent stiffness Hardening Soil 

model, or a user defined stress-strain-time dependence relationship advanced constitutive soils 

model are available in PLAXIS for deep excavation design. Applying this program to complex 

deep excavation work, and comparing it with observed field performance of the retaining 

system and ground response would permit evaluation of the effectiveness and performance of 

the program for deep excavation design, derive input parameters from back analysis and 

provide better performance predictions for future projects. This thesis, therefore, has strong 

practical implications, and the calibrated models are site specific. 

This will be demonstrated by a case study using Tanjong Katong (TKT) Station of Contract 

C823 of Singapore Circle Line Stage 2(CCL2) located at predominantly soft marine clays 

Kallang Formation area. 

This thesis is divided into six parts: (1) A comprehensive literature review of both the empirical 

and numerical methods. (2)  Introduction to CCL2 general geology and generalised 

geotechnical properties, TKT Station site specific geology and geotechnical properties, design 

and construction histories. (3) Derivations of geotechnical parameters for constitutive soil 

models. (4) Comparisons between observed performance and computed performance. (5) Back 

analysis to study how the input stiffness parameters affect the deflection of diaphragm walls 

and the associated ground movements. (6) Conclusion with recommendations for future study. 
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1.2 Research Objective  

The research project aims to improve the way constitutive modelling is used in deep excavation 

construction in sedimentary soils (Kallang Formation in this case) so that the existing 

knowledge can be applied more efficiently. To achieve this goal, the following tasks were 

identified: 

1) Carry out a comprehensive literature review on: 

 conventional empirical methods and numerical approaches of deep excavation design; 

  the geotechnical parameters that govern the deformation behaviours  during 

excavations in sedimentary soils; 

 the empirical methods available in stability assessment and estimation of ground 

movements;  and 

 the numerical analyses using 2D approaches for stability study and the estimation of 

retaining structures and ground movements.  

 

2) Derive geotechnical input parameters from: 

 laboratory tests (mainly oedometer tests) and field tests (piezocone test, field vane test, 

and standard penetration test) that have  been carried out along the project route in 

general and site specific ;  

 established correlations and empirical approaches used in routine design, with emphasis 

on local and regional experiences. 

 

3) Carry out a comprehensive study of diaphragm wall horizontal deflections of Section E-E 

of TKT Station using inclinometer data collected during the station excavation. The 

measured horizontal deflections were to be compared with the predicted values calculated 

from numerical analyses using PLAXIS software. Both the results of basic model (Mohr-

Coulomb Model) and advanced model (Hardening Soil Model) were used.  
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4) Carry out back analysis to find the values of stiffness parameters that produced the best-fit 

between observed and calculated horizontal wall deflections to rationalize choice of 

constitutive soil models.  

1.3 Lay-out of This Thesis 

This thesis contains seven chapters.  

Chapter 1 describes the background, objectives and scope of the work. 

Chapter 2 presents a literature review of design and construction of deep excavations, the 

associated geotechnical problems and field observations. These include an overview of the 

design using conventional empirical methods, numerical studies, constitutive modelling, 

ground improvements, construction and instrumentation monitoring and factors that influence 

the performance of deep excavation. 

Chapter 3 presents the back ground information of the Singapore MRT Circle Line Stage 2 and 

a comprehensive   review of generalised geology and geotechnical profiles along the route. The 

derivation of original geotechnical design parameters as given in the final geotechnical 

investigation report (GIR 2002) will also be discussed and presented. 

Chapter 4 presents TKT Station design history, design approach, instrumentation and 

construction histories. Site specific geology and geotechnical properties of the soils are 

presented. Established empirical correlations based on local and regional experiences and from 

back analysis of constructed projects are reviewed. The main focus of this chapter is on 

interpretations and derivations of geotechnical parameters from in-situ and laboratory test and   

semi-empirical approaches for constitutive soil modelling input. 

Chapter 5 presents the design and back-analysis of the deep excavation of TKT Station. The 

results of the original design using the Mohr-Coulomb model and the new assessment carried 
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out   using the Hardening Soil model   will be used to compare with field observed performances. 

Performance of each model will be examined. Back analysis to find the values of stiffness 

parameters that produced the best-fit between observed and calculated displacements and other 

performance data to rationalize choice of constitutive soil models will be included in this 

chapter.  

Chapter 6 presents the analytical and back analysis results and discussions. 

Chapter 7. Lastly, conclusions and recommendations of the study are presented in this 

chapter 
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2 CHAPTER 2: LITERATURE REVIEW 

2.1 Introduction 

Due to space limitations, underground construction in urban areas has become a common 

practice worldwide. Many deep excavation works have been carried out to construct various 

types of underground infrastructure such as deep basements, subways, underground roads and 

service tunnels. The execution of these deep excavation works requires the use of an 

appropriate retention system. Retaining wall and bracing systems are commonly used. 

However, inadequate retention systems are always a major concern, as any excessive ground 

movements induced by excavation could cause damage to neighbouring structures, surface and 

underground utilities, resulting in delays, disputes, litigations and cost overrun. In general, the 

main factor which contributes to ground surface settlement is retaining wall deflection. Larger 

wall deflection will induce larger ground surface settlement. Other factors which contribute to 

ground surface settlement include excavation base movement, ground disturbance due to 

construction of retaining wall and time dependence consolidation of the soils due to dewatering, 

excavation induced stress release and soft soil creeps. Therefore, ensuring base stability and 

accurate predictions of   retaining wall deflection and the resulting   ground surface settlement   

are important design criteria in the analysis and design of excavation support systems. 

Traditionally deep excavation analysis makes use of conventional soil mechanics and simple 

structural mechanics along with appropriate modifications according to field observed 

behaviours. Empirical data are normally used by designers to estimate excavation induced 

ground movements. Such approaches have been successful in the past, especially for shallow 

excavation at only a few meters. However, for deep excavation in excess of ten to thirty meters 

or in more congested urban areas, such an approach has become inadequate to address stringent 

ground movement control requirements. In spite of its limitation, a conventional design 

approach represents accumulation of past proven successful experience. Previous observations 

can be used with numerical analysis to gain some confidence in the prediction of retaining 
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structures deformations and ground movements especially for a new design or when  new 

technology being used. A simple analysis using a conventional approach allows for a quick 

check to show what is important and what needs to be paid particular attention to and what 

should be carefully evaluated in the finite element analyses. 

With the advent of digital computing and advances made in terms of analytical and numerical 

techniques and availability of very powerful cheap hardware, user friendly software modules 

and improved constitutive models of soil behaviours, the use of numerical analysis has 

increased exponentially, with its status changing from luxury to necessary. Where in the past 

the use of numerical analysis software was the explicit domain of geotechnical experts, it is 

now accessible and useable by all types of engineers who do not necessarily understand soil 

mechanics, and who may lack experience and engineering judgement and the vital skills in soil 

mechanics essential to perform geotechnical tasks. Thus, this ‘easy-to-use’ software is 

considered as a danger by many geotechnical experts. 

Deep excavation analysis is a typical soil-structure interaction problem. Conventional 

empirical approaches or the simple subgrade reaction model are unable to capture the complex 

interaction between soil, structures and the construction sequences and its influence on soil 

behaviour. However, it must be kept in mind that numerical methods are an approximation of 

solving differential equations, such that they cannot produce an exact solution to complex 

boundary value problems. However, if appropriate soil parameters and proper modelling 

techniques are used, the numerical models represent the most advanced tool for solving 

complex boundary value problems like deep excavation in soft ground 

Soil is a complex material. Its behaviour is affected by water contents, and shows nonlinear, 

inelastic, often anisotropic and time-dependent behaviour when subject to stresses and stress 

changes. Even though many different aspects of soil can be incorporated into numerical models, 

many of these models are usually complex and the parameters do not have a clear physical 

meaning. Some of the models require large amount of computational resources and many input 

parameters, of which many required special testing equipment and skill to derive.  
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To perform useful numerical analysis,  an engineer requires specialist knowledge of a range of 

subjects including sound understanding of soil mechanics, structural engineering and the theory 

behind a numerical method, an in-depth understanding and appreciation of the limitations  of 

the various constitutive models and to be fully conversant with the manner in which the 

software works (Potts et al. 2002). 

Most of the software can reasonably simulate   soil behaviours by incorporating different 

constitutive soil models. The selection of the appropriate software depends on the significance 

and scale of the problem, the method of analysis, the nature of the problem and the availability 

of software. In normal design, plane strain and axis-symmetrical modelling are considered to 

be sufficient and accurate enough for most   geotechnical problems.  

Currently, there are several advanced computer software can be used to model geotechnical 

problems, for example, PLAXIS, ABAQUS, CRISP and FLAC, which typically represent 

Finite Element Method. The underlying basic theory of these commercially available codes is 

the same. The major difference is the formulations - implementation of soil constitutive models 

and structure elements, handling of ground water, convergent criteria, and accuracy and so on. 

It is therefore necessary to understand these code specific features when embarking on a 

complex numerical analysis. 

PLAXIS and FLAC are most commonly used in geotechnical practice and research (Finno 

2009). PLAXIS (Classic 2012) has been chosen for this research study simply because 

excavation design is one of the intended applications. It is also readily available, has user 

friendly interface and is popularly used by practising engineers. Thus over the years, a wealth 

of knowledge and experience available for reference has been accumulated regarding its usage. 

The formulation, soil constitutive modelling, handling of pore pressure, modelling of structures, 

interface elements and limitations of the models selected for this study are thoroughly review. 

A complete deep excavation design comprises a retaining wall system, a strutting system, 

excavation procedures and a monitoring system. Temporary or permanent diaphragm walls are 

the most commonly used as a retaining wall for building underground Mass Rapid Transit 

(MRT) stations in this region. A temporary diaphragm wall is supplemented with an internal 
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wall to form the station wall while a permanent diaphragm wall forms the station wall. For 

shallow entrance excavation, sheet pile walls are commonly used. The wall is either internally 

braced or anchored with tiebacks or both. Structural design focuses on ensuring that the support 

system can withstand the projected loads such as earth pressures induced loading and unloading, 

water pressure and surcharge loads. It must also be able to limit ground movements within 

specified allowable limits. The wall must be water tight, have sufficient strength to resist shear 

and moment induced by projected loads; sufficient stiffness to limit deformation; sufficient 

embedded depth to ensure basal stability and control under-seepage into the excavation area. 

Depending on the ground conditions, ground improvement and dewatering system may be 

needed. An assessment of ground movement associated adjacent building structure damage 

may also be needed. 

The first part of this review is on conventional empirical approaches of deep excavation design. 

It covers retaining wall stability, ground movement prediction and earth pressure estimation. 

The second part covers the numerical study of various factors that affect performance of the 

excavations. This is then followed by review of soil constitutive modelling and parametric 

study. The review will be limited to the three models that have been incorporated into the 

software PLAXIS. These three models are: Mohr-Coulomb (MC) Model, Hardening Soil (HS) 

Model and Hardening Soil Model with Small Strain Stiffness (HSsmall). The MC model is 

commonly used in practice; the HS model is an improvement of MC model and the HSsmall 

is an extension of HS model which requires further refinement of input soil stiffness parameters. 

2.2 Empirical Approach 

Peck’s 1969 State of the Art Report for the Seventh International Conference on Soil Mechanics 

and Foundation Engineering provides one of the earliest reviews on deep excavation in soil 

and a framework for understanding the factors that control the performance of a deep 

excavation support system. A few others have followed: Lambe (1970), Goldberg et al (1976), 

O’Rourke (1981), Clough and O’Rourke (1990). From Peck’s landmark paper to Clough and 

O’Rourke, technologies in deep excavation have significantly progressed owing to the quality 
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of construction that can be achieved, the amount of field performance data available, and the 

sophistication of analysis that can be performed. Due to these advancements, previous work 

has been refined. 

Generally the design of a deep excavation support system must ensure that the excavation is 

stable against bottom heave in clay and piping in sand, there is no failure of the supporting 

system, both the lateral support provided by the bracing system and the retaining wall itself, 

and that the limit wall and adjacent ground movement is to acceptable limits. In the empirical 

approach, stability is normally assessed using limit equilibrium methods and deformation is 

entirely rely on empirical co-relationships. This section will provide a brief review of common 

empirical/semi-empirical approaches used in design of deep excavations. 

2.2.1 Basal Stability Calculation 

Limit equilibrium methods are commonly used to assess basal stability of deep excavations.   

The failure mechanism, proposed by Terzaghi (1943), is given in Figure 2-1. This method is 

identical to bearing capacity failure mechanism.  Bjerrum and Eide (1956) pointed out that 

Terzaghi’s method is reliable for homogeneous soil with excavation depth B ≥ H, and is 

unreliable for narrow (B < H) excavation or presence of stiff desiccated crust on the surface. 

Bjerrum and Eide  used inverted bearing capacity concept, where by the unloading behaviour 

caused by excavation is analogous to building  foundation being subjected to upward loading, 

by using the bearing capacity equation for deep foundation, so that then ultimate unloading 

pressure can be obtained. Bjerrum and Eides’ method considered the effects of excavation 

shape, width and depth and is therefore applicable to various shapes and depths (deep and 

shallow) of excavation. NAVFAC DM7-2 (1982) based on Reddy and Srinivasan’s (1967) 

study modified Bjerrum and Eides’ method and applied it to two layer soils. See Figure 2-2. 
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Figure 2-1 : Basal Stability, Terzaghi's Method (Ou 2006) 

 

Figure 2-2: Extended Bjerrum & Eides' Method (NAVFAC DM7-2 1982) 

Mana and Clough (1981) reported cases where the factor of safety calculated using Terzaghi’s 

method, even though this was less than unity, did not result in the excavations failing. This 

study concluded that Terzaghi’s method may be conservative in certain situations. Hashash and 

Whittle (1996) summarized a number of alternative methods to determine the factor of safety 

against basal heave. They concluded that the penetration depth of the support wall has a 

significant influence on the overall stability of the excavation and that failure of the soil is 

constrained by the presence of the wall (unless structural failure of the wall occurs). 



12 

 

Wong and Goh (2002) extended Terzaghi’s method to include the effect of rigid wall 

penetration below the base of excavation as shown in Figure 2-3.  They demonstrated that the 

factor of safety obtained by this method is in close agreement with two examples computed 

using finite element method. 

 

Figure 2-3 Modified Terzaghi's Method (Wong and Goh 2002) 

Ou (2006) commented that basal heave calculation proposed by Terzaghi has nothing to do 

with the existence of the retaining wall. However, the presence of a rigid retaining wall should 

improve the factor of safety, (i.e., the actual factor of safety with the presence of the rigid 

retaining wall should be higher than the one calculated using Terzaghi’s formula). He further 

commented that Terzaghi’s method may not yield reasonable results because the assumptions 

made in the method, such that the failure surface extends up to ground surface and the shear 

strength is fully mobilised along the failure surface, are not necessarily true for deep 

excavations. Bjerrum and Eides’ method, however, considered the effects of excavation shape, 

width and depth, and is therefore applicable to various shapes and depths (deep and shallow) 

of excavation. In terms of calculation of factor of safety against basal heave, Bjerrum and Eides’ 

method, therefore, is comparatively better than Terzaghi’s method. 

An alternative to Terzaghi’s method is the slip circle method. Assuming the basal heave is 

basically a circular arc, and computes the ratio of resistant moments to the driving moment for 

the trial circular arc failure surface. The smallest computed factor of safety is then the factor of 

safety against basal heave. The centre of the of the slip circle method that is set at the lowest 
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level of strut is found to have smaller factor of safety and is closed to the critical circle (Liu 

et.al. 1997), as illustrated in Figure 2-4. This method only considers the shear resistance along 

the circular arc and ignores those on the vertical failure plan.   Note that the original source of 

this method is untraceable. However, this method has been adopted by TGS (2001) and JSA 

(1988) in their building codes.   

 

          Figure 2-4: Basal Heave Analysis by Slip Circle Method (Ou 2006) 

In the case where there is an impermeable layer underling an impermeable layer, the possible 

upheaving of the impermeable layer by the water pressure below must be checked, (see Figure 

2-5). In case a sandy layer exists at the base of excavation, and if excavation is carried below 

the ground water level, the seepage flow must be kept such that the hydraulic gradient is well 

below its critical value. Otherwise, the effective pressure will become zero once the critical 

hydraulic gradient is reached and a phenomenon known as boiling or “quick” condition will 

occur and may lead to catastrophic failure. See for example, Chou and Ou (1999). 

 

Figure 2-5: Analysis of Upheaval (TGS 2001) 
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2.2.2 Lateral Equilibrium. 

The horizontal equilibrium of forces below the lowest strut needs to be checked for possible 

push-in failure (TGS 2001). In regards to the short time frame during excavation, undrained 

shearing behaviour is used to model the clayey soil to check the lateral translation of the 

retaining wall. The wall is assumed to be a rigid body and Rankine earth pressure theory is 

applied. 

 

Figure 2-6: Analysis of Push-In Failure (TGS 2001) 

 

2.2.3 Predicting Wall Deflection, Ground Settlement and Apparent Earth 

Pressure. 

The magnitude and distribution of the ground surface settlement  induced by deep excavations 

are related to many factors:  soil and groundwater condition, excavation geometry, excavation 

sequences, duration of excavation, method of retaining wall construction ,  quality of 

workmanship, surcharge condition, existence of adjacent buildings, penetration depth, wall 

stiffness, type and installation of lateral support, spacing and stiffness of struts etc. All these 

influential factors cannot be included in any of the methods derived purely from a theoretical 

basis. Several empirical methods to predict ground surface settlement have been developed in 

the past based on field observations and local experiences. Several commonly used empirical 

methods in engineering practice are presented as follows: 
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2.2.3.1 Peck 1969 

Peck (1969) compiled ground surface settlement data measured adjacent to temporary braced 

sheet pile and soldier pile wall with struts or tieback support, and summarized the data 

normalized by the excavation depth as shown in Figure 2-7. The figure defines three zones, 

each representing certain ground conditions. The data suggest that excavations within a thick 

layer of soft to medium clay can generate large settlements, often greater than 2% of the 

excavation depth adjacent to the support wall, and extend laterally up to four times the 

excavated depth from the wall. The case histories used in the development of the figure are 

prior to 1969 and the excavations are supported by sheet piles or soldier piles with lagging. 

With the use of a much stiffer diaphragm wall, the maximum settlements are expected to be 

generally smaller than those defined in the figure.    

 

Figure 2-7: Summary of settlements adjacent to open cuts in various soils, as function of 
distance from edge of excavation (Peck 1969) 
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2.2.3.2 Goldberg et al. (1976) 

Goldberg et al. (1976) published a report with three volumes on design recommendations, 

design considerations, and construction techniques for lateral support systems. This report is a 

comprehensive source of information on the state of practice in 1976. The writer estimates 

maximum horizontal wall movement, maximum ground settlements, and the shape of the 

settlement profile of the ground surface adjacent to excavations through the measurements and 

performance of 63 case histories. 

In the report, Goldberg et al. suggested quantifying the stiffness of the support system by 

dividing the bending stiffness of the wall by the maximum support spacing (h) raised to the 

fourth power (EI/h4) 

2.2.3.3  Clough and O’Rourke (1990)   

  Clough and O’Rourke (1990) presented a semi-empirical method for estimating excavation 

deformations in soft clays. Figure 2-8 illustrates the general pattern of ground movements 

related to wall deformations as observed in typical excavations. 

 

Figure 2-8: Typical Profile of Movements (Clough and O'Rourke 1990) 

The maximum lateral deformation caused by the excavation depends on the system stiffness 

and the factor of safety against basal heave. The overall stiffness of the support system is 

typically expressed in terms of an effective stiffness of the system and is defined in Figure 2-

9. Clough and O’Rourke noted that when factor of safety against basal heave is less than 1.5, 

the system stiffness can significantly influence the soil movements. Figure 2-9 shows 
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allowance of the estimation of maximum lateral deformation as a percentage of the depth of 

the excavation, once the system stiffness has been selected and the factor of safety against basal 

heave has been estimated.  

 

Figure 2-9: Relationships between Maximum Lateral Wall Movements and Ground 
Surface Settlements for different Stiffness Supporting Systems in Clay and Factor of 

Safety Against Basal Heave (Clough and O’Rourke, 1990) 

Figure 2-10 proposed by Clough and O’Rourke (1990) shows maximum lateral wall deflection 

and surface settlements respectively as a function of excavation depth. These figures are 

commonly used as design tools to estimate maximum wall and soil movements.   

 

Figure 2-10 : Observed Maximum Wall Movements and Ground Settlements Verses 
Excavation Depth for Various In-situ Walls (Clough and O’Rourke, 1990) 

Clough and O’Rourke (1990) also presented dimensionless settlement profiles in Figure 2-11 

as a basis for estimating settlement patterns adjacent to excavations. Separate profiles were 
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developed for sands, stiff to very hard clays and soft to medium clays. With knowledge of the 

maximum settlement, the dimensionless diagrams in Figure 2-11 can be used to obtain an 

estimate of the actual surface settlement profile. The figure shows that the settlement influence 

zone extends a distance of about three times the depth of the excavation (3H) for excavations 

in stiff to very hard clays and 2H for excavations in sands and soft to medium clays. 

 

Figure 2-11: Ground Surface Settlement Estimation (Clough and O'Rourke 1990) 

 

2.2.3.4 Ou et al. (1993, 1998, 2005) and Ou and Hsieh (2000) Observations on the Shapes 

of Ground Surface Settlement 

Ou et al. (1993) compiled 10 case histories from Taipei and those by Mana and Clough, (1981) 

from Chicago, San Francisco and Oslo to establish the correlation between normalised 

maximum horizontal wall deflection and ground surface settlement. The results are given in 

Figure 2-12.  In general the maximum ground surface movement is around 50% and 75% of 

maximum horizontal wall deflection. For most cases, the lower bound is for sandy soils and 

upper bound is for clays. In between is alternating sandy and clayey soils. For very soft soils, 

the ratio could exceed unity. 
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Figure 2-12: Normalised Maximum Wall Horizontal Deflection Verses Maximum 
Ground Surface Settlement (Ou et al. 1993) 

Hsieh and Ou, (1998) found that the shape of ground surface settlement induced by deep 

excavation can be categorized into the spandrel type and the concave type. These two types are 

closely related to wall deflection shape as shown in Fig 2-13. The spandrel surface settlement 

profile is likely to occur with the cantilever pattern of wall movements, while the concave 

surface settlement profile is likely to occur with a deep inward movement pattern. 

 

Figure 2-13: Type of Ground Surface Settlement (Hsieh and Ou 1998). 

Ou and Hsieh (2000) and Ou et al (2005) developed a simplified method to predict ground 

surface settlement as shown in Fig 2.14. The method takes into account the influence zone, the 

location and magnitude of maximum settlement. The shape of settlement trough is divided into 

Primary Influence Zone (PIZ) and Secondary Influence zone (SIZ), and both are the distance 

away from the wall. Using three case histories in Taipei, Ou (2006) found that this method 
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provided comparatively better ground surface settlement predictions than those proposed by 

Peck (1969) and Clough and O’Rourke (1990). 

 

Figure 2-14: Method for Estimating Ground Surface Settlement (Ou and Hsieh 2000; 
Ou et al. 2005) 

In the case of a prolonged waiting period (30-60 days), Ou et al. (1998) studied the top-down 

construction case history of TNEC in Taipei. They observed that there was a significant 

increase in wall and ground surface movement (see Figure: 2-15). This may attribute to 

dissipation of pore water pressure or soil creep. The accumulated total wall deflection during 

the waiting period added up to 30 to 35% of total lateral deflection. 

 

Figure 2-15: Time dependent Lateral Wall Deflection and Ground Surface Settlement 
(Ou et al. 1998) 
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2.2.3.5 Earth Pressure 

Design of a retaining wall requires estimation of strut loads and sizing of retaining structures 

from the inception of the project. Because of their simplicity, apparent earth pressure diagrams 

are commonly used to estimate strut loads and initial sizing of retaining structures, and are 

generally conservative with respect to overall shoring stability. The most widely used apparent 

earth pressure diagrams are those proposed by Peck (1969) as compare to those by, for example, 

Tschebotarioff (1951), Schnabel (1982) and Sabatini et al. (1999). Peck’s diagrams are based 

on field measurement of strut loads on various soils supported by sheet piles and solider piles. 

For excavation using stiff diaphragm wall in soft soils, the above apparent earth pressure 

diagrams may not be appropriate. Higher apparent earth pressures could be expected; see for 

example, Goldberg et al. (1976) and Hashash and Whittle (2002). Despite its limitations, 

apparent earth pressure diagrams are useful for preliminary bracing loads estimation, for sizing 

of struts or anchors and retaining structures.  

 

Figure 2-16: Apparent Earth Pressure Diaphragms (Peck 1969) 

2.3 Numerical Methods 

The application of Finite Element Method (FEM) in deep excavation is used for structural 

member design, for ground deformation prediction, wall performance, undertaking parametric 

studies and for back-analyse past case-histories. Many researchers have used FEM to study 

various factors that control the performance of deep excavations. Many factors affect 
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deformation associated with deep excavations. These include soil stratigraphy, soil properties, 

support system details, construction activities and workmanship.  These factors will be 

discussed in the following sections. 

2.3.1 Numerical Study: Factors Affecting the Performance of Excavations. 

The section review the factors that affecting the performance of excavations. 

2.3.1.1  Safety factors of stability 

The deformation of a retaining wall is closely related to the factor of safety of stability. Case 

histories compiled by Clough and O’Rourke (1990)   are shown in Fig 2.9 as given in previous 

section. The lower the safety factor for stability, the larger the deformation is produced. 

2.3.1.2 Effect of wall stiffness 

According to Clough and Tsui (1974), Burland et al. (1979), Mana (1978), and Hsieh (1999), 

a change of the stiffness of the wall within practical limits for a given soil has negligible effect 

on the ground movements. Clough and Tsui (1974) showed that an increase in wall stiffness 

by a factor of 32 had resulted in the corresponding reduction of the movements by a factor of 

2 only. However increase in the rigidity of the wall results in an increase in the bending moment 

and support loads. Potts and Bond (1994), however, commented that the effect of wall stiffness 

is rather a function of the initial stress condition. It is higher for soils with K0 = 2 than for soils 

with K0 = 0.5. For instance with K0 = 0.5, the effect is very small on bending moment and 

almost negligible on support load. 

2.3.1.3   Effect of the lateral support stiffness 

Stiffer lateral support systems tend to reduce the deflection of the wall at the support levels and 

increases strut loads and bending moment accordingly (Burland et al. 1979; Clough & 

O’Rourke 1990; Clough & Tsui 1974; Mana 1978). However, surface settlement is inevitable. 

This is because deformations which occur below the excavation are not affected much by the 

rigidity of the support.   
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2.3.1.4 Effect of horizontal support spacing 

The effect of horizontal spacing of support is usually included in the stiffness of the support 

(per meter run). The effect of lateral support stiffness has been explained in Section 2.3.1.3 

above. 

2.3.1.5   Effect of the vertical support spacing and distance to the bottom of the excavation 

Ou (2006) points out that most horizontal movement occurs at the embedded portion of the 

walls between the completion of excavation and the installation of the supports at each level. 

In order to reduce the magnitude of the load acting on the unsupported portion of the wall, it is 

necessary to reduce the distance between the supports to be installed and the bottom of the 

excavation for each level. By doing so, the stiffness of the system is also improved. 

2.3.1.6   Effect of pre-stressing supports 

Pre-stressing of the struts has the benefit of tightening the supporting system and reducing the 

ground movements. The pre-stress loads should be limited by the yield properties of the soft 

clay soil (McRostii et al., 1972). A large amount of pre-stress may not provide additional 

benefits (; Clough & Tsui 1974; Mana 1978; Palmer & Kenny 1972). This is because a great 

deal of the wall deflection occurs well below the excavation level before the installation and 

prestressing of the supporting system. 

2.3.1.7   Effect of depth of excavation 

It is evident that the surface settlement, wall deflection and bending moment increase with the 

depth of excavation. All back analysis results and parametric studies confirm this fact See for 

example, Ou et al. (1993).  

2.3.1.8   Effect of depth of penetration of the wall 

If the depth of penetration is determined on the basis of the stability of the excavation, further 

increases of the penetration depth, will have a minimum influence on the performance of the 
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excavation in term of wall deformation (Zeng et al. 1986).   As long as the wall is at a stable 

stage, increase of penetration depth will not affect the deformation of the wall (Ou 2006). 

2.3.1.9   Effect of berms as temporary support 

Peck (1969) suggested that the berm size should be as large as possible in order to limit wall 

and soil movements. This was confirmed by Potts et al. (1993).  An efficiency of up to 65% 

can be achieved with berm volume equal to 30% of the total excavation volume. Clough and 

Denby (1977) showed that the effect of a berm is also influenced by wall stiffness, excavation 

depth, wall end conditions, and soil shear strength. They reported that at low stability numbers, 

increases in berm size produce minimal movement reduction, whereas at high stability numbers, 

increasing the berm size leads to a large reduction in settlements. However, at high stability 

numbers, even with large berms, large movements may occur because deep seated movements 

may take place beneath the berm. As a result, the effectiveness of the berm is diminished. 

2.3.1.10   Effect of soil strength and stiffness 

All back analysis results and parametric studies reported in the literature show that primarily 

the stiffness of the soil and then the shear strength of the soil have the greatest influence on the 

performance of an excavation. 

2.3.1.11   Effect of in-situ stress (K0) 

Potts and Fourie (1985) and Potts and Bond (1994), in parametric studies and in combination 

with the limit state method,  showed that wall deflection, bending moment of the wall and 

support load increase as the value of K0 increases . Freiseder (1998) also indicated that the 

horizontal wall deflection at the top of a diaphragm wall increases linearly with the increase of 

K0, whereas the deflection of the wall is almost independent of the value of K0. Further, he 

showed that the effect of K0 is more pronounced on the bending moment of the wall, support 

load and earth pressure. These values increase greatly as K0 increases from 0.3 to 1.0. Gunn 

and Clayton (1992) showed that the effect of the installation of a diaphragm or bored pile wall 

on the ground movement before soil excavation is that there is a change of the in-situ stresses 

surrounding the trench or the drill hole.  
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2.3.1.12   Effect of soil-structure interaction 

Freiseder (1998) showed that the variation of the interface reduction factor has insignificant 

influence on earth pressure and horizontal wall deflection at the wall toe, whereas it has slight 

influence on the bending moment of the wall and considerable effect on the horizontal wall 

deflection and vertical displacement of the top of the wall. 

2.3.1.13   Effect of width of excavation 

Mana (1978) showed that the wider the excavation, the larger the magnitude of ground 

movements are and the size of the yield zones as expected. Clough and O’Rourke (1990) found 

that the wider the excavation, the larger the deformation of the retaining wall due to larger the 

unbalanced forces. Moreover, the factor of safety against basal stability decreases with 

increases in excavation width for soft clay .See for example, Bjerrum and Eide (1956).   

Kempfert and Gebreselassie (2006) concluded the wall deflection increases with the increase 

of the width of excavation. The main factor that influences the heave at the bottom of the 

excavation and settlement at the surface is the height of the model rather than the width of the 

model. Another general observation is that with the deflection of the wall, the heave at the 

excavation bottom increases with increases in width of excavation, whereas the settlement at 

the surface tends to decrease with increasing width of excavation. Ou (2006) stated that the 

surface settlement influence zone is affected by width of excavation. The wider the width, the 

longer the influence zone 

2.3.1.14   Effect of depth to firm layer 

The influence of depth to firm layer is seen to be very important in terms of magnitude and 

distribution of strut loads (Mana 1978). This is in agreement based on the postulate of Bjerrum 

and Eide (1956) where they state that the increase in earth pressures behind the exposed part 

of the wall and the resulting large strut load are mostly a function of the soil deformations 

taking place below the bottom of excavation. Basal stability is a function of the depth to stiff 

soils below (Bjerrum and Eide 1956; NAVFAC DM 7-2 1982). Ou (2006) stated that the length 

of influence zone is affected by the depth to the firm layer below the excavation surface. 
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2.3.1.15   Effect of wall installation 

Wall installation will change the ground stress conditions and movements may be developed 

as a result of wall installation. O’Rourke and Clough (1990) presented data to show that 

settlements which arose from installation of five diaphragm walls were up to 0.12% of the 

depth of trench. Poh and Wong (1998) reported that the maximum settlements induced by 

single   panel excavation in sand-clay alternated layer and Singapore marine clay were 10-15 

mm and 24 mm respectively. Ou and Yang (2000) studied the monitoring results of Taipei 

Rapid Transit System and concluded that the maximum settlement caused by single trench 

panel excavation was about 0.05% of trench depth, and for multiple panels, up to 0.07% trench 

depth. Upon completion of the panels, the maximum settlement could be as much as 0.13% 

trench depth. Most of the settlements occurred within 0.3 time trench depth and spread to 1.0 

trench depth (Figure 2-17). Chen et al. (2012) studied diaphragm wall movement due to soft 

soil creep using data retrieved from a soft clay excavation site in Taipei City. This finite 

element parametric study indicated that the total creep ratios of the diaphragm walls were 

between 28% and 48%. (Figure 2-18). 

 

Figure 2-17: Envelop of Ground Surface Settlement Inducement by the Diaphragm 
Wall Construction (Ou and Yang 2000) 
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Figure 2-18: Accumulated Creep Ratio for All Excavation Stages (Chen et al. 2012) 

2.4 Constitutive Models of Soil Behaviours 

Soil is a multi-phase material. Natural soils are anisotropic. Its responses to loading are non-

linear, path-dependent, influenced by its stress history, and exhibit time-dependent behaviour. 

Deformations include irrecoverable plastic strains and may dilate or compact. Ideally a perfect 

soil model would be able to predict these soil behaviours under all types of loading conditions.  

In recent years, numerical methods have become popular in the analysis of geotechnical 

problems. This is mainly due to the availability of inexpensive computer hardware and 

improved software capability to carry out complex numerical analyses. The continuous 

achievements being made in the development of the constitutive soil models are another 

contributing factor to this. There are many constitutive models available for simulating soil 

behaviour. Some of these models have been developed for specific types of soils or for research 

purposes, while others can be used for both cohesive and non-cohesive soils and for practically 

oriented purposes. The practical oriented constitutive models can generally be grouped into the 

following categories (Chanaton 2010; Potts et al. 2002; Schweiger et al. 2008). 

1. Linear and non-linear elastic model  
2. Linear elastic-perfectly plastic model 
3. Elasto-plastic model 
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4. Elastic-plastic model with kinetic hardening 

The first category, the isotropic elasticity model is based on Hooke’s law. The material is 

characterised by a stiffness parameter and the Poisson's ratio or preferably, for soil skeletons, 

the bulk modulus and the shear modulus. Because of its simplicity, this method has been widely 

applied in conventional soil mechanics where the boundary value problem has to be solved 

analytically. It was used as a soil model in the early years of the finite element method. 

However, the elastic model does not reproduce any of the important features of real soil 

behaviours and thus is not suitable to model soil. However, it may be used to model stiff volume 

in the soil such as for a concrete diaphragm wall or bored piles. The non-linear elastic model 

is a substantial improvement over the linear model as the non-linear relationship of the shear 

stress and shear strain can be captured. A widely used model of this type is the hyperbolic one 

(Kondner & Zelasko 1963), in which the shear modulus decreases from an initial value to a 

zero value at failure (see Figure 2-19a). Such a shear response corresponds well to the shear 

curve obtained for normally consolidated clays and loose sands. 

This method was implemented into a finite element code for the first time by Duncan and 

Chang (1970). Duncan and Chang combined Kondner’s idea to approximate the drained triaxial 

compression test stress-strain curve by a hyperbolic method and Ohde’s formulation of soil 

stiffness as a stress-dependence parameter using a power law (Ohde 1939) 

The hyperbolic model requires two parameters (Figure 2-19b) which can be determined from 

experimental results. 
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Figure 2-19: Hyperbolic Model 

Non-linear–elastic models can simulate well monotonic curves of experimentally measured 

stress–strain relations for specific loading paths (triaxial and oedometric). However, their 

extrapolation beyond the calibration curves is practically impossible. These models are mostly 

focused on a single feature of the soil behaviour (stress–strain curve) and do not take into 

account other important aspects (e.g. stress paths dependence, or volume change during shear). 

They also share many of the disadvantages of linear elastic models (e.g. no hysteretic behaviour 

during cyclic loading) and, in contrast to linear elastic models, they lack a sound theoretical 

background. 

The second category, the elastic-perfectly plastic (Mohr-Coulomb) model, is relatively simple, 

and is considered the most widely used model among practising engineers. This model is a 

combination of Hooke’s Law and the generalised form of Coulomb’s failure criteria. The 

elastic-perfectly plastic model seems to be sufficient for some areas of geotechnical problems, 

especially when being used by experienced engineers. For example, the deformation of the 

diaphragm wall induced by excavation can actually be predicted when used in conjunction with 

a total stress analysis and a back analysed stiffness parameter (Lim et al. 2010; Phienwej 2009). 

However, care must be taken because the stress path predicted by this model, especially for 

soft clay, can be misleading and results in an over-prediction of soil strength in the case of soft 

clays. 

The third category, the elasto-plastic model, includes the isotropic hardening single surface 

plasticity model category and the isotropic hardening double surface plasticity model. The 
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isotropic hardening single surface plasticity model is the first step to modelling real soil 

behaviour. The principal soil model of this category is the Modified Cam-Clay (MCC) model 

(Roscoe & Burland 1968). The MCC model introduced an elliptic yield surface which separates 

the elastic behaviour from the plastic behaviour. The application of this mode has been widely 

accepted, especially for cases of embankments on soft clay modelling. Where there is an 

unloading problem, such as an excavation, the soil stress path remains generally inside the yield 

surface. Thus, the predicted deformations in excavation are governed by the elastic behaviour. 

In relation to the isotropic hardening double surface plasticity model, the predominant model 

in this category is the Hardening Soil model (Schanz et al. 1999), which was developed from 

the double hardening model, introduced by Vermeer (1978). This type of model gives more 

realistic displacement patterns for the working load conditions, especially in the case of an 

excavation. An extension of the Hardening Soil (HS) model to incorporate the small strain 

behaviour of soils, is also available in the Hardening Soil model with Small Strain Stiffness: 

(HSsmall) model (Benz 2006). 

The fourth category is the kinematic hardening multi-surface plasticity models. These models 

are generally able to capture more complex soil behaviour, including softening, small strain, 

anisotropy, and structured soils. Examples of soil models in this category are the Kinematic 

Hardening model or Bubble model (Al Tabbaa & Wood 1989; Wood 1995), and the Three-

Surface Kinematic Hardening (3-SKH) model (Atkinson & Stallebrass 1991). Such models 

have been developed from the Cam-Clay model and, therefore, share the basic assumptions of 

linear behaviour within the elastic (recoverable) state, while the associated flow rule at the 

yield surface is applied. Other more complex soil models, such as the MIT-E3 Model (Whittle 

& Kavvadas 1994), use different assumptions, for example, non-linear behaviour in 

recoverable state and non-associated flow rule. These models require large numbers of 

complicated input parameters which are not easily obtained from conventional soil tests. For 

example, the MIT-E3 model simulates important features of soil behaviour including 

anisotropic stress–strain–strength relationship, small strain nonlinearity, and hysteretic 

response upon load reversal. The most general form of the MIT-E3 model uses 15 input 

parameters that are evaluated, for a given clay, using a strict hierarchy in which some of the 

constants are determined from predefined parametric studies. Not all of these parameters can 
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be determined from conventional laboratory tests.  A recent case history using MIT-E3 for deep 

excavation in Singapore is given by Corral and Whittle (2010).  

Since PLAXIS has been chosen to be used for this study, the review of constitutive soil models 

will be focus on those associated with PLAXIS. Only those related to chosen models will be 

reviewed. Complete coverage and greater details can be found in PLAXIS manuals.  

PLAXIS is a geotechnical soil simulation tool, with soil behaviours qualitatively represented 

by soil models and model parameters used to quantify the soil characteristics. A total of seven 

soil models are available in PLAXIS. They are: the Linear Elastic (LE) model, Mohr-Coulomb 

(MC) model, Hardening Soil (HS) model, Hardening Soil model with Small-Strain Stiffness 

(HSsmall), Soft Soil (SS) model, Soft Soil Creep (SSC) model, Modified Cam-Clay (MCC) 

model and NGI_ADP model. 

The formulations and limitations of the three soil models, MC model, HS model and HSsmall 

model that have been chosen for this study, will be discussed further in the following sections. 

Despite its known limitations (Teo and Wong 2011; Wong 2009), the MC model is still widely 

used in routine excavation design by practicing engineers. It is simple to use and the required 

soil parameters can be obtained from routine in-situ or laboratory tests or empirical correlations. 

In cases where there is a lack of detailed laboratory or field characterisation of the soils and 

thus a simple approach is desirable, this model is also advantageous. The Hardening Soil model 

(HS) is an advanced soil model that is able to generate more realistic soil response in terms of 

non-linearity, stress dependency and inelasticity. However, it suffers the same problems as the 

MC model in using effective stress parameters c' and ϕ' to determine the undrained shear 

strength. The HS model is the most likely to be used to replace the MC model, while HSsmall 

Model is the extension of the HS model. The quick and simple MC model can be used as a first 

approximation, and then followed by the HS model and HSsmall model as an additional 

analysis to provide a ‘second opinion’. The LE model is mainly for modelling of structures 

such as piles, diaphragm walls, and structures. All these models will be used to evaluate their 

performances relative to field measurements of a real problem. 

 The rest of the models are not considered because they are either not better than or not 
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developed  primarily for excavation analysis. The SS model and SSC model are more capable 

of modelling loading behaviour of very soft soils; the MCC model is meant primarily for the 

modelling of near normally consolidated clayey soil and NGI-ADP is not a popular model for 

excavation modelling. Further details of their limitations to simulate excavation works are 

given in the PLAXIS Material Models Manual. 

2.4.1 Mohr Coulomb (MC) Model  

The MC model is an elastic perfectly-plastic model which combines linear isotropic elasticity 
Hooke’s law and the generalised form of Coulomb’s failure criterion.  In the Mohr-Coulomb 
yield surface, the soil is assumed to behave as a linear elastic perfectly plastic material. The 
failure criterion for the model is shown in Figure 2.20 and can be expressed as: 

 ctan'nff    
 

 Eq. 2-1 

Where, f  and nf'  are the shear and the normal effective stresses on the failure plane, 

respectively. ϕ' and c' are the two plastic model parameters friction angle and cohesion from 
Coulomb’s failure criteria, respectively. The Mohr-Coulomb yield function, when formulated 
in term of effective principal stress, is given as: 

Where, '1  and '3  are the major and minor effective principal stresses, respectively. 

 

Figure 2-20: Mohr-Coulomb Failure Criterion 
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The full Mohr-Coulomb yield condition can be defined by six yield functions when formulated 
in terms of principal stresses (Smith and Griffith, 1982). It can be represented by a hexagonal 
cone in the principal stress space as, shown in Figure 2.21. 

 

Figure 2-21: Mohr-Coulomb Yield Surface in Principal Stress Space (c'=0) 

 

In addition to Hooke’s law and Coulomb’s failure criterion, a dilatancy angle ψ is used to model 
a realistic irreversible change in volume due to shearing (non-associated flow rule). 

The MC model requires a total of five parameters (see Table 2.2). The following sections 

summarise the details of these parameters. 

Table 2.1: Mohr Coulomb (MC) Model Input Parameters 

 

a) Young’s Modulus (E) 

Parameter Description Parameter evaluation 
' Internal friction angle Slope of failure line from MC failure criterion 
c' Cohesion y-intercept of failure line from MC failure criterion 
 Dilatancy angle Function of a and v 

E50 Reference secant stiffness 
from drained triaxial test 

y-intercept in  
log(3/pref)-log(E50) space 

 Poisson’s ratio 0.3-0.4 (drained), 0.495 (undrained), 0.15-0.25 
(unloading) 

 Coefficient of earth pressure 
at rest (NC state) 1-sin' (default setting) nc

oK
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The Young’s modulus is a basic stiffness modulus which relates the soil stress and the 

strain. It is defined for uniaxial loading. Generally, the secant modulus at 50% strength, 

denoted as E50, is suitable for soil loading conditions. It is a constant in bi-linear stress-

strain relationships. See Figure 2.22. 

 

Figure 2-22: Definition of E50 

  

The relationship between Young’s modulus (E), shear modulus (G) and bulk modulus 

(K), is given as: 
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Where, Eoed refers to the Young’s modulus in the oedometer test under constrained 

conditions. 

b) Poisson's Ratio (υ) 

The drained Poisson’s ratio of soils in the loading condition ranges in a narrow band 

from 0.3 to 0.4 (Bowles 1988). For unloading, the values are between 0.15 and 0.25. 

For an undrained condition, the undrained Poisson’s ratio is 0.5. However, using the 

exact undrained Poisson’s ratio of 0.5 leads to numerical difficulty, and so u = 0.495 

is suggested. Bishop and Hight (1977) state that one of the fundamental difficulties 

associated with the measurement of Poisson's ratio is the high degree of accuracy with 

which one must make measurements of strain and / or the calibration relationship. In 

this case study, recommendations given in Plaxis Material Model manual are used so 

to be in consistent with the formulation of Plaxis 

c) Cohesion (c') 

The cohesion (c') has the dimension of stress. In the PLAXIS software, even for 

cohesionless materials (c' = 0), it is advised to adopt a small value of cohesion (at least 

c' > 0.2 kN/m2) to avoid computational complications. 

d) Friction Angle (') 

The friction angle (') is obtained from a plot of shear stress versus normal stress, as 

shown in Figure 2.20 (Mohr-Coulomb failure criterion). The unit of friction angle is in 

degrees. 

e) Dilatancy Angle () 
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The dilatancy angle () is specified in degrees. In general, the dilatancy angle for quartz 

sands is in the order ('-30o). For cohesive materials, apart from heavily over-

consolidated layer, clayey soils tend to have a small dilatancy. The value of  = 0 would 

be realistic for use in a general case. 

2.4.2 Hardening Soil (HS) Model   

Hardening Soil Model (Brinkgreve & Vermeer 1997; Schanz & Vermeer 1998) is a true second 

order soil model for soils in general for any type of application. The model involves    shear 

hardening to model the irreversible plastic shear strain in deviatoric loading, and compression 

hardening   to model the irreversible volumetric strain in primary compression in oedometer 

loading and isotropic loading. Failure is defined by means of the Mohr-Coulomb failure 

criterion.  

In the model, the total strains are calculated using power law formulation stress-dependent 

stiffness similar to those used in the Duncan-Chang hyperbolic model.   Different stiffness 

moduli are used in both loading and unloading/reloading. Hardening is assumed to be isotropic, 

depending on the plastic shear and volumetric strains. A non-associated flow rule is adopted 

when related to frictional hardening and an associated flow rule is assumed for the cap 

hardening. 

The HS Model supersedes the hyperbolic model by using theory of plasticity instead of theory 

of elasticity, by including soil dilatancy and introducing a yield cap due to compression 

hardening. 

Schanz et al. (1999) explained in detail, the formulation and verification of the HS Model. The 

essential backgrounds of the model are summarised in this section. A total of ten input 

parameters are required in the HS Model, as tabulated in Table 2.2. 

Unlike the MC Model, the stress-strain relationship due to the primary loading is approximated 

by a hyperbolic curve in the HS Model. The hyperbolic function, as given by Kondner & 

Zelasko (1963), for the drained triaxial test can be formulated as: 
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where 1 is the axial strain, and q is the deviatoric stress. 

Table 2.2: Hardening Soil (HS) Model Input Parameters 

 

The ultimate deviatoric stress (qf) is defined as: 

and the quantity (qa) is: 

 ,
2 50

1 qq
q

E
q

a

a


 for q < qf Eq. 2-8 

Parameter Description Parameter evaluation 
' Internal friction angle Slope of failure line from MC 

failure criterion 
c' Cohesion y-intercept of failure line from MC 

failure criterion 
Rf Failure ratio (1-3)f  / (1-3)ult 

 Dilatancy angle Function of a and v 

 Reference secant stiffness from 
drained triaxial test 

y-intercept in  
log(3/pref)-log(E50) space 

 Reference tangent stiffness for 
oedometer primary loading 

y-intercept in  
log(1/pref)-log(Eoed) space 

 Reference unloading/reloading 
stiffness 

y-intercept in  
log(3/pref)-log(Eur) space 

m Exponential power Slope of trend-line in  
log(3/pref)-log(E50) space 

ur Unloading/reloading Poisson’s ratio 0.2 (default setting, pure elastic 
parameter) 

 Coefficient of earth pressure at rest 
(NC state) 

1-sin' (default setting) 

   ,cotc
sin3

sin6
q 3f 








  Eq. 2-9 
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Where qf is the ultimate deviatoric stress at failure, which is derived from the Mohr-Coulomb 

failure criterion involving the strength parameters c' and '. qa is the asymptotic value of the 

shear strength. Rf is the failure ratio, if qf = qa (Rf = 1), the failure criterion is satisfied and 

perfectly plastic yielding occurs. The failure ratio (Rf) in Plaxis is given as 0.9 for the standard 

default value. Figure 2.23 shows the hyperbolic relationship of stress and strain in primary 

loading. 

 

Figure 2-23 : Hyperbolic Stress-Strain Relation in Primary Loading for a Standard 
Drained Triaxial Test (Schanz et al., 1999).  

The stress-strain behaviour for primary loading is highly non-linear. The parameter E50 is a 

confining stress '
3 dependent stiffness modulus for primary loading. E50 is used instead of the 

initial tangent modulus E0 for small strain because E0 is more difficult to determine 

experimentally.  
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where refE50 is a reference stiffness modulus corresponding to the reference stress pref
. In Plaxis, 

a default setting pref = 100 kN/m2, is used. The actual stiffness depends on the minor principal 

stress σ'3   , which is the effective confining pressure in a tri-axial test. Note that σ'3 is negative 

in compression. The amount of stress dependency is given by the power m. Soos and Boháč 

(2002) reported a range of m values from 0.5 to 1 in different soil types with the values of 0.9 

to 1 for the clay soils. In order to simulate a logarithmic stress dependency, as observed for soft 

clay, m is recommended to be taken as 1. 

The stress dependent stiffness modulus for unloading and reloading stress paths is calculated 

as: 

where ref
urE  is the reference modulus for unloading and reloading, which corresponds to the 

reference pressure pref = 100 kN/m2. For a practical case, PLAXIS gives the default setting of 
ref
urE equal to refE503 . This is an average for various soil types 

The shear hardening yield function (fs) in the HS Model is given as: 

where, '1 and '3 are the major and minor principal stresses, E50 is 50 per cent secant 

stiffness modulus, qa is the asymptotic value of the shear strength, and p is the plastic shear 

strain, and can be approximated as: 
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where, p
1  , p

2 , and p
3  are the plastic strains, and p

v is the plastic volumetric strain. 

From the formulations of the shear hardening yield function (Equations 2.13 to 2.15), it can be 

seen that the triaxial moduli ( refE50  and ref
urE ) are parameters that control the deviatoric or shear 

hardening yield surfaces. In addition to the shear hardening yield surfaces, the cap yield 

surfaces are also used in the HS Model. These cap yield surfaces are related to the plastic 

volumetric strain measured in the isotropic compression condition. Figure 2.24 shows the shear 

hardening and the cap yield surfaces in the HSM for soil with no cohesion (c' = 0). 

 

Figure 2-24: Shear Hardening and Cap Yield Surfaces in the Hardening Soil Model 

The reference oedometer modulus ( ref
oedE ) is used to control the magnitude of the plastic strains 

that originate from the yield cap ( pc
v ), i.e., control of volumetric hardening. In a similar 

manner to the tri-axial moduli, the oedometer modulus (Eoed) obeys the stress dependency 

power law: 
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Where Eoed is the tangent stiffness modulus as indicated in Figure 2-25 with reference to pref = 

100 kPa. 

 

Figure 2-25: Definition of Eoed in Oedometer Test Results 

Similarly the stress dependent stiffness modulus for unloading and reloading stress paths is 

calculated as: 

 

Note that  휎 		 is the effective consolidation stress in oedometer test. It is negative in 
compression.   

After extensive shearing, dilating materials arrive in a state of critical density where dilatancy 

has come to an end. In the Hardening-Soil model, a dilatancy cut-off is introduced. In order to 

specify this behaviour, the initial void ratio, einit, and the maximum void ratio, emax, of the 

material must be entered as general parameters. As soon as the volume change results in a state 

of maximum void, the mobilised dilatancy angle, ψ'mob, is automatically set back to zero, as 

indicated in Figure 2-26. 
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 Eq. 2-17 

 for   e < emax:  sin ψ'mob  =  
' sin  '  sin  -  1

' sin  -  ' sin
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   Eq. 2-17 
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The definition of the cap yield surface can be given as: 

Where,  is an auxiliary model parameter related to nc
oK  (as described below).  

 

 

Figure 2-26:  Resulting Strain Curve for a Standard Triaxial Test when Including 
Dilatancy Cut-off 

 

The parameters p and q~are expressed as: 

 where:                           sin ϕ'cv  =  ' sin ' sin  -  1
' sin  -  '  sin




   Eq. 2-18 
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where q~  is the special stress measure for deviatoric stresses. In the case of the triaxial 

compression q~  reduces to q~  = - (1 3). 

The magnitude of the yield cap is determined by the isotropic pre-consolidation stress pp. 

Importantly, the hardening law, which relates the pre-consolidation pressure (pp) to the 

volumetric cap-strain ( pc
v ), can be expressed as:   

where, pc
v  is the volumetric cap strain, which represents the plastic volumetric strain in 

isotropic compression. In addition to the constants m and pref, which have been discussed earlier, 

there is another model constant β. Both α and β are cap parameters, but PLAXIS does not adopt 

them as input parameters. Instead, their relationships can be expressed as: 

Such that nc
oK and ref

oedE can be used as input parameters that determine the magnitude of α and 

β, respectively. Figure 2.27 shows the ellipse shape cap surface in the p – q~  plane. Note that  
ref
oedE  = refE50  is an average value for various soil types. For very soft soils and very stiff soils, 

Eoed/E50 is not a unity.   
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Figure 2-27: Illustration of Double Yield Surface of the Hardening Soil Model (a) in p - 
q~Plane; (b) in 3D with c'=0 

 

2.4.3 Hardening Soil (HSsmall) Model with Small Strain Stiffness   

The HSsmall Model was developed by Benz (2006). It is an extension of the HS model, with 

the capability to model soil behaviour at a small strain. The strain range in which soils can be 

considered truly elastic is very small, as shown in Figure 2-28. 

 

Figure 2-28: Characteristic Stiffness-Strain Behaviour of Soil with Typical Strain         
Ranges for Laboratory Tests (Atkinson and Scallfors 1991) 

The HSsmall model takes into account very small strain stiffness and its non-linear dependency 

on strain amplitude. All input parameters of the HS model, as seen in Table 2-4, are carried 
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over to the HSS model, with two additional parameters as given in Table 2-5. The initial or 

very small-strain shear modulus G0 and the shear strain level 0.7 at which the secant shear 

modulus Gs is reduced to about 70% of G0. 

Table 2.3: Hardening Soil Model with Small Strain Stiffness Input Parameters 

The HSsmall model uses a modified hyperbolic law developed by Hardin and Drnevich (1972) 

with analogy to the hyperbolic law for larger strains by Kondner and Zelasko (1963). 

Where,  is the shear strain amplitude from the cyclic triaxial test. r is the reference threshold 

shear strain at failure and is quantified as r = max/G0 

The reference threshold shear strain at failure relates to the large strain behaviour of soil. Using 

this parameter can be cumbersome in the cyclic triaxial test, especially where small strain 

behaviour is the main focus.  

Santos and Correia (2001) suggest using the shear strain r = 0.7 at which the secant shear 

modulus is reduced to about 70% of its initial value.   Eq. 2-27 can be re-written as: 

Parameter Description Parameter evaluation 
ref
0G  Reference small strain shear modulus (є < 10-

6) Eq. 2-29 

γ0.7 Shear strain at which Gs =0.722Go Figure 2-29 
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It should be noted that using Eq. 2.28 will not give the exact results when compared to Eq. 2.27 

by Hardin and Drnevich (1972). This outcome occurs simply because the constant a of 0.385 

was selected to obtain the best fit function with the test data of Santos and Correia (2001). 

Nevertheless, Benz (2006) pointed out that the difference between   Eq. 2.27 and Eq. 2.28 is 

less than 3 per cent.  

 

Figure 2-29: Results from the Hardin-Drnevich Relationship Compared to Test Data by 
Santos and Correia (2001) 

Janbu’s (1963) hyperbolic law, which is similar to that in parameters E50, Eur and Eoed, is 

applied to the shear modulus at a small strain (G0) parameter. Therefore, G0 at any values of 

confining pressure can be calculated as: 

which resembles the one used for other stiffness parameters. The threshold shear strain 0.7 is 

taken independently of the mean stress.  

Within the HSsmall model computation void ratio changes are rather small. The shear stiffness 

G0 can be derived by using initial void ratio using the relation given by Hardin & Black (1969): 
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  Eq. 2-28 
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Using the original Hardin-Drnevich relationship, and apply the Mohr-Coulomb failure criterion 

to equations Eq. 2-27 and Eq. 2-28  ,  the threshold shear strain 0.7 can be estimated using Eq. 

2-30: 

Note that 휎
′
	is negative in compression. 

The mobilised dilatancy in the HSsmall is calculated with a simplified version of the void ratio 

dependent formulation by Li and Dafalias (2000) where M is the stress ratio at failure and 

η=q/p is the actual stress ratio: 

 

2.4.4 Drained and Undrained Analysis 

There are two approaches for analysis of short term undrained behaviour of cohesive soils, 

namely effective stress analysis and total stress analysis.  In the effective stress analysis, pore 

water pressure and soil are treated separately; in the total stress analysis, pore water pressure 

and soil are treated as a single unit. The total stress approach for short term undrained condition 

in clay has the convenience of circumventing the onerous need to predict the excess pore 

pressure. If the excess pore pressure is known or can reasonably be predicted, then the short 

term undrained behaviour of soils may be written in terms of effective stress parameters. 
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 , in MPa  for pref =100 kPa Eq. 2-29 

 훾 . ≈ [2푐 (1 + cos 2휙 ) − 휎 (1 + 퐾 )(푠푖푛2휙 )]   Eq. 2-30 

   	푆푖푛휓 = (푀푒푥푝[ 	 ]+η )   Eq. 2-31 
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Several constitutive soil models have been developed using the effective stress approach. Three 

of these models, namely Mohr-Coulomb (MC) model, Hardening Soil (HS) model, the 

Hardening Soil small strain (HSsmall) model will be discussed here. The MC model is 

formulated using the combination of linear elastic Hooke’s law and the Mohr-Coulomb failure 

criterion. The HS model (Schanz et al. 1999) and the HSsmall model (Benz et al. 2009) are 

based on elastic-plastic hardening rule. These three models have been implemented in PLAXIS. 

Advantages and limitations undrained analysis methods discuss herein are based on those 

implemented in PLAXIS. (Brinkgreve 2005; Chanaton 2010; Schweiger et al. 2008; Wong 

2009).  

2.4.4.1 Drained and undrained modelling 

The behaviour of soils is primarily governed by the effective stresses independent of the 

drainage condition (Brinch-Hansen and Gibson 1949; Schmertmann 1975). Janbu (1977) 

concluded that the short term undrained behaviour of saturated clays are governed by the 

effective stresses.  Since the soil behaviour is governed by effective stress rather than total 

stress, the parameters for total stress models should consider the development of pore water 

pressure and influence of stress history, that is, the principle of effective stress should be 

implicitly defined in the parameters. 

There are four methods (Undrained Method A, B, C and D) available in PLAXIS to model 

undrained soil behaviour. Undrained Method A, B and C are used in combination MC   model.  

Undrained Method D is used in the HS and Soft Soil (SS) models.  

Undrained Method A, B and D model undrained behaviour using effective stiffness parameters. 

Method C uses total stress undrained stress stiffness parameters; Undrained Method A and D 

use effective strength parameters; Undrained Method B and C use total stress undrained 

strength parameters. 

A summary of analyses for undrained material models is given in Table 2-4. Details of each 

method are given in the following sections. 
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Table 2-4: Summary of Analyses for Undrained Materials 

Undrained 
Method  

Material 
behaviour type 

Material 
model 

Computed 
stresses 

Parameters 
Stiffness Strength 

 
A 

Undrained 
(MC) 

Mohr-
Coulomb 

Effective 
stress & pore 

pressure 

Effective (E′, 
′≤ 0.35) 

Effective (′, 
c′, ψ׳) 

 
B 

Undrained 
(MC) 

Mohr-
Coulomb 

Effective 
stress & pore 

pressure 

Effective 
(E′, ′≤ 0.35) 

Total 
(u, cu, 
ψ = 0) 

 
C 

Non-
porous/Draine

d (MC) 

Mohr-
Coulomb Total stress 

Total 
(Eu, u  = 
0.495) 

Total 
(u, cu 
ψ = 0) 

 
D 

Undrained 
(MCC, SS, 

HS, HSsmall) 

Hardening 
Soil or 

Soft Soil 

Effective 
stress & pore 

pressure 

Effective parameters 
depending on soil model 

selected      
          
  Note: MC = Mohr-Coulomb model, MCC = Modified Cam Clay model, SS = Soft Soil model,                  
            HS =Hardening Soil model and HSsmall = Hardening Soil model with Small Strain 

When material type is set to “undrained”  (Undrained Method A, B and D), PLAXIS 

automatically adds bulk modulus of water, Kw/n to the bulk modulus of the soil skeleton, K′ 
and distinguishes between total stresses, effective stresses and excess pore pressures. 

 
 

where, , ′ and u are changes in total stress, effective stress and pore pressure, 

respectively. A & B are the Skempton’s parameters (Skempton 1954). Skempton A-parameter 

is not a constant soil parameter; it depends on the amount of strain the soil element under 

consideration has been subjected to, the initial stress system, stress history and type of stress 

Total stress:   
vuK    Eq. 2-32 

Effective stress:                            vKB   )1(  Eq. 2-33 

Excess pore pressure:                    v
w

n
KBu    Eq. 2-34 

Excess pore pressure (triaxial):     )(( 313   ABu  Eq. 2-35 
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change (Lambe & Whitman 1978). Typical Af (at failure) values given by Bjerrum for saturated 

soft normally consolidated clay is between 0.5 and 1.3 and for lightly over-consolidated clay 

is between 0.3 and 0.7. For stiff consolidated clay the value can be negative (i.e. between 0 and 

-0.5). For saturated isotropic soil elements, B = 1. 

  

For numerical modelling, A-parameter value is dependent on the calculated stress path resulting 

from the constitutive model used. A parametric study using numerical simulations by 

Schweiger (2002) revealed that the MC model with non-dilation yielded a value of A-parameter 

of 1/3 and is independent of loading stage and thus the vertical strain. This value is identical to 

the values of isotropic elastic model. For the HS model, A-parameter is not constant but 

increases with the applied deviatoric loading. A value of approximately 0.44 at failure is 

obtained for a particular parameter set applied in his study.   

 

The undrained bulk modulus Ku in Eq. 2-37 is calculated using Hooke’s law of elasticity: 

      

    

where, Eu and E′ are undrained and drained elastic moduli and can be easily converted using 

Hooke’s law. G is shear modulus. u and ′ are undrained and drained Poisson’s ratios. 

Calculation of effective stress and excess pore pressure (Eq. 2-34 and Eq. 2-35) involves 

Skempton B-parameter, which can be approximated by: 
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  Eq. 2-36 
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According to Eq. 2-41, Skempton B-parameter approaches unity when bulk modulus of water, 

Kw/n is very high as compared to the bulk modulus of soil skeleton, K′. In reality, a high realistic 

bulk modulus of water may cause numerical problems in the calculation; therefore PLAXIS 

utilises slightly lower number of bulk modulus of water as calculated by the following process. 

First bulk modulus of the soil skeleton, K′ is estimated from the input drained elastic modulus, 

E′. 

 

Then, estimates total (undrained) bulk modulus, Ku from Eq. 2-37.  u = 0.495 is set as default   

value to avoid numerical complication. Finally, Skempton B-parameter is obtained from Eq. 2-

41. Following this process, Skempton B-parameter will depend only on the value of drained 

Poisson’s ratio. For undrained behaviour, drained Poisson’s ratio should be smaller than 0.35, 

as using higher values would lead to an unrealistically low Skempton B-parameter. 

2.4.4.2 Advantages and limitations of Undrained A, B, C and D 

a) Undrained  Method A 

Method A utilises both effective stress and stiffness parameters to model undrained behaviour 

of soils, (i.e., material behaviour type id undrained). As shown in Figure 2-30, the predicted 

pore pressure  is much smaller than the actual one and the effective stress path (ESP) predicted  

rose up vertically until the failure envelope is reached (elastic soil). This stress path is unlikely 

to be identical to the real soil stress path especially in case of normally consolidated clay. As a 

result, it over-estimates the undrained shear strength and   under-estimates the excess pore 

pressure. Method A does not necessarily always over-estimate undrained shear strength. For a 

given clay layer with constant undrained shear strength , Undrained Method A underestimates 
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undrained shear strength at low stress and overestimates it at high stress and  however, it is the 

opposite in  over-consolidated clay (see Figure 2.31).  

 

Figure 2-30: Effective Stress Path Using c' and ϕ', MC Model (Wong 2009) 

 

Figure 2-31: Undrained Shear Strength Predicted by Undrained Method A for 
Normally Consolidated and Over-consolidated Clays (Wong 2009) 

Undrained shear strength in Undrained Method A is a consequence of modelling, not an input 

parameter. Since pore pressure is predicted, the undrained analysis may be followed by 

consolidation and increase in shear strength is obtained due to dissipation of excess pore 

pressure. However, the increase in shear strength may also be quantitative wrong due to 

incorrect excess pore pressure estimation. 
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b) Undrained Method B 

 

Figure 2-32: Effective Stress Path Using c and ϕu= 0, MC Model (Wong 2009) 

Similar to Undrained Method A, this method analysis is in terms of effective stress and Mohr-

Coulomb model is used. Material behaviour type is undrained. Effective stiffness parameters 

and total strength parameter (the undrained shear strength) are both used as input parameters. 

Constitutive equations are formulated in terms of effective stress. Calculated stress path from 

Undrained Method B is identical to that of from Undrained Method A. Undrained shear 

strength is an input parameter and is not a consequence of the model; it will not be affected by 

effective stress path. The prediction of pore pressure is generally unrealistic and thus it should 

not be followed by a consolidation analysis.  

It should be noted that in PLAXIS that if the HS model is selected in Undrained Method B, the 

stiffness moduli will be no longer stress-dependent and the model exhibits no compression 

hardening. Conversely, the model retains its separation of loading and unloading-reloading 

moduli and shear hardening.  

c) Undrained Method C 

Undrained Method C is a total stress approach. Material behaviour type is drained. It adopts 

both undrained strength and undrained stiffness parameters Eu. Undrained Poisson’s ratio νu is 

selected between 0,495 and 0.499. Ko-value to generate initial stresses refers to total stresses. 

Pore pressure is not calculated. Material type of    Undrained Method C is set to “Non-porous” 

which means neither initial nor excess pore pressure will be taken into account. The 

disadvantage of this approach is that no distinction is made between effective stress and pore 
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water pressure. Hence, all calculated stresses are total stress and pore water pressures are equal 

to zero. An alternative to this is that the material type is set to “Drained”. Initial pore water 

pressure is carried over to the analysis. Nevertheless, there is no change of pore water pressure 

computed afterward. 

d) Undrained Method D 

Input parameters of Undrained Method D for both stiffness and strength parameters are the 

same as Undrained Method A. The only diversion from these two methods is Undrained 

Method D utilises a more sophisticated advanced model (such as HS or HSsmall models). 

Undrained shear strength computed form this method depends on the accuracy of effective 

stress part as obtained from the advanced model used.   

2.5 Qualitative Parametric and Comparative Studies of Different 

Soil Models. 

The section reviews qualitative parametric studies to see how the input parameters affects the 

output of different constitutive models, and comparative studies of different models using 

similar basic soil parameters. Emphasis will be on the three models that were discussed in 

previous sections, namely the Mohr-Coulomb (MC) model, Hardening Soil (HS) model and 

Hardening Soil model with Small Strain (HSsmall). 

2.5.1 A Qualitative Parametric Study, MC Model 

The elastic-perfectly plastic Mohr-Coulomb is a first order model and its problem in effective 

stress modelling of soft, normally or lightly over-consolidated clays is well known. The model 

uses Mohr-Coulomb failure envelope as a shear yield. Thus the soil is implicitly assumed to be 

elastic below the shear yield surface and the model cannot generate excess pore pressure before 

yielding. After yielding, the model either generates no excess pore pressure or negative excess 

pore pressure, depending upon the angle of dilation. Its erroneous prediction of undrained shear 

strength of soft normally or lightly over-consolidated clays has been discussed in previous 
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sections. However, for stiff over-consolidated soils which have no tendency to generate excess 

pore pressure under shearing, or for drained conditions, this model can capture failure 

behaviour relatively well. 

Teo and Wong (2011) have shown the influence of K0 on horizontal stress during loading and 

unloading in consolidation tests. Compared with the empirical relationship oc
0K = NC

0K OCR0.5, 

the MC model underestimates the horizontal stress during loading and unloading. For 

excavation in sand, by varying the Poisson’s ratio from 0.2 to 0.3, wall defection double and 

strut forces increased by up to 1.5 times. Poisson’s ratio only affects the elastic strain but not 

the plastic strain. In a comparative study between HS and MC using Eu/su =250 and Eu/su=300 

respectively for a case study in Singapore marine clays, the MC model produced  comparatively 

larger ground settlement and bottom heave, and more plastic points. 

2.5.2 A Qualitative Parametric Study, HS Model 

Kempfert and Gebreselassie (2006) carried out a comprehensive parametric study of the 

performance of the HS model using PLAXIS version 8.1. By varying the value of one 

parameter while all other parameters remain constant, the sensibility of the performance of   

excavation to each model parameter or geometry or others can be identified. Triangular 

elements with 15 nodes are used in all the FEM- computation. Basically, the HS model is used 

to simulate the soil behaviour and the MC model to simulate the interface element. An elastic 

behaviour is assumed for all structural elements. The model and soils parameters are shown in 

the following Table 2-2 and Figure 2-33. The influence of the hardening soil model parameters 

on the stress-strain, volume change and excess pore pressure on the performance of an idealised 

excavation of their findings are summarised below. 

Table 2-1: Reference Soil Parameters for Hardening Soil Model (Kempfert and 
Gebreselassie 2006). 
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Figure 2-33: Idealised Excavation Problem and the Corresponding FEM-model with 

Mesh (Kempfert and Gebreselassie 2006) 

2.5.2.1 Drained analysis 

For the drained analysis of the idealized excavation problem, the HS model parameters in Table 

3.15 are adopted as a reference parameters for the soil body. The shear parameters for the 

contact surface are adopted from the soil body after reducing the values by a factor of 1/3. The 

stiffness of the interface elements is assumed to be the same as the soil. The following 

construction stages are followed: 

Stage 0: generation of the initial stresses (K0 – method) 

Stage 1: application of the surcharge and traffic loads 

Stage 2: installation of the wall 

Stage 3: first excavation 

Stage 4: installation of the 1st strut and 2nd excavation 

Stage 5: installation of the 2nd strut and 3rd excavation 

2.5.2.2 The effect of the Poisson’s ratio.  

The unloading/reloading Poison’s ratio νur is a pure deformation parameter. It will not affect 

the earth pressure and bending moment of the wall. However, wall deformation and soil 
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movements will be affected. As given in Figure 2-34, a change of Poisson’s ratio from the 

reference value resulted in a uniform change of the wall deflection. Bottom   heave and surface 

settlement will also be affected. 

 

Figure 2-34: The Effect of νur on Wall Deformation, Earth Pressure, Bending Moment, 

Bottom Heave and Surface Settlement (Kempfert and Gebreselassie 2006) 

2.5.2.3 The effect of coefficient of the earth pressure at rest. 

The HS model treats Ko
nc   and K0 separately. While Ko

nc is a model parameter which is closely 

related to the stiffness parameters E50, Eoed, Eur and vur, the K0 is purely used to define the initial 

state of the stresses. For normally consolidated soils, however, these values are more or less 

the same. Here K0 is assumed to vary with the K0
nc. It can be seen from Figure 2.35, the 

parameter Ko
nc would affect the deformation of the wall, the soil movements, the earth pressure 

and bending moment of the wall. 
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Figure 2-35: The Effect of Konc on Wall Deformation, Earth Pressure, Bending Moment, 

Bottom Heave and Surface Settlement (Kempfert and Gebreselassie 2006) 

2.5.2.4 The effect of the failure factor Rf. 

The influence of Rf on the idealized excavation, however, seems to be minimum, with exception 

of the settlement behind the wall. See Figure 2-36. 

 

Figure 2-36: The Effect of Rf on Wall Deformation, Earth Pressure, Bending Moment, 
Bottom Heave and Surface Settlement (Kempfert and Gebreselassie 2006) 

2.5.2.5 The effect of the constrained modulus. 

It can be concluded that Eoed is more sensitive to a change of value below the reference value 

than to value greater than the reference. Contrary to expectation, a reduced value of Eoed has 
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resulted in a reduction of wall and soil movements. A reduced active pressure and an increased 

passive pressure for the case of Eoed is smaller than the reference value. This again contradicts 

the reduced wall movement. A reduced wall movement would have resulted in a higher active 

earth pressure and lower passive pressure. A reduced active pressure on one side and an 

increased passive pressure on the other side have resulted in a reduced bending moment, which 

seems logical in respect to the given loading condition but not in a general sense. A lower Eoed 

value will decrease the bottom heave as shown in (d) of Figure 2-37. 

 

Figure 2-37: The Effect of Eoed on Wall Deformation, Earth Pressure, Bending Moment, 
Bottom Heave and Surface Settlement (Kempfert and Gebreselassie 2006) 

2.5.2.6 The effect of the unloading/reloading modulus of elasticity.   

Two and three times of Eur were used to compare with the reference value. Eur is taken from 

the triaxial test result. An increase in the Eur value has resulted in an increase of the 

displacement of the toe of the wall, a significant change of the heave of the bottom of 

excavation, a change of the surface settlement, a change of the active pressure above the bottom 

of excavation, and an insignificant change of the maximum bending moment .The earth 

pressure below the excavation level on both the active and passive side also shows no 

significant change. Contrary to the expectation, the settlement at the surface for the reduced 

values of Eur is less than that from the reference value. In the case of absent of test data, 3 Eur 

is recommended in practice. The above show that 2 Eur has more influence on toe movement, 

bottom heave and surface settlement than 3 Eur. See Figure 2-38. 
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Figure 2-38: The Effect of Eur on Wall Deformation, Earth Pressure, Bending Moment, 
Bottom Heave and Surface Settlement (Kempfert and Gebreselassie 2006) 

2.5.2.7 The effect of the secant modulus of elasticity.  

Variations of E50 have resulted in significant change in maximum wall deflection and toe 

movement, the surface settlement and bottom heave. The maximum active earth pressure above 

the excavation surface was affected but not those below the excavation level and maximum 

bending moment. Lower value of E50  while keeping the shear parameter constant leads to 

higher wall movement but a lower passive resistance and vice versa. This contradict to normal 

understanding of larger displacement would increase passive earth pressure. Figure 2-39. 

 

Figure 2-39: The Effect of E50 on Wall Deformation, Earth Pressure, Bending Moment, 
Bottom Heave and Surface Settlement (Kempfert and Gebreselassie 2006) 
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2.5.2.8 Undrained condition 

When using similar parameters, except that the analysis was carried out undrained, the effect 

of the strength and stiffness parameters on the performance of the given excavation under 

undrained condition is more or less the same as in the drained analysis except for the bottom 

heave and settlement at the surface behind the wall. Bottom heave is slightly influenced by vur   

but magnitude is much less than the drained results. The parameter Eur shows a significant 

influence on the settlement of the surface contrary to the drained condition. See Figure 2-40. 

 

Figure 2-40: The Influence of νur on (a) Bottom Heave, (b)Surface Settlement and (c) the 
Influence of Eur on Surface Settlement (Kempfert and Gebreselassie 2006) 

 

2.5.2.9 The effects of vur, Rf, Ko
nc, Eoed, Eur, and E50 on excess pore water pressure.  

 Amongst these parameters, it was found that the excess pore water pressure is more sensitive 

to the variation of the, Ko
nc value and the parameter Eur. The influence of these two parameters 

on the excess pore water pressure is significant at a point just below the wall toe. At this point 

the other parameters also affect the excess pore pressure to some extent. It was found that the 

shear strength at the point just below the wall was at failure. At the base of excavation, the 

shear strength of soil just in front of the wall was mobilised to 75% and a point somewhere 

near the middle of the excavation was far away from failure.  
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2.5.2.10  Effect of the bottom support 

Similar construction sequences were used except a base slab of 50 cm thick concrete slab with 

a stiffness EA = 15 x106 kN/m is assumed. The base slab was modelled to be installed before 

and after first stage excavation; and before and after second stage excavation. It was found that 

it is most efficient to install the base slab before first stage excavation for diaphragm wall 

deflection at the final excavated surface, at toe and near wall for ground surface settlement 

control. For all locations, comparable efficiency may be achieved by installing the slab before 

second stage excavation. This suggests that a jet-grout slab at a designated level would help to 

reduce diaphragm wall deflection 

2.5.3 Comparative Study: Qualitative Examination. 

A qualitative comparative study was carried out by Scheweiger (2009) using PLAXIS to assess 

the influence of different constitutive models to wall deflection, ground surface settlement and 

bending moment of a 6 m excavation. The excavation was supported by a 9 m sheet pile wall 

with one level of strut at 1.5 m below ground surface. Three stages of excavation were carried 

out at 2.0 m, 4.0 m and 6.0 m.   The ground water table was assumed to be at 2.0 m and 3.5 m 

below the ground surface for clay and sand, respectively. Three models, namely MC model, 

HS model and HSsmall model were used. The following Figure 2-41, Figure 2-42 and Figure 

2-43 show the outcomes of the assessments. It is evident that the MC model cannot predict 

ground surface settlement in a sensible way. Ground heave was observed in all three cases. The 

HS model produces maximum   horizontal wall deflection while the MC model produces the 

least, and thus the bending moment. The differences between the HS model and the HSsmall 

model are comparatively small. In soft clay, the SS model lies between the MC and HS/HS 

small models. 
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Figure 2-41: A Qualitative Comparative Study of MC, HS and HSsmall Models for 
Sheet Pile Wall in Loose to Medium Sand (Scheweiger 2009) 

 

 

Figure 2-42: A Qualitative Comparative Study of MC, HS and HSsmall Models for 
Sheet Pile Wall in Dense Sand (Scheweiger 2009) 
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Figure 2-43: A Qualitative Comparative Study of MC, HS, HSsmall and SS Models for 
Sheet Pile Wall in Soft Clay (Scheweiger 2009) 

Using the similar example except that the water level was lower to final excavation level and 

with a surcharge loading of 10 kPa on ground surface, Scheweiger (2008) presented how the 

soil stiffness affects diaphragm wall horizontal deflection and ground surface settlement when 

in the MC model. See Figure 2-44 and Figure 2-45. The results were also used to compare with 

those of the SS, HS and HSsmall models. 

 

Figure 2-44: Soil Stiffness Values for MC Model (Scheweiger 2008). 
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Figure 2-45: A Qualitative Comparative Study of SS, HS, HSsmall and MC Models for 
Diaphragm Wall in Clay (Scheweiger 2008) 

It is evident that unrealistic toe displacement may be evident in the results for the MC model 

based on E50. The HS model yields the largest bending moments and the MC model is sensitive 

to different values of E50 and Eur.  The HSsmall model produces maximum ground surface 

settlement, while the MC model produces maximum heave near to the wall. Similar trends are 

also observed if sand is used in the model. Scheweiger (2008) concluded that the bending 

moment of the diaphragm wall is dependent more on wall stiffness and wall-soil relative 

stiffness, and less on wall length. The magnitude of wall deflection is affected by the stiffness 

of the soil, while the shape of that deflection is affected by soil-wall relative stiffness. Strut 

loads are largely influenced by wall-soil relative stiffness. The MC model produces significant 

heave on ground surface, while the HS and HSsmall models produce more realistic settlements. 

In general, the influence of different soil models on earth pressure distribution is less significant.  

2.5.4 Comparative Study: Field Observations. 

Lim et al. (2010) carried out a study to evaluate the performance of the four commonly used 

constitutive models of clay for analysis of deep excavation under undrained conditions. These 

model are the MC model, the HS model, the HSsmall model, the modified MCC model and 
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the Undrained Soft Clay (USC) model.  The MC model, HS model and HSsmall model of their 

findings are presented below. 

The well-documented monitoring data and soil properties of TNEC excavation in Taipei City, 

Taiwan case history was used. The excavation depth was 19.7 m and the diaphragm was 900 

mm thick and 35 m deep. The ground water table was 2 m below ground level. Seven stages 

of excavation were planned. The excavations and soil profiles are depicted in Figure 2-46 

 

Figure 2-46: Excavation Sequences and Soil Profiles (Lim et al. 2010) 

For  ϕ = 0,   the undrained modulus Eu of the MC model was estimated using empirical 

correlations with plasticity index Ip and OCR established locally and su was from field vane. 

The model did not predict wall deflections well. See Figure 2-47.However, using the 

Eu/su=500 from the parametric study, the wall deflection predictions  matched well with field 

measurements from Stage 4 final stage of excavations but not Stage 1 to Stage 3.See Figure 

2-48.  For the HS model, the parameters directly obtained from tests were used without 

adjustment and the results are comparatively better. See Figure 2-49. Recommendations 

given in the PLAXIS manual were followed: ref
urE = 3 refE50  , vur= 0.2 and m = 1 for clay except 
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ref
oedE  = 0.7 refE50  , not unity. For the HSsmall model, instead of using the formula recommended 

in the PLAXIS manual, γ0.7 was taken as 10-5 and provided better final stage deflection 

results, and better results than the HS model. See Figure 2-49. 

From Lim et al.’s (2010) study, it is apparent that for the MC and HSsmall models, there was 

a need to modify the input real soil parameters in order to bring the predicted wall deflections 

closer to measured values. It is also clear that none of the three soil models can predict ground 

settlement profiles that matched field measurements. 

 

Figure 2-47: Summary of MC model Predicted and Measured Wall Deflection and                       
Ground Settlement Profile (Lim et al. 2010) 

 

Figure 2-48: Summary of MC Model Predicted and Measured Wall Deflection and 
Ground Settlement Profile, (back analysis, Eu/su=500, Lim et al. 2010).  
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Figure 2-49: Summary of HS Model Predicted and Measured Wall Deflection and                     
Ground Settlement Profile (Lim et al. 2010) 

 

Figure 2-50: Summary of HSsmall Model Predicted and Measured Wall Deflection and     
Ground Settlement Profile (γ0.7 as per Eq. 2-31, Lim et al. 2010) 

 

 

Figure 2-51: Summary of HSsmall Model Predicted and Measured Wall Deflection and 
Ground Settlement Profile (γ0.7 taken as 10-5, Lim et al. 2010) 
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2.6 Geotechnical Instrumentation 

Geotechnical engineering is strongly rooted with experimental observation and field 

measurements. Measurement of engineering performance is fundamental to empirical 

understanding and model development. Thus geotechnical instrumentation and monitoring has 

an important role of validating the results from such analyses and for controlling the works 

during excavation and construction. 

For deep excavation, assessment of the performance of retaining structures (diaphragm wall in 

this study) is based on the wall deformation, base heave and surface ground settlement. 

Excessive base heave is an indication of base instability. Stable excavation with excessive 

deformation will induce excessive ground settlement which may damage adjacent settlement 

sensitive building structures or surface and subsurface utilities. Thus, wall deformation, base 

heave and ground settlement monitoring are very important in deep excavation work. 

Retaining structures are normally internally braced with a system of strutting to restrain wall 

inward movements. Additional struts will need to be installed in case loading on strut are 

excessive. Failure of a strutting system will lead to catastrophic failure. Loading on struts need 

to be monitored and checked. 

Ground water level or pore pressure changes have two major effects on excavation work: 

namely an increase in ground water level or pore pressure outside of the excavation will 

increase the loading on the active side of the wall. An increase in pore pressure at the base of 

excavation may lead to base heave (cohesive soils) or boiling (non-cohesive soils) failure. In 

the opposite, excessive drawdown may induce ground subsidence which may damage building 

structures and surface and subsurface utilities. 

Settlement and tilt of building are two of the major parameters needed to assess excavation 

induced building damage.  

A summary geotechnical instrumentation commonly use in deep excavation is given in the 

following Table 2-3. 
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Table 2-2 Geotechnical Instrument for Deep Excavation 

Parameter Instrument 
Wall deformation Inclinometer; prism 
Ground subsurface 
deformation 

Inclinometer with or without magnetic extensometer; ground 
extensometer 

Ground Settlement Settlement marker/point  
Building Settlement  Building settlement point;  prism 
Base heave Heave indicator 
Strut  Load Strain gauge, load Cell 
Water level Observation wall 
Pore pressure Piezometer  
Building tilt Tiltmeter, clinometer 
Rebar stress Rebar stress transducer 
Earth pressure Earth pressure cell with or without pore pressure transducer. 

2.7 Ground Improvement 

Ground improvements have been used to improve soft ground stability and to limit retaining 

wall movements through improvement of soil strength and stiffness or using inclusions such 

as cross wall or grout slab in   deep excavations in urban environments.  This section will 

review the methods relevant to the TKT Station with emphasis on local and regional 

experiences. 

2.7.1 Jet Grouting. 

Jet grouting is a construction process using a high kinetic energy jet of fluid to break up and 

loosen the ground followed by injection of cement base grout to improve the physical 

characteristics of the ground. Jet-grout systems have been developed over the years and can be 

broadly classified into three groups, namely the Single Jet, Double Jet and Triple Jet systems. 

The single-fluid system involves the injection of a high-velocity grout from a single orifice or 

multiple nozzles utilizing single-phase rods for drilling and grouting. In this system, the grout 

jet itself erodes the soil, removing the excess and providing the binder. The Double Jet system 

is a refinement on the Single Jet system where the grout jet is shrouded by air to make the 

cutting operation more efficient and increases the radius of action in some soils. In the Double 
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Jet system, the air improves performance in removing in-situ soil by acting as an air lift. In the 

Triple Jet system, the erosion of the soil is carried out by an independent water jet, shrouded 

by air to achieve maximum efficiency, with simultaneous grout injection taking place 

separately beneath the erosive jet. During the process of jetting, the drill rod is slowly raised 

and rotated to form a column of soil cement mix. Excess materials rise from the ground through 

the hole collar which is removed from site as it emerges. The result (diameter, composition and 

strength of the columns) is dependent on drill string rotation and raising speeds, jet pressure 

and flow, grout mix; soil type, grain size distribution, composition and compactness; and jet 

configuration (single, double or triple jet set-up). 

Normally the construction of jet grouted slabs or cross-walls is carried after the diaphragm 

walls are installed. Since high pressure is used in the production, it must be carried out with 

care to avoid possible damage to the existing diaphragm. A trial was carried out by Poh and 

Wong (2001) at the Singapore Post Centre. The subsurface soils consisted of 4 m of loose silty 

sand (fill layer) overlying a 13 m thick very soft to soft marine clay. The operational parameters 

are given in Table 2-6. . It was found that the diaphragm wall adjacent to the grouting was 

pushed a maximum 10 mm away from the jet-grouted area, and an increase in bending moment 

in the diaphragm wall caused a large increase in lateral earth pressure. 

  

 

Figure 2-52: Typical Arrangement of Jets 
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Table 2-3: Operational Parameters Used During the Jet-Grouting Trial (Poh and Wong 
2001) 

 

Jet grouting can be used to form a jet-grout-slab or cross-wall within or below the final 

excavation level. The construction normally takes place prior to excavation activity and 

therefore is effective in resisting the inward movement of the wall at the time excavation takes 

place. Jet grouted slabs have been used as a part of excavation support system in Singapore for 

more than 20 years (Shirlaw et al. 2005). Cross walls formed by jet grouting have been used 

successfully in many cases in the region to reduce lateral wall movements. See for example, 

Hsiung et al. (2005) and Hsiek et al. (2012, 2013). 

Jet grouted slabs or cross-walls from above final excavation level are used as temporary support 

to reduce lateral wall movements before installation of a strutting system. These grout formed 

sacrificial slabs or cross walls are to be excavated upon reaching the formation level. The 

removal of these sacrificial layers must followed by timely installation and preloading of struts 

to compensate for the loss of reaction load sustained in the sacrificial layer. Otherwise it will 

cause significant wall lateral movement and increase the load to the struts that were in the 

previous construction stage, and may trigger local failure of connection at the joint between 

strut and wall at the critical location (Endicott 2006).  
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Jet grouted slabs or cross-walls are normally modelled as strong elastic-perfectly plastic soil 

with considerable strength. These cement mixed soils formed by jet grout normally exhibit 

brittle failure behaviour. Therefore strain compatibility between soft marine clay and the jet 

grout and the potential for a brittle “post peak” failure need to be considered. Jet grouted 

Singapore marine clay shear strength typically is in the range between 600 and 2500 kPa. An 

undrained shear strength of 300 kPa with an equivalent unconfined compression strength (UCS) 

qu of 600 kPa is commonly used in design (Shirlaw2000a).  The Young’s modulus is typically 

set at 120 MPa, i.e., 400cu or 200qu. This is believed to be a lower bound value of the jet grout 

mass. The failure of the jet grout mass core samples at UCS tests indicates a brittle failure mode 

at a typical strain range of 0.5–1.5% (see Figure 2-53), especially for the samples showing very 

high UCS values. When the UCS is relatively low in the range of 1.0 MPa, the brittleness is 

less remarkable (Wen 2005).  

 

Figure 2-53: Unconfined Compression Strength and Stress-Strain Curves                        
of Jet Grout Core Samples (Wen 2005) 

2.7.2  Barrettes 

Barrettes are an alternative to jet grout slab to reduce the lateral movements of diaphragm walls. 

Barrettes are constructed using the same technique as that of diaphragm walls in a form of a 

rectangular shape or T-shape attached to an existing diaphragm such as to increase the stiffness 

of the retaining system. It has the advantage over jet grouting for not exerting pressure on an 

existing diaphragm wall, and not causing wall displacement or less disturbance to adjacent 
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ground. It has been shown that the use of a concrete T-shape barrette wall can significantly 

reduce the lateral movement of a diaphragm wall (Ou et al. 2008). The function of the cross 

wall in mechanics is similar to that of a lateral strut, but the cross wall is put into place prior to 

excavation. The cross walls installed in excavations will be removed during the process of 

excavation and will not create an obstacle to wall installation (see Figure 2-54). The cross walls 

are expected to reduce the lateral wall deflection and ground settlement induced by excavation 

due to their high compressive strength and axial stiffness. 

 

Figure 2-54: Schematic Diaphragm of Cross Wall (Ou et al. 2013) 

A combination of concrete cross walls and barrettes are sometimes used (Hsieh et al. 2012, 

2013). A numerical study on cornel effects, cross wall intervals, cross wall bay geometry and 

wall depths was carried out by Ou et al. (2013). It concluded that installation of a full cross 

wall depth, (i.e., from the ground surface down to the bottom of the wall), can produce the best 

reduction in the lateral wall deflection. See Figure 2-55. 
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Figure 2-55: Effects of Cross-walls on Wall Deflection and Surface Settlement (Ou et al. 
2013) 

The effectiveness of barrettes and cross walls can be affected by joint details. A study carried 

out by Hsieh et al. (2008) found that a clean joint (see Figure 2-47) is capable of limiting the 

lateral displacement of a perimeter diaphragm wall to less than 10 mm. On the other hand, a 

soft contact joint (see Figure 2-47) nullifies the restraining effect of a buttress wall, resulting 

in a maximum wall displacement of about 30 mm for a 12 m deep excavation in their case 

study. 

 

Figure 2-47: Schematic Illustration of a Soft Joint (Hsieh et al. 2008) 
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2.8 Concluding Remarks 

1. Traditionally deep excavation analysis makes use of conventional soil mechanics and 

simple structural mechanics along with appropriate modifications according to field 

observed behaviours. However, due to stringent requirements for excavation in congested 

urban areas, it becomes necessary to employ numerical methods to capture complex 

interaction between soil, structures and the construction sequences and its influence on soil 

behaviour. 

2. Despite its inherent limitations, a simple analysis using conventional approaches allows 

one to carry out a quick check to show what is important and what needs to be paid 

particular attention to and what should be carefully evaluated in the finite element analyses. 

Conventional approaches to check retaining wall and basal stability, estimate ground 

surface settlement, earth pressure, ground improvement using jet grout and barrettes have 

been reviewed. 

3. To perform useful numerical analysis, one must have sound understanding of soil 

mechanics, structural engineering and the theory behind numerical methods, an in-depth 

understanding and appreciation of the limitations  of the various constitutive models, be 

fully conversant with the manner in which the software works and have experience and 

good judgement. Otherwise this easy-to-use most advanced tool for solving complex 

boundary value problems like deep excavation in soft ground becomes a dangerous tool 

with the users running the risk of encountering unforeseen risks worldwide. 

4. Based on numerical studies, various factors affecting the performances of a retaining 

system have been reviewed. These include retaining system geometry, system stiffness, 

system configuration, ground and ground water conditions, construction effects and ground 

improvements. 

5. Code specific features and constitutive modelling of the finite element codes PLAXIS were 

reviewed with emphasis on the three soil constitutive models, namely the MC model, HS 

model and HSsmall model. 
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6. Qualitative parametric studies using the MC model and HS model and the effects of various 

input parameters were reviewed and discussed. It was concluded that the MC model is not 

suitable for estimating ground surface settlement. Field observations concluded that to 

obtain better results between predicted and observed wall deformations, some degree 

adjustments of input parameters are required. None of the three models (MC model, HS 

model and HSsmall models) were able to predict ground surface settlement that matched 

field measurement. 

7. Geotechnical instrumentation and monitoring was briefly discussed.   

8. Given the above concluding remarks, a successful deep excavation design would ensure 

the stability of the retaining system is maintained and retaining wall deformation is 

controlled within acceptable limits .With both under control, the adjacent ground settlement 

can be controlled. 

9. Stability of the retaining system can be controlled using a deeper wall and stiffer strutting 

system while wall deformation must be estimated before construction using numerical 

methods as reviewed in this chapter. Wall deformation estimation or prediction that 

matches field observed deformation is the key issue this research needs to address. 

. 
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3 CHAPTER 3: MRT CCL2 C823, GEOLOGY 
AND GEOTECHNICAL ENGINEERING 

PROPERTIES OF SUBSOILS.     

3.1 Introduction 

The rapid development of Singapore over the past decades has required the construction of 

many deep excavations for a subsurface mass rapid transit (MRT) system. Many of these have 

been carried out in areas of deep marine clay of Kallang Formation as shown in Figure 3-1. 

Typical thickness of the marine clay is 20 to 30 m below ground level. At certain reclaimed 

areas, the thickness could be up to 45 m, and the clay still under consolidation from the weight 

of reclaimed fill.  

Tanjong Katong (TKT) Station of Circle Line Stage 2 Contract C823 (CCL2 C823) located 

adjacent to the Nicholl Highway incident site (COI 2005) will be used for this case study.  TKT 

Station has been chosen because of availability of relevant documentations including soil 

investigation reports, construction and design histories and monitoring data.  

TKT Station has also been chosen for this study because of available soil investigation reports 

with field and laboratory test results, field performance monitoring data especially complete 

inclinometer data, design and construction reports which provide an insight of design 

approaches and changes and stage construction history, and related published technical papers 

available in the public domain. 

This chapter presents a general introduction to CCL2 C823, general geology and generalised 

geotechnical properties of the soil formations along the C823 route, followed by TKT Station 

site specific geology and geotechnical properties.   
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3.2 The Circle Line (CCL).  

The Circle Line (CCL) project is a part of the Singapore Mass Rapid Transit (MRT) system, 

(see Figure 3-1). It is a medium rail transit system (with a capacity of up to 20,000 passengers 

per hour per direction). The Circle Line runs from the city towards Upper Paya Lebar, 

Serangoon, Bishan, Buona Vista and Harbour front stations. The entire CCL was implemented 

in two stages. Stage 1, termed the Marine Line (MRL) and Stage 2 (CCL2). Both are completed 

and are currently in service. 

 

Figure 3-1: Singapore Mass Rapid Transit (MRT) System (Public Domain) 

The Circle Line Stage 2 (CCL2, Figure 3.2) consists of a total route length of approximately 

5.4 km, running underground from Stadium Boulevard to beyond Upper Paya Lebar road. 

There are 5 stations, namely Old Airport Road (OAR), Tanjong Katong (TKT), Paya Lebar 

(PYL), MacPherson (MPS) and Upper Paya Lebar (UPL).  

Among these five stations of CCL2, the Old Airport Road, Tanjong Katong and Paya Lebar 

stations including tunnels between are classified as Circle Line Stage 2 – Contract 823 project. 

The total length of the project is 2.4 km approximately. The case study conducted in this 

research will focus on  Tanjong Katong (TKT) Station.  
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Figure 3-2: Project Location (modified from in-house design report) 

3.2.1 General Geology and Subsoil Conditions of Singapore Island 

Singapore is a city state on Singapore Island located at the southern tip of Peninsular Malaysia 

with a total area of approximately 650 km2. The geological materials of Singapore Island can 

be broadly divided into four major types: 

a) The igneous rocks consisting of the Bukit Timah Granite and Gombak Gabbro in the 

north and central north; 

b) The sedimentary rocks of the Jurong Formation in the west and southwest; 

c) The Quaternary deposits of the Old Alluvium in the east; and  

d) Recent alluvium deposits of the Kallang Formation comprises marine clay and 

transition member distributed throughout the island. 

A simplified geological map of Singapore is shown in Figure 3.3. As shown in Figure 3.3, 

project C823 is located in the Kallang Formation area. Kallang Formation comprises two major 

units of marine clay (UMC and Lower LMC) that were formed when the straits of Singapore 

were inundated during the quaternary period. Transition units are found within the Kallang 

Formation. These transition units include estuarine and fluvial deposits which were form during 

the period when the sea level was more than 25 m below its present level (Bird et al. 2003). 

Underlying the Kallang Formation is the Old Alluvium.  The Old Alluvium is generally 
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assumed to date from the early Pleistocene period and formed a terrace of deposits from a large 

braided river system that covered much of South East Asia (Gupta et al. 1987). Deep paleo-

channels were formed from the erosion of these deposits within the Old Alluvium (Davis 1984; 

Pitt 1983). 

 

Figure 3-3: Geological Map of Singapore (DSTA 2009) 

3.3 Contract 823 Ground Investigation Works 

The original ground investigation works of C823 were conducted in five phrases. Phases 1 to 

3 were conducted prior to the tender stage, while Phrase 4 and 5 were conducted during the 

tender and detail design stages. The ground investigation work conducted in the first three 

phrases consisted of sinking a total of 40 relevant exploratory boreholes and conducting cone 

penetration tests at 26 locations along the route of C823. Two additional boreholes were carried 

out later to specifically ascertain the boundary between the Kallang Formation and Old 

Alluvium soils in the vicinity of the proposed TKT Station in Phrase 4. In Phrase 5, another 31 

additional series “A” boreholes were sunk along the route of the project during the detailed 

design stage in August to October 2012. Its objective was mainly to ascertain the geological 

profiles and some of the design parameters, as well as to minimize the risk of unforeseen 
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ground conditions during the construction stage and to optimize the design. The final 

Geotechnical Interpretative Report (GIR 2002) was based on the five phases of the 

investigation and additional investigation reports from other adjacent projects provided by 

Land Transport Authority (LTA) that were relevant to this project. 

After issuing of the GIR (2002), an additional 20 boreholes (series “B” and “N”) were sunk at 

TKT Station from November 2002 to June 2003 mainly to ascertain soil stratifications and the 

depth of the undulated Old Alluvium Formation.  

After the Nicoll Highway (COI 2005) incident in 2004, the TKT Station design approach was 

scrutinised by the authorities. In order to satisfy the new design criteria, an additional 35 

boreholes and 11 piezocone tests were carried out at TKT Station to collect the necessary 

information for re-design works. The site work was carried out between February 2005 and 

April 2006. Some re-grouting (jet-grout) work was carried out in mid-2006.  The purpose of 

the boring were to ascertain the jet grout slab thickness and collect core samples for strength 

tests, carry out field permeability tests in the Fluvial and Old Alluvium Formation, and 

ascertain the depths of undulated Old Alluvium, and additionally to carry out pressuremeter 

tests, and soil sampling for laboratory tests and installed piezometers and observation wells. 

The piezocone tests were carried out to ascertain the undrained shear strength and thickness of 

the marine clay.   

The generalised geotechnical engineering properties that are based on the final GIR (2002) will 

be described in the following Section 3.3.1. Supplementary site specific geotechnical 

engineering properties based on the additional soil investigation will be presented in Section 

3.3.2 that follows. Additional interpretations of soil engineering properties for numerical 

modelling are presented separately in the relevant sections of Chapter 4. 

3.3.1 Generalised Geotechnical Engineering Properties of Subsoils along 

Contract 823 Route 

This section reviews the generalised geotechnical properties along the C823 route. The 

information is extracted mainly from the project final Geotechnical Interpretative Report (GIR 
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2002) and Tang et al. (2004).The GIR includes additional source data from the Land Transport 

Authority to interpret the engineering properties of soils intercepted. Additional information 

collected from literature reviews, with emphasis on local or regional experiences were also 

added for comparison where appropriate. The characteristics of the geological and generalised 

geotechnical engineering properties along the route are described, summarized and presented 

in this section. All graphical presentations of GIR (2002) are given in Appendix A.  

Based on the site investigation results, the geological conditions along C823 route can be 

generalised as three major types, namely Fill, Kallang Formation and Old Alluvium. These 

three major units and the transition units of Kallang Formation are depicted in Figure 3-4. 

 

Figure 3-4: Simplified Geological Profiles along the C823 Route (modified from Tang et 

al. 2004) 

The detailed description and generalised engineering properties for each major layer will be 

presented in the following subsections. 

3.3.1.1 Fill (F) 

The fill generally consists of mainly heterogeneous sandy soils frequently mixed with gravels, 

rock fragments, concrete/bricks pieces, woods and other foreign materials. A summary of the 

engineering properties of the fill is presented in Table 3-1. 
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Table 3-1: Summary of Engineering Properties of Fill Layer (modified from GIR 2002) 

Parameter Engineering Properties Remark 
Average unit weight 19 kN/m3  
SPT N-values 3 – 7 Uncorrected 
Cone resistance 0.3 – 2 MN/m2  
Friction angle, ϕ' 28 – 31 degree Based on Meyerhof (1976) 
Undrained shear strength, cu 30 kPa Dames and Moore (1983) 
Modulus of elasticity, E 10000kN/m2 Based on local experience 
Coeff. of earth pressure at-rest, K0 0.5 Jacky (1944),  ϕ' =30 
 

3.3.1.2 Kallang Formation 

The Kallang Formation consists of two major units, namely the marine clay units and the 

transition estuarine and fluvial units:  

a) Upper and Lower Marine Clay Layers (UMC and LMC) 

b) Estuarine Layer (E) 

c) Silty/Clayey Sand Layer (Fluvial Sand F1); 

d) Silty Clay Layer (Fluvial Clay F2) 

The silty clay (F2) is encountered mainly as an intermediate layer between the UMC and   LMC 

layers as well as sublayers found in ‘buried channels’. The estuarine layer and clayey sand (F1) 

are only encountered in a few boreholes and they are generally discontinuous laterally over the 

site, albeit a substantially continuous thin estuarine layer which can be found mainly at very 

shallow depths, (i.e. below the fill layer), and at greater depths in certain areas.   

a)  Marine clay layers (UMC and LMC) 

The marine clay layers are the predominant layer within this formation found at the site. The 

maximum thickness encountered in the site investigation is up to 30 metres. The marine clay 

is generally encountered in two distinct layers, which are separated by the Fluvial Clay (F2) 

member about RL 83 m, along almost the entire alignment of the project except at certain 

sections of the project where there is only the presence of the UMC layer. The consistency of 

the UMC layer is generally very soft to firm, while the LMC layer is soft to firm. The colour 
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of the soil is grey and bluish/greenish grey. The soil frequently contains shell fragments and 

traces of sand and peat. A summary of engineering properties of the marine clays are given in 

Table 3-2 and is followed by a brief descriptions of how these were derived.   

Table 3-2: Engineering Properties of Marine Clays (modified from GIR 2002) 

Parameters Engineering 
Properties Parameters Engineering Properties 

Moisture content 60% - 70% (UMC) 
50% - 60 % (LMC) 

Plastic limit 25% - 35% ( UMC/LMC) 

Liquid limit 70% -80% (UMC) 
60% - 70% (LMC) 

Unit weight 16.0 kN/m3 (UMC) 
16.5 kN/m3 (LMC) 

pH 
Chloride content 
Total SO4

2- 

7.5 – 8.5 
0.1% - 0.8% ( 1000-8000 ppm) 
< 0.3% 

Undrained shear 
strength, su 

su = 5+1.5z*(kPa) 
(UMC) 
su = 15+z (kPa) 
(LMC) 

Eff. friction 
angle, ϕ' 
Cohesion, c' 
(CIU) 

22o 

5 kPa 

Compression 
index, Cc 

0.75 (UMC)  
0.65 (LMC) 

Coefficient of 
consolidation, cv 2 m2/year  

Ko 0.65 Permeability 1 x 10-9 m/s 
Undrained secant 
modulus E50 

75 – 300 cu**, 
(kPa) OCR 1 

Note:                                                                                                                                                                          
*z – Depth below ground level, uncorrected field vane strength                                                           
**Undrained shear strength from UU test.                                                                                               

There is a distinct difference in the index properties and shear strength between the UMC and 

LMC. These are thought to be due to the different periods of depositions. The intermediate 

layer was probably formed due to the effect of desiccation and weathering when the sea level 

dropped (Sharma et al., 1999). The particle size distribution of both UMC and LMC indicates 

that the formation is prominently clay-silt (< 0.075 mm) amounting to almost 100%.  

The undrained shear strengths were derived from uncorrected field vane (FV) tests and 

unconsolidated undrained tri-axial compression (UU) tests. Both data are rather scattered. The 

UU test generally produce lower undrained shear strength when compared to those obtained 

from FV (see Figure A-1) .This is understood to be a common trend due to sample disturbance 

during the sampling process, and no consolidation is performed in the UU test to remove the 
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sample disturbance effects. The liner equations given in the table represent the average values 

of FV tests and are considered more representative. The effective stress parameters were 

measured from Consolidation Undrained Tri-axial (CIU) tests using the p’-q plot best fit line 

and with the removal of poor out-of-range data (see Figure A-2). 

The pre-consolidation pressure versus depth graph given in Figure A-3 indicates scattering of 

data within a narrow range most likely due to sample disturbance. The Over-Consolidation 

Ratio (OCR) is about 1, (i.e., normally consolidated). This is closed to the OCR of 1.2 to 1.5 

reported by Shirlaw et al. (2006). 

The compression indices as given in Figure A-4 generally vary between 0.5 and 1.0. 

Representative values of 0.75 and 0.65 are chosen for UMC and LMC respectively. Coefficient 

of consolidation as given in Figure A-5 generally varies between 0.5 and 4 m2/year with a 

representative value of 2 m2/year. 

The coefficient of Earth Pressure at Rest (K0) as given in Figure A-6 was obtained from 

Dilatometer tests carried out at 6 locations along the route. K0 values range between 0.62 and 

0.72.  Tan (1983) reported K0 values of between 0.52 and 0.72; Dames and Moore (1983) 

recommended 0.6 to 0.7; Chang (1986) reported K0 values of between 0.75 and 0.8. Chong 

(2002) reported that for LMC, K0 values between 0.70 and 0.75 were obtained from 

Dilatometer tests and 0.6 to 0.65 from laboratory K0-ring test. K0 values of UMC is expected 

to be lower than those obtained by Chong (2002) for LMC.  

Alternatively, the K0 can be calculated using the   formula   K0 = (1-sinϕ') (OCR)sinϕ' proposed 

by Mayne and Kullaway (1982). For ϕ' = 22 and OCR close to 1, K0 =0.63. K0 = 0.65 is 

considered representative. 

Permeability (k) values were obtained from laboratory falling head tests. Values in the range 

of 5x10-10 and 1x10-9 m/s were obtained. Tan (1983) reported  between 10-9  and 10-10 m/s. 

Dames and Moore (1983) recommended 1x10-9 m/s. k = 1x10-9 m/s is considered representative. 
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Undrained secant modulus (E50) at 50% strain were obtained from UU tests, as given in Figure 

A-7 , is in the range of 75 to 300 times of the undrained shear strength obtained from the UU 

tests. Dames and Moore (1983) recommended 200 ratio (UU test). Nicholson (1987) and 

Wallace et al. (1992) recommended 450 ratio. Tan (2004) recommended that Eu/cu = 200 to 

300 is good to use for Singapore marine clays. Both did not elaborate on how the undrained 

shear strength was obtained. Lim et al. (2003) compared 3 programs (Wallap, SAGE CRISP 

and EXCA V97) using four case histories and found that the Eu/cu ratio from back analysis was 

in the range of 100 to 300. For Wallap, Eu/cu = 250 to 300 yielded good agreement; Eu/cu = 200 

and 300 yielded good results for SAGE CRISP (hyperbolic model) and EXCA V97 (hyperbolic 

model) respectively. However, it is not clear what tests were used to determine the undrained 

shear strength except one using field vane strength corrected with Bjerrum’s correction factor.  

b) Estuarine layer (E) 

The estuarine layer consists of very soft to stiff dark peaty clay and loose grey to dark brown 

loose sand. The estuarine layer was intercepted only at a few locations and generally 

discontinued laterally over the site. Continuous thin layers may be found just below fill 

materials or at greater depth at certain locations. A summary of the engineering properties is 

given in Table 3-3. A brief description is given in the following paragraph. 

The properties are well within the expectations except for the effective friction angle. The 

values obtained from CIU tests using p’-q plot appear to be high (see Figure A-8). Normally 

the effective friction angle is expected to be less than 20 degrees and around 15 degrees for 

estuarine clay. Dames and Moore (1983) reported 5 to 8 degrees. Based on CIU test results of 

3 samples, Dames and Moore (1983) reported that the undrained secant modulus ratio Eu/cu in 

the range of 278 to 513 and 400 is considered representative.   The Eu/cu ratio of 300 was 

recommended by the GIR (2002). cu =3.5 N was obtained from cu verses SPT N plot (see Figure 

A-9). K0 value was not measured. However, Chang (1986) reported that the peaty clay, organic 

clay and peaty clayey sand layers K0   values at 2 sites in Singapore using dilatometer were in 

the range of 0.7 to 1.0 with most of the data around 0.8. In MRT Phase 1 construction, 0.9 to 1 

were adopted  
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Table 3-3: Engineering Properties of Estuarine Layer (modified from GIR 2002) 

Parameters Engineering 
Properties Parameters Engineering Properties 

Moisture content 70 – 100% Plastic limit 40% - 60% 
Liquid limit 100% - 120% 

Unit weight 14-16 kN/m3 

pH 
Chloride content 
Total SO4

2- 

Organic Contents 

3.2 – 6 
< 0.2% 
0.1% – 1.3% 
3% - 11% 

Undrained shear 
strength , cu (UU) 

10 – 50 kPa 
 

Eff. friction 
angle, ϕ' (CIU) 

30 o 

( c'=0) 
Compression 
index Cc 

0.2 -1.5 Coefficient of 
consolidation, cv 

1 – 8 m2/year 

OCR 1 SPT N-values 0 – 10 
Undrained secant 
modulus Eu (UU) 1000 – 7000 kPa Silt and Clay 

contents 90 – 100 % 

 

c) Silty/clayey sand layer (Fluvial Sand F1) 

The Fluvial Sand (F1) mainly consists of silty/clayey fine to coarse grained sand, light to dark 

grey-brown in colour, and was intercepted only at a few locations and generally discontinue 

laterally over the site. Continuous thin layers may be found just below fill materials or at greater 

depth at certain locations. Fiction angle was derived from SPT N values. For loose to medium 

sand, as an average, 30 degrees is considered appropriate. A summary of the engineering 

properties is given in the following Table 3-4.  

Table 3-4:  Engineering Properties of Fluvial Sand (modified from GIR 2002) 

Parameters Engineering Properties 
Unit weight 20 kN/m3 
SPT N values 3 – 15 
Friction angle, ϕ' 30o 
Grain size distribution Gravel: 0 – 30% ; Sand: 60%; Silt and Clay: 5-35% 
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d) Silty clay layer (Fluvial Clay F2) 

The Fluvial Clay (F2) layer predominantly consists of soft to very stiff silty/sandy clay. The 

soil could be encountered in two or more sublayers, with the upper layer usually being 

sandwiched between the upper and lower marine clays at about RL 83 m. The lower sublayers 

were intercepted at greater depth below the lower marine clay. The colour of the soils is 

reddish/yellowish brown, yellowish grey and light grey to grey. A summary of the engineering 

properties is given in the following Table 3-5 followed by a brief description. 

Table 3-5: Engineering properties of Fluvial Clay (modified from GIR 2002) 

Parameters Engineering 
Properties Parameters Engineering 

Properties 

Moisture content 20 – 40% Plastic limit 
Liquid limit 

15 - 30% 
40 - 70% 

Unit weight 17 – 20 kN/m3 
 pH 
Chloride content 
Total SO4

2- 

6 – 8 
0.1% - 0.3% 
<0.2% 

Undrained shear 
strength (UU) 10 – 20 kPa Eff. friction angle, ϕ' 

Cohesion, c' (CIU) 
25o 

5 kPa 

Compression index 0.1 – 0.5 Coefficient of 
consolidation, cv  

1 – 8 m2/year  

OCR 2 – 2.5 SPT N-values 2 - 20 

Undrained secant 
modulus E50 (UU) 

  
10000 – 20000 kPa 

Gravel 
Sand 
Silt and Clay contents 

0 – 5% 
0 – 30% 
65 – 100 %  

K0 0.8 -0.85   

The undrained shear strength was obtained from UU Test. If the undrained shear strength is 

plotted against SPT N, as given in Figure A-10, an average of cu =4.5 N relation could be 

obtained. The undrained modulus seems to be low and it is likely caused by sample disturbance. 

The coefficient of earth pressure at rest (K0) was obtained from the Mayne and Kullway (1982) 

formula. The effective stress parameters were measured from CIU tests using the p'- q plot 

best-fit line as given in Figure A-11.  
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3.3.1.3 Old Alluvium Formation (OA) 

The Old Alluvium (OA) is one of the major geological formations in Singapore.  It consists of 

lightly cemented Pleistone sediments formed about two million and seven million years ago. 

Along the route the OA is overlain by the Kallang Formation. The undulated OA layer 

predominantly consists of frequently cemented cohesionless silty sand and clayey sand layers 

and cohesive silty clay and sandy clay layers. The colour is generally yellowish/reddish brown 

and light grey to greenish/bluish grey. The soil consistency is generally medium dense to very 

dense for the sandy soils and stiff to hard for clayey soil. A summary of the engineering 

properties is given in the following Table3-6 followed by a brief description. 

Table 3-6: Engineering Properties of Old Alluvium (modified from GIR 2002) 

Parameters Engineering 
Properties Parameters Engineering Properties 

Moisture content 15% - 30%  Plastic limit 
Liquid limit 

10% - 30%   
40% - 60%   

Unit weight, kN/m3   19 – 21   
  

pH 
Chloride content 
Total SO4

2- 

4 – 8 
< 0.15% - 0.8%   
< 0.08% 

Undrained shear 
strength cu (kPa) 

   
cu = 2N – 10N  
  

 
Eff. friction angle 
and cohesion 
(CIU) 

 N c' (kPa) ϕ' (deg.) 
≤ 30 20 25 
30 - 50 25 30 
 ≥ 50 30 35 

Undrained  modulus 
Eu  (kPa) 
 

 
Eu =1 N – 4 N  
  

 
Grain size (%) 
  

  Gravel Sand Silt and 
Clay 

0 0 - 45 55 -100 
0 60-70 5 - 30 

 K0 1   SPT  N-values   5 - >100. (N = 10+4.5 d) 

The SPT N-values reported, as given in Figure A-12, were various from 5 to greater than 100 

and scattered. For 0-20 m (d) below the top of OA, the N-values can be represented by 10 + 

4.5 d. The d >20 m, the N values are set to be 100. Since these N-values are for the entire route 

and can be erratic, it is advisable to check the N-values for a particular location or locally before 

use. Similarly, the undrained shear strength and undrained modulus are either based on or 

related to SPT-N and should be checked against the N-values for a particular location or locally. 
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Larger variation of undrained shear strength versus N-values as shown on Figure A-13.  cu = 4 

to12.5 N (kPa) was reported by Orihara and Khoo (1998). Li and Wong (2001) also reported 

large variation. 

Note that the undrained moduli were obtained from pressuremeter tests and combined all the 

data from other projects in Singapore and relates to SPT N values. Some inconsistency due to 

tools used and skill of operators   is therefore expected. The gradient of the initial loading curve 

was used to derive the undrained modulus. Thus for an unloading case, the undrained modulus 

is expected to be higher. A summary of the results is given in Figure A-14. 

Effective friction angle and cohesion were obtained from p'- q plots best-fit lines of CIU tests. 

The values are subdivided into three sub-layers according to the SPT N values. These are shown 

in Figure A-15 to Figure A-17. 

A separate assessment carried out by Chu (2003) using Manzier samples on OA produced the 

following results: Plasticity index in the order of 15.5 to 28.6%; permeability in the order of 

10-10 m/s; Cc and Cr from consolidation in the order of 0.08 to 0.09 and 0.02 to 0.04 respectively. 

Effective friction angle from CIU tests was in the order of 40o to 41o (cohesion was not 

indicated) 

Sharma et al. (1999) reported that the moisture content was in the range of 16 to 33; Plastic 

Limit was in the range of 19 to 23; Liquid Limit was in the order of 19 to 23. Horizontal 

permeability from field falling head test in the order of 3 to 18 x10-10 m/s. Cc and Cr from 

consolidation tests were 0.07 to 0.2 and 0.015 to 0.025 respectively. OCR was reported to be 

less than 2. Effective friction angle and effective cohesion from CIU tests were in the range of 

35o/2 kPa, 36o/8kPa and 35o/30 kPa in correspondence with the three OA layers based on the 

SPT N< 25, 25 to 100 and N ≥100. 
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3.4 TKT Station: Site Specific Geotechnical Engineering 

Properties of the Sub-Soils 

3.4.1 Introduction 

This section will present the geological and geotechnical engineering properties derived from 

the additional soil investigation at TKT Station. Field tests are described here. Only good 

quality test and those to be used in the numerical analysis will be described. Out of range data 

were removed. Laboratory tests including CIU and consolidation test will be presented in 

Chapter 5 along with the derivation of stiffness properties for numerical analysis in-put. 

3.4.1.1 Soil stratification 

Simplified site specific geological sections are shown in Figures 3-5 and 3-6. Note that these 

two figures are modified based on the GIR 2002 report. Specific sections for analysis will be 

presented together with the numerical analysis model in Chapter 5. One of the major findings 

of the investigation was that the undulated Old Alluvium Formation is much deeper than 

previously known and that a buried channel may be present. This will be elaborated on in 

Chapter 4.  Variation of marine clays thickness   and discontinuity of transition layers over a 

short distance across the station are evident. 
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Figure 3-5: Simplified Geological soil profile at TKT station along North bound Tunnel 

(modified from in-house design report) 

 

Figure 3-6: Simplified Geological Soil Profile at TKT Station along South Bound 

Tunnel (modified from in-house design report) 
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3.4.1.2 Undrained shear strength. 

Undrained shear strength can be derived from piezocone tests using the following formula. 

Where qt is corrected total cone resistance, σv is total over-burden pressure and Nkt   is an 

empirical cone factor. Appropriate values of bearing factor for estimating the undrained shear 

strength have been studied by many researchers (Keaveny and Mitchell 1986; Konrad and Law 

1987; Yu and Mitchell 1998) without any consensus reached. This is because the undrained 

shear strength is dependent on many factors including direction of loading, strain rate, 

boundaries condition stress level, sample disturbance effects and others (Ladd 1991). 

 For Singapore Marine Clay, Bo et al. (1998b) proposed Nkt = 13, while Tan et. al. (2003) 

recommended Nkt = 12.  A range of value 12 -14 were used by various experts contributing to 

the COI 2005. For example, Whittle and Davies (2006) used Nkt = 14 for assessing the 

geotechnical factors affecting the design of Nicoll Highway excavation supporting system.  

The lower bound Nkt =14 is adopted here for derivation of undrained shear strength from 

piezocone tests. Based on the test results, it can be seen from Figure 3-7 that the value of qt - 

σv can be taken as 0.4 +0.01z (MPa). The rest of the test results and test location are given in   

Figure A-18 and Figure A-19 in Appendix A respectively. 

Using Nkt =14 for conversion, the undrained shear strength of marine clay derived from 

piezocone tests can be represent by: cu = 29 +0.7z (kPa) where z is from RL 100.00 m. A 

comparison of this with the one used in the final design for TKT Station and those derived from 

field vane, UU tests and SPT N values are shown in Figure 3-8. The results of UU tests and 

those converted from SPT N values are scattered. This is because the samples from UU test 

and SPT N values include those of fluvial and estuarine clays. Sample disturbance can be  

 su = ( qt - σv ) / Nkt   Eq. 3-1 
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Figure 3-7: Piezocone Test Results -Depth verses qt - σv . 

another contributing factors. Final design and initial design values are included for comparison 

purpose. Note that the initial design was based on generalised strength profile. It seems that the 

initial design and final design values other than those of LMC agreed quite well. The initial 

design used comparative conservative values for UMC. The final design line is slightly lower 

than the piezocone results. The piezocone results from Figure 3-7 appear to be most optimistic 

in all cases. 
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Figure 3-8: A Comparison of Undrained Shear Strength from Various Tests, TKT 
Station 

3.4.1.3 Ground water monitoring results. 

Ground water levels and pore pressures were monitored using standpipes, Casagrande and 

vibrating wire piezometers installed at various depths and these, together with the readings 

taken on 10 December 2004, are summarised in Table A-1.  For design purposes, the water 

level or pore pressure is normally taken as one meter below ground level.  

3.4.1.4 Pressuremeter test.  

For pressuremeter testing, both the equipment and configuration and user technique can be 

critical to obtain good results (Benoit and Clough, 1986). A total of 11 pressuremeter test 

results were collected at the site. Single cell pressuremeter with double load cycle was 

performed to determine the deformation modulus of the Fluvial F1 and F2 layers below the 
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UMC. Typical test results are given in Figure 3-9. All the results are summarised in the 

following Table: 3-7.  The values appear to be low based on local experience. Note that 14.5 

MPa was used in Singapore MRT Phase 1 project.  One of the possible reasons of getting low 

values could be due to tools used and skill of operators.  Despite the shortfalls, it  can be seen 

that the undrained modulus derived from the loading-reloading stage is 2 to 4.2 times higher 

than the initial loading curve with the exception of H2-PMT4.  

 

Figure 3-9: Pressuremeter Test Typical Results (Additional SI Report H-Series) 

Table 3-7: Summary of Pressuremeter Test Results (modified from Additional SI 
Report H-Series) 

BH No. Test No. Depth            
m 

Em     
MPa 

Er       
MPa 

Er/Em Soil 
Layer 

 
 

H2 

PMT-1 21.00 3.60 11.70 3.3 F2 
PMT-2 39.50 3.90 7.90 2.0 F2 
PMT-3 47.00 8.80 32.50 3.7 F1/F2 
PMT-4 48.50 4.80 39.60 8.3 F1 

 
H3 

 

PMT-1 18.75 1.70 6.90 4.1 F2 
PMT-2 33.50 3.50 11.60 3.3 F2 
PMT-3 34.90 10.40 43.70 4.2 F1 

 
H5 

PMT-1 22.00 3.90 15.30 4.0 F2 
PMT-2 41.70 13.90 27.80 2.0 F1 
PMT-3 45.00 15.60 46.40 3.0 F1 
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3.4.1.5 Jet grout cores test results 

Jet grout samples were collected using a triple tube core barrel for uniaxial compression 

strength (UCS) test. The samples were taken where the jet columns were overlapping. A total 

core recovery (TCR) of 80% is considered satisfactory. Sampling locations were spread evenly 

across the entire station box. Graphical presentations of the results are given in the following 

Figure 3-10. Design requirements are indicated on the figures. These requirements are to ensure 

the jet grout slabs (JGS) are sufficiently intact and will not be over-stressed which may lead to 

brittle failure of the slab as ground support.   

 

Figure 3-10: Strength Test Results (modified from in-house design report) 

3.5 Derivation of Conventional Geotechnical Design Parameters 

for TKT Station. 

A conservative design approach was adopted. The geotechnical parameters adopted were 

equivalent to the moderately conservative values as defined in BS 8002. Summaries of MC 
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model parameters identical to those used in the final design are given in the following tables, 

Table 3-8 to Table 3-10.  

From the tables, it can be seen that some parameters use a lower bound of the values given 

recommended in the GIR 2002. For example, for marine clays, instead of c'=5 and ϕ' =22°; 

c'=0 and ϕ' =20° were adopted. The Eu =2N of OA given in GIR has been replaced with Eu 

=1.5N, the lower bound value. The ratio Eu / E' =1.11 is used to derive the effective modulus. 

The undrained shear strength for the additional piezocone tests has been used as a reference 

line and a slightly lower values was adopted (Figure 3-8). The strength parameters of OA 

have been revised to reflect the site specific geotechnical properties unveiled from the 

additional investigation. For jet grout improved soils, the undrained shear strength is set at 

500 kPa as derived from the minimum UCS strength of the core test results. However, all 

parameters are within the reasonable range. The Ko values adopted are largely reliant on local 

experience. 

Table 3-8: Fill and Marine Clays Design Parameters (modified from in-house design 
report) 

Formation Fill Marine Clay 
Grouping N<10 UMC LMC 

Parameter Unit    
SPT-N  5 --- --- 

Unit weight kN/m3 19 16 17 
Moisture content % 25 50 70 
Dry unit weight  15.2 10.7 10 

  su kPa --- 20 + Z*(Z<20m) 35 + Z*(Z≥20m) 
  c' kPa 0 0 0 
  ϕ' degree 30 20 20 

Eu/su  --- 300 300 
Eu (Lower bound) MPa --- 6.0 10.5 

E' MPa 10 5.2 9.1 
k  m/s --- 1.0E-07 1.0E-08 

Ko   0.5 0.7 0.7 
  Note: Eu/E'=1.15. Z: from ground surface.     
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Table 3-9: Estuarine and Fluvial Deposits Design Parameters (modified from in-house 
design report) 

Formation Estuarine Fluvial Deposit 
Grouping Upper Lower F1 (Sand) F2(Upper) F2(Lower) 

Parameter Unit      
SPT-N  1 8 10 10 12 

Unit weight kN/m3 14.5 16 20 19 19 
Moisture content % 90 70 30 25 20 
Dry unit weight  7.6 9.4 15.4 15.2 15.8 

 cu kPa 15 40 --- 50 60 
 c' kPa 0 --- 0 0 0 
 ϕ' degree 18 --- 30 25 25 

Eu/cu  250 300 --- 300 300 
Eu MPa 3.8 12.0 --- 15.0 18.0 
E' MPa 3.3 10.4 15 13.0 15.7 
k  m/s 1.0E-07 5.0E-07 5.0E-06 1.0E-07 1.0E-07 

Ko    1 1 0.6 0.7 0.7 
 

Table 3-10: Old Alluvium and JGS Design Parameters (modified from in-house design 

report) 

Formation Old Alluvium 
JGS Grouping N<30 30<N<50 50<N<80 N≥80 

Parameter Unit      
SPT-N  20 40 50 100 --- 

Unit weight kN/m3 20 20 20.5 21 16.5 
Moisture content % 25 20 15 15 45 
Dry unit weight  16 16.7 17.8 18.3 11.4 

 cu kPa 100 200 250 500 500 
 c' kPa 5 10 15 35 --- 
ϕ' degree 32 32 35 35 --- 

Eu/cu  300 300 300 300 300 
Eu MPa 30 60 75 150 150 
E' MPa 26.1 52.2 65.2 130 130 
k  m/s 1.0E-06 1.0E-07 1.0E-07 1.0E-07 1.0E-07 

Ko   0.8 0.8 0.8 1 0.4 
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3.6 Concluding Remarks 

a) This chapter introduces project CCL2, and summaries the general geology and 

generalised geotechnical properties of the subsoils along the route. TKT Station site 

specific geotechnical properties based on additional soil investigations were introduced 

so that appropriate soil formation and design parameters can be derived more 

specifically for the station. 

 

b) The TKT Station site is located in the quaternary Kallang Formation area with the soft 

marine clay deposits which can be up to 30 m in thickness and underlain by Old 

Alluvium (OA) of the early Pleistocene period. This is a developed area and thus 

unavoidable man made fills are present at ground surface. Intermediate layers such as 

estuarine clay, fluvial deposits are present above the OA Formation. Additional 

investigations were carried out to ascertain soil stratifications and strength properties 

of the soft marine clays and the depths of the underlying OA Formation.    

 

c) The final design parameters for the MC model were based on the recommendations 

given in GIR (2002) but adopted lower bound parameters. This is equivalent to 

moderately conservative values as defined in BS 8002. Some parameters, for example, 

the Ko values and Eu/su ratio of 300 for marine clays, were based on local experience.  

 

d) For design purposes, the groundwater level can be assumed to be 1 m below the existing 

ground surface. 

 

e) Engineering properties of the jet grout slab were investigated with additional boring 

and found to be within design expectations. 
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4 CHPTER 4: TKT STATION- DESIGN, 
CONSTRUCTION HISTORIES AND 

GEOTECHNICAL INSTRUMENTATION 

4.1 Introduction 

This chapter presents a general introduction to Tanjong Katong (TKT) Station, its design and 

construction histories, counter measures implemented to satisfy new design criteria and 

geotechnical instrumentation of the station.  

4.2 TKT Station 

The Tanjong Katong Station (TKT) is located between Old Airport Road Station (OAR) and 

Paya Lebar Station (PYL) as shown in Figure 4-1.  A site plan of TKT Station is shown in 

Figure 4-2 

 

Figure 4-1: Location of TKT Station (modified from in-house design report) 
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Figure 4-2: TKT Schematic Lay-out Plan with Excavation Depth Indicated - Original 
Design (modified from in-house design report) 

The excavation for the main station box is about 18m deep with a slightly shallower section 

(16m deep) east of the station box, on the north side. This section is contained with 800 mm 

thick diaphragm walls. 

Shallower excavation (10 m to 14 m deep) for entrances and pits attached to the main station 

are constructed within sheet piles. The sheet piles extend about 2 m below excavation level and 

are supported at the base by 2 m to 6 m thick jet grout slab (JGS) extending to the diaphragm 

wall. 

The underside of the main station base slab is at elevation 84.38m RL. To support the 

diaphragm wall below excavation level, one or two layers of jet grout slab are used. The level 

of the top jet grout slab is at 80.5 or 81.5m RL. The station box was strutted internally with 5 
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levels of struts. Bottom-up construction sequences were adopted. Typical station cross sections 

are given in Figure 4-3. 

 

 

Figure 4-3: Typical Station Box Cross Sections (Figure 4-2 Section 1-1) - Original 
Design (modified from in-house design report) 

                                                                                                                                                                                                                                    

4.2.1 Design and Construction History 

The initial geotechnical design was completed in 2002. The initial design used Undrained 

Method C (Section 4.2.2.1) available in PLAXIS Ver.7-2; assumed surcharge loading of 20 

kPa over a 30 m influence zone; 0.5 m over-excavation  and factor of safety (FoS)  for basal 

stability was  FoS  ≥ 1.2. Design parameters recommended in the Final Geotechnical 

Investigation Report (GIR 2002) were adopted in general. 

Stage-by-stage bottom-up construction method was adopted for station box construction. 

Construction of diaphragm walls and sheet pile walls were started in early 2003. Station box 

excavation was started in late 2003. Due to the Nicholl Highway incident (collapsed of a section 
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of cut–and-cover tunnel of Circle Line Stage 1 Contract C824 adjacent to the Nicoll Highway 

on 20th April, 2004), the construction was put on hold, while the causes of the collapse were 

investigated.  

 

Figure 4-4: Nicholl Highway Incident (Public Domain) 

By that time all diaphragm walls, sheet pile walls, jet grout slabs and bored piles had been 

installed. At the western end, the receiving shaft had been excavated with the temporary base 

slab cast; two levels of struts had been installed from the receiving shaft to Grid Line 4 

(excavation depth about 5 m). Between Grid Lines 4 and 8, one level of struts had been installed. 

To the east of Grid Line 8, some excavation had been carried out or the excavation backfilled. 

See Figure 4-5.  

 

Figure 4-5: Indicative Excavation Progress before Major Excavation Resumed 

(modified from in-house construction progress report)  
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Figure 4-6: Receiving Shaft before Major Excavation Started, Western-End of Station 
(modified from in-house construction progress report) 

The Committee of Inquiry report (COI 2005) identified two key errors, among others, are in 

the design of the temporary retaining system.  

a. Under-design of diaphragm wall due to the method used to analyse soil-structure 

interaction. 

b. Under-design of strutting system. 

Undrained Method A (Section 2.4.4.1) was used and led to: overestimation of the undrained 

shear strength and under-design of the supporting system; insufficient wall embedment for 

hydraulic cut-off and against basal heave; inappropriate choice of permeability value for the 

Old Alluvium and inadequate performance of jet grout slabs amongst others (Endicott 2006; 

Schweiger & Vermeer 2004; Whittle & Davies 2006). 

A more stringent design criteria was then introduced. Major changes were that the temporary 

works should be designed to the same standards as permanent works. Retaining wall basal 

stability factor of safety was required to increase from 1.2 to 1.5. Load factor for temporary 

work design increased   to 1.4. Maximum horizontal wall deflection ≤ 150 mm is acceptable. 

These criteria posted considerable difficulty in implementation for the diaphragm walls and 

sheet pile walls that had already been constructed. 
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Additional soil investigation was carried out at the end of 2004 and into 2005 to specifically 

ascertain the boundary between the Kallang Formation and Old Alluvium and to determine site 

specific geotechnical design parameters, ground water regime and properties of the jet grout 

slab at TKT Station. A total of 11 piezocone tests and 29 boreholes were sunk. The piezocone 

tests were intended to provide strength parameters and soil stratifications; the boreholes were 

drilled to collect jet grout slab core samples, and disturbed and undisturbed soil samples; field 

permeability tests, a field vane test (one test only) and installed piezometers in selected 

boreholes were also carried out.  

4.2.2 Revised Design Approach 

Design reviews were first carried out in mid to late 2004 based on COI intermediate report and 

carried into late 2005, and finalised based on the Advisory Note (2005) which was prepared in 

responses to COI final report findings.  The new design numerical modelling adopted was 

Undrained Method B (Section 2.4.4.1). Surcharged loading of 10 kPa was assumed and basal 

stability FoS ≥1.5. The elastic-perfect plastic Mohr-Coulomb (MC) model of the finite element 

code PLAXIS 2D (Ver. 8) was used. 

From the additional investigation, it was found that a deep channel exists in the Old Alluvium 

and the Old Alluvium was deeper than previously known (see Figure 4-7 and Figure 4-8).  In 

order to achieve satisfactory cut off, it was necessary to extend the diaphragm into the OA 

Formation and certain locations to achieve satisfactory ground water flow cut off (see Figure 

4-7). Additional retaining walls and barrettes were required enhance the existing   diaphragm 

wall structural capacity so as to satisfy the new requirements. Counter measures such as 

additional diaphragm walls of 800 mm or 1000 mm in thickness, secant piles, barrettes or T-

shape barrettes were introduced at the inside or outside of the station box to provide additional 

structural capacity. The new diaphragm walls were designed to penetrate into OA Formation 

at least 2 m and water flow was cut off. Additional jet grout slabs were introduced as lateral 

support at one of the entrances that was supported by sheet pile walls. A more robust strutting 

system and strengthening of existing diaphragm wall with additional reinforcement were 

designed. These counter measures, excluding strutting and strengthening of diaphragm walls, 
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are indicated in Figure 4-10. Site specific geotechnical design parameters from the additional 

investigation were used in additional to the generalised parameters for the route. 

 

Figure 4-7: Elevation of OA Formation Based on Original Investigation (modified from 

in-house design report). 

   

 

Figure 4-8: Elevation of OA Formation Based on Additional Investigation (modified 

from in-house design report).         
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Figure 4-9: Proposed Counter Measures (modified from in-house design report)  

 

 

Figure 4-10: Additional Diaphragm Walls Excavation into Old Alluvium (South, 
between Grid 14 and 17, site photos) 
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4.2.3 Instrumentation 

The station and the adjacent building structures were heavily instrumented .However, not all 

monitoring data are available. Ideally, for a proper assessment of the performance of a retaining 

system, the following monitoring data should be available: diaphragm wall deflections, strut 

loads, ground surface settlement, excavation base heave, and piezometer readings. However, 

only the following data have been collected: complete inclinometer data and construction 

records from the beginning of the construction of the station in 2006 to completion in 2008; 

initial piezometer readings before major excavation had taken place; and limited ground 

settlement data. Ground water and pore pressure measurements have been presented in the 

previous chapter. The ground settlement measurements are considered unreliable due to the 

disturbances caused by auxiliary works associated with the construction of the station. These 

auxiliary works include underground utilities relocation, stock piling of construction materials, 

movements of construction machineries and the like in the rather congested site. Moreover, the 

ground settlement points were not installed in an array perpendicular to the diaphragm walls, 

but rather were scattered in lanes or yards of adjacent building blocks. Some were installed on 

concrete surfaces which provide arching effects when the ground below settled, and thus the 

settlement observed may not truly reflect actual ground settlement. Also it should be noted that 

all heave indicators installed in the excavation area were destroyed during the early stage of 

excavation. Therefore, the performance of the retaining system can only be assessed based on 

inclinometer data. The installed inclinometers, both in the diaphragm wall and in soil are shown 

in Figure 4-11. Note that some inclinometers were destroyed during the course of excavation. 

For example, the inclinometer installed at the south of Section E-E was destroyed before major 

excavation had taken place. An inclinometer I-7305R was installed in soil just behind the 

diaphragm wall to replace the damaged inclinometer. 
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Figure 4-11: Locations of Inclinometers (modified from in-house monitoring report) 

4.2.3.1 Inclinometer data. 

An inclinometer can be installed in soil or in diaphragm wall panel. An inclinometer installed 

in soil is used to monitor soil lateral movement. Sometimes magnetic sensors are attached to 

the inclinometer casing to monitor vertical soil movement. An inclinometer installed in a 

diaphragm wall panel is used to monitor diaphragm wall lateral deflections. To ensure toe fixity, 

inclinometers were installed at least 2 m below the toe of diaphragm wall into OA Formation 

generally with SPT N >50 . When an inclinometer in the diaphragm panel is damaged during 

construction, or an extra inclinometer is needed, the replacement or new inclinometer is usually 

installed in the adjacent ground. 

For TKT Station, inclinometer data and excavation progress records from the beginning of the 

major excavation in 2006 to completion of the station box construction in 2008 were collected.  

The inclinometers were monitored daily during the excavation of th station box. To avoid 

possible measurement or instrumental errors, at last 10 sets of  data, five each before and five 

after a targeted date (normally it is the date when stage excavation is completed and before 
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prestressing of the installed struts at that level is started) are assessed and the stabilised readings 

chosen to represent wall deflections at that stage. A typical graphical presentation of 

monitoring records for Section E-E is given in Figure 4-12.  Note that inclinometer I-7305R 

was installed in soil to replace the one in the diaphragm wall that was damaged in the early 

stage before the beginning of major excavation. I-1016R was installed in the diaphragm wall 

panel. The differences in measured horizontal deflections are obvious. I-7305R measured soil 

horizontal movements behind the diaphragm wall. Since it is in an elastic horizontal 

deformation, the soil movement cannot be larger than the diaphragm wall horizontal deflection, 

so the possible causes of larger inclinometer deflection could be attributed to softening of 

cohesive soils due to disturbances caused by diaphragm wall construction; during inclinometer 

installation, the grouting process and grout property all contribute to non-elastic horizontal 

deformation within the soil mass. Additionally, perhaps the relatively thicker marine clays at 

this location as compared to I-1016R also have some contribution to the larger inclinometer 

deflection. 

It must also be emphasized that the correctness of field performance data can, to a large extend, 

affect the results since these performance data represent the actual behaviour of the retaining 

system and ground responses. In this study, data from I-1016R will be used to represent 

diaphragm wall horizontal deflection while data from I-7305R are provided for reference and 

comparison.  

Simplified soil columns of adjacent boreholes are provided for easy reference. The relative 

locations of these boreholes together with the inclinometer locations to section E-E are given 

in Figure A-19 in Appendix A. 
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Figure 4-12: Diaphragm Wall Deflections, Section E-E (modified from in-house 
monitoring report)  

4.3 Concluding Remarks 

a) The original retaining system design had to be revised based on the Advisory Note 

which was prepared in response to the COI final report findings of the Nichole Highway 

incident. Additional strengthening works on retaining walls were introduced by 

installing additional diaphragm walls, bored pile walls and barrettes to satisfy new and 

much more stringent excavation safety requirements. 

 

b) Additional soil investigations were carried out to investigate the thickness of soft 

marine clays and the depth of the OA Formations.  It was found that the depth of the 

OA Formation at cornel South of Grid 14 to 17 was much deeper than originally thought. 

Appropriate underflow cut-off measures were introduced by constructing additional 

deeper diaphragm walls to the existing ones. 
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c) Although the site was heavily instrumented to check excavation performances, only 

inclinometer data are considered reliable for performance checks. Inclinometer I-1016R 

was installed inside of the diaphragm wall panel and will be used as a primary indicator 

of wall horizontal deflections. Inclinometer I-7305R, which was installed in soil behind 

the diaphragm, is included for reference since it measured soil horizontal movement. 

 

d) Undrained Method A which overestimated the undrained shear strength of normally to 

lightly consolidated marine clay was replaced by Undrained Method B in the revised 

design.   

 

e) The diaphragm walls were constructed with minimum two meters penetration into the 

OA to cut off underflow which may have induced basal stability, and, together with the 

strengthened works, the stability of the system was enhanced. However, the challenging 

work to predict the magnitude of excavation induced diaphragm wall deflections and 

the associated ground surface settlement required careful investigation using 

appropriate soil constitutive models and input parameters. This will be demonstrated in 

the following Chapter 5.  
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5 CHAPTER 5: NUMERICAL MODELLING 
AND PARAMETERS   

5.1 Introduction 

This chapter will present the numerical modelling and derivation of geotechnical parameters 

for numerical analysis for commonly used finite element codes PLAXIS (Ver.9, 2012). As 

described in Section 2-1, PLAXIS has been chosen for the research study because it is mainly 

developed for excavation design, because of its popularity amongst practising engineers, and 

because over the years a wealth of knowledge and experience available for reference has been 

accumulated. 

In the following sections, the original base design using the Mohr-Coulomb (MC) model 

together with the design assumptions and modelling approach using idealization of various 

structural components of the retaining system will be described. This is then followed by 

advanced the Hardening Soil (HS) model. Derivation of geotechnical parameters for the HS 

model based on available soil test results will also be presented. Because of lack of property 

testing and unreliable back analysis results (as presented in Chapter 6) the HSsmall model will 

not be included. 

5.2 Plaxis Modelling 

The following section describes modelling and design assumptions made for the numerical 

analysis. Soils were modeled by 15-node elements.  Undrained Method B (Section 4.2.2.1) was 

adopted for both MC and HS models. Undrained behaviour was adopted for low permeability 

cohesive soils (UMC, LMC, F2, E and JGS). For non-cohesive fill, F1 and OA, drained 

behaviour was adopted as this represents the worse-case condition. Initial ground water was 

assumed to be one meter below existing ground surface and at excavation level during the 

progress of excavation. No flow was expected below the toe of diaphragm since two meter 

penetration into the low permeability OA had been assured from field inspection. The pore 

pressure of soils below the excavation level was based on cluster interpolation. Reduced shear 
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resistance was with a standard reduction factor of 0.67 and 0.5 for diaphragm wall and all soil 

interface and jet grout slab respectively.  

Jet grout slab was modelled as soils with improved geotechnical properties. Based on the 

average minimum qu values from UCS test, the undrained shear strength was set as 500 kPa. 

Elastic modulus E' was related to undrained shear strength and set at 300cu. 

The diaphragm wall was modelled as a beam. A cracked section was assumed for with 75% of 

elastic modulus applied. A node-to-node anchor was used to model the interface between 

existing diaphragm walls and the additional counter-measured barrettes. The internal strut was 

modelled using a node-to-node anchor. King posts and bored piles were modelled as a beam 

similar to the diaphragm wall. 

For advanced HS model, similar assumptions were used so that a direct comparison of 

performance could be made. Additional geotechnical parameters required for the input were 

added to those used in the MC model. 

Back-analysis was carried out with modification to the stiffness parameters for both MC and 

HS models to obtain better agreements between estimations and field observed performances. 

5.2.1 Derivation of Soil Stiffness Parameters  

5.2.1.1 Oedometer test 

The aim of this sub-section is to investigate the stress-strain relationships of normally to 

slightly consolidated Singapore marine clay using conventional oedometer apparatus. Tests 

were carried out as per   BS1377 Part5 1990 Test 3. The compression index, swelling index 

and primary loading oedometer modulus (Eoed) and the unloading/reloading oedometer 

modulus (Eur,oed) are examined. A typical test result has been used to demonstrate the classical 

behaviour of normally consolidated clay and is shown in Figure 5-1 on which the results have 

been plotted as axial strain  or void ratio e against the effective consolidation stress. The axial 

strain and the void ratio are plotted on the vertical axis on an arithmetic scale and the stress on 

horizontal axis on a logarithmic scale. 
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Figure 5-1: Typical Oedometer Test Result from BH A7a 

The compression index Cc and the swelling index Cs were derived from the void ratio versus 

log plot virgin compression line and swelling line respectively. Similarly, the compression 

index    and swelling 휅 were derived from the void ratio versus natural logarithmic scale ln. 

When the strain was plotted against pressure in natural logarithmic scale ln, modified 

compression index and modified swelling index were derived in a similar way and are denoted 

by * and * respectively.  

The relationship between conventional Cc,  and * is given by: 
 
 

      

The relationship between conventional Cs, and * is given as (Brinkgreve 2002): 

 

And, 푒 can be the initial void ratio or the average occurred during the test. If the 

unloading/reloading curves can be approximated by a straight, then	퐶 ≈ 2.3	휅. (; Atkinson & 

Bransby 1978; Worth & Houlsby 1985).  It appears that Eq. 5-2 has an embedded factor of two. 

Compression and swelling parameters of Singapore marine clay derived from the above 

Eq. 5-1   휆∗ =
	
=

. ( )
  

Eq. 5-2   휅∗ =
	
= 	

. ( )
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equations are given in Table 5-1 and Table 5-2. Note that in Table 5-2, the initial void ratio has 

been replaced with	푒 	, the void ratio at maximum stress σ'vm just before unloading. This is 

because 푒   is the origin of unloading path and thus the ‘initial’ void ratio. The initial void 

ratio 푒  on the loading path will produce much smaller 휅∗  which in turn will result an 

unloading stiffness modulus which is on average at least one and a half to two times larger than 

using	푒 .  

Table 5-1: Compression Indexes from Oedometer Tests- Marine Clay 

 

 

 

 

 

 

 

Table 5-2: Swelling Indexes from Oedometer Tests- Marine Clay 

BH 
No 

Depth  
(m) 

wo 
(%) 

푒  σ'vm 
(kPa) 

퐶  휅
= 퐶 /2.3 

휅∗
= 휅/(1 + 푒 ) 

A7a 5-5.9 69.2 0.761 1600 0.1242 0.0540 0.0307 
A3a 8-8.9 66.0 0.729 1600 0.1219 0.0530 0.0307 
A1A 9.5-9.9 101.1 1.123 1600 0.1322 0.0575 0.0271 
A7b 10-10.9 66.8 0.688 1600 0.1459 0.0634 0.0376 
A16 10-10.9 68.1 0.757 1600 0.1647 0.0716 0.0408 
A23 13-13.60 69.6 0.783 1600 0.1707 0.0742 0.0416 
A22 14-14.9 73.9 0.796 1600 0.1807 0.0786 0.0437 
A13 15-15.9 69.2 0.782 1600 0.1647 0.0716 0.0402 
A21 15-15.9 72.5 0.931 1600 0.1219 0.0530 0.0274 
A3b 15-15.9 72.2 0.872 1600 0.1699 0.0739 0.0395 
A11 16-16.9 71.3 0.809 1600 0.1548 0.0673 0.0372 
A12 16-16.9 75.6 0.821 1600 0.1661 0.0722 0.0397 

BH No 
 

Depth 
(m) 

wo  
(%) 

푒  퐶  휆 휆∗ 

A7a 5-5.9 69.2 1.900 0.7496 0.3259 0.1124 
A3a 8-8.9 66 1.710 0.8072 0.3510 0.1295 
A1A 9.5-9.9 101.1 2.730 0.9589 0.4169 0.1118 
A7b 10-10.9 66.8 1.830 0.8327 0.3620 0.1279 
A16 10-10.9 68.1 1.910 0.8731 0.3640 0.1251 
A23 13-13.60 69.6 1.870 1.0331 0.4492 0.1565 
A22 14-14.9 73.9 1.990 0.9966 0.4333 0.1449 
A13 15-15.9 69.2 1.860 0.9235 0.4015 0.1404 
A21 15-15.9 72.5 2.020 0.4568 0.1986 0.0658 
A3b 15-15.9 72.2 2.120 0.9379 0.4078 0.1307 
A11 16-16.9 71.3 1.880 0.7430 0.3230 0.1122 
A12 16-16.9 75.6 2.090 0.9490 0.4126 0.1335 
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It is obvious that the values of  휅∗ , if calculated by using Eq. 5-2, will be twice of those given 

in Table 5- 2.  

The modulus derived from the load-deformation curve of one-dimensional consolidation test 

is called constrained modulus  퐸  and by definition, it is: 

 

However, since the field virgin compression curve is usually approximated by a straight line 

with a Cc slope, the constrained modulus can also be approximate by the following formula 

(Gudehus 1981; Scherzinger 1991): 

 

Where 휎∗  = (휎 - 휎 		 ) / ln (휎 / 휎 		) is the average pressure. Similarly the un/re-loading 

modulus 퐸 ,  may be approximated from: 

 

Where 휎∗ = (휎 - 휎 		) / ln (휎 / 휎 		) is the average pressure. Note that 퐸 ,  is dependent 

on the maximum pressure 휎 		that the soil is subjected to before it swells. A summary of the 

results are given in the following Table 5-3. The average Eur /E =3.3. 

 

Eq. 5-3 
 

 

퐸 =
∆휎 		

∆휀   

 

  

퐸 =
1 + 푒 	
퐶 .휎∗   Eq. 5-4 

 퐸 , =
1 + 푒 	

퐶 .휎∗   Eq. 5-5 
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Table 5-3 Stiffness Modulus of Marine Clay from Consolidation Test 

 

For the same situation, the constrained modulus at a reference pressure of  푝  may be 
estimate from Eq. 5-6 and Eq. 5-7 (Brinkgreve 2002), assuming m =1 and 푣  = 0.2 for a plastic 
soil: 

 

And 

 

퐸 	  and  퐸 ,    can be determined using equations Eq. 5-1, Eq. 5-2, Eq. 5-6 and Eq. 5-7. 

It is clear that  퐸 ,   is   not unique but dependent on the maximum pressure the sample is 

subjected to before unloading occurs. Note that the	휅∗  in Eq. 5-7 is derived from Eq. 5-2 so 

that consistency can be maintained. It is understood that the 휅∗  derived from Eq. 5-2 is 2 times 

larger than those given in Table 5-2. 

Alternatively these two reference stiffness moduli can be determined from consolidation test 
data. This is explained as follows:  

BH 
No 

Depth 
(m) 

wo  
(%) 

푒  푒  퐸      
(kPa) 

퐸 ,  
(kPa) 

Eur /E 

A7a 5-5.9 69.2 1.900 0.761 1144  3755 3.3 
A3a 8-8.9 66 1.710 0.729 1120  3576 3.2 
A1A 9.5-9.9 101.1 2.730 1.123 1309  5210 4.0 
A7b 10-10.9 66.8 1.830 0.688  1144 3755 3.3 
A16 10-10.9 68.1 1.910 0.757  1170 3462 3.0 
A23 13-13.60 69.6 1.870 0.783  802 4670 5.8 
A22 14-14.9 73.9 1.990 0.796 1299 4445 3.4 
A13 15-15.9 69.2 1.860 0.782 1340  3511  2.6 
A21 15-15.9 72.5 2.020 0.931  4435  8404 1.9 
A3b 15-15.9 72.2 2.120 0.872  1120  3576 3.2 
A11 16-16.9 71.3 1.880 0.809  1305  3792 2.9 
A12 16-16.9 75.6 2.090 0.821 1096   3558 3.2 

 

  

퐸 =
푝
휆∗    Eq. 5-6 

 

  

퐸 , =
3.푝 (1 − 2.푣 )

휅∗    Eq. 5-7 
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Eq. 2-16 and Eq. 2-17 were originated from Eq. 5-8 (Ohde 1939) and modified from Eq. 5-9 

(Janbu 1963). Where k is a dimensionless modulus number, m is the exponent. When c' cot ϕ' 

= 0, Eq. 5-9 reduced to Eq.5-8, and ref
oedE = k· pref.   

 

From Figure 5-1, the stiffness modulus E (and Eur in swell) of each load increment can be 

determined by using the measured strain and different pressure between each load increment. 

By plotting ln (E /pref) versus ln (휎 /pref) on   natural scale and fitting a straight line through 

the data. The y-intercept gives the ln (퐸 ). The gradient is the parameter m. Note that   휎  

is the average pressure between before and after loading. Typical plots of the variation of the 

constrained modulus with consolidation pressure normalised with pref (=100 kPa) are shown in 

Figure 5-2. 

 

 

Figure 5-2 Illustration of Determination of 푬풐풆풅
풓풆풇  and m from Consolidation Test of 

BHA7a 
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A summary of the reference stiffness derived using consolidation test data are given in Table 

5-3. It appears that, for loading condition, the stress exponent m for Singapore marine clay is 

not exactly 1 but varies from 0.40 to 1.41 with the majority of the value in the range of 0.6 and 

1 (mean: 0.85) For unloading condition, the stress exponent m is in the range of 0.88 and 1.29 

(mean: 1.1), larger than the loading values. The average loading and unloading reference 

stiffness determined from Eq. 5-6 and Eq. 5-7   are 835 kPa and 2610 kPa respectively; the 

unloading stiffness to loading stiffness ratio is about 3.3. The average loading and unloading 

reference stiffness determined from a graphical method are 1180 kPa and 4350 kPa respectively; 

the unloading stiffness to loading stiffness ratio is about 3.8. The ratio of average loading 

reference stiffness determined from a graphical method to those determined from using Eq.5-

6 is about 1.4, while in the case of unloading condition, it is about 1.7.  

 Table 5-4: Reference Stiffness Modulus of Marine Clay from Consolidation Test           
at pref = 100 kPa 

     

 Note: (1) from Eq.5-6; (2) from Eq.5-7. (3) Graphical method, consolidation test data. 
  

5.2.1.2 Tri-axial test 

Only isotropic consolidated undrained compression tri-axial (CIU) test with pore pressure 

measurement was carried out on selected samples. Test data was not available in the GIR 

BH 
No 

Depth 
(m) 

 퐸 	
(1) 

( kPa ) 
퐸 , 	

(2) 

( kPa ) 
Eur/E 퐸 	

(3) 

( kPa )	 
	m 퐸 , 	

(3) 

( kPa ) 	 
m Eur/E  

A7a 5-5.9 800 2934 3.7 1084 0.94 4451 0.88 4.1 
A3a 8-8.9 772 2936 3.8 1406 0.40 4696 1.25 3.3 
A1a 9.5-9.9 895 3323 3.7 806 1.41 4969 0.96 6.2 
A7b 10-10.9 782 2395 3.1 1064 0.91 4090 1.14 3.8 
A16 10-10.9 800 2208 2.8 907 1.02 3521 1.19 3.9 
A23 13-13.6 639 2162 3.4 1557 0.62 4235 1.08 2.7 
A22 14-14.9 690 2057 3.0 1505 0.64 4394 0.97 2.9 
A13 15-15.9 712 3594 5.0 1460 0.69 3682 1.11 2.5 
A21 15-15.9 1521 3279 2.2 1105 1.06 5080 1.03 4.6 
A3b 15-15.9 765 2281 3.0 1042 0.90 3937 1.14 3.8 
A11 16-16.9 892 2419 2.7 1125 0.90 4031 1.09 3.6 
A12 16-16.9 749 2269 3.0 1106 0.87 5134 0.94 4.6 
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(2012). The second modulus E50 was taken by scaling the deviator stress versus axial strain 

cures. This was done on tests where the graphical presentations were sufficiently clear to make 

the scaling of the 50% secant modulus possible. In spite of the way the E50 was obtained, it is 

by no mean accurate; it can, however, be used to derive the reference modulus  퐸  and a 

comparison can be made with those obtained from consolidation tests.   Eq. 2-15 and Eq. 2-16 

can be used to estimate the reference stiffness parameters. Plotting ln (E50) versus ln 














sinpcosc
sincosc

ref
3 on a natural scale and fitting a straight line through the data, the gradient 

of the line is the parameter m and the y-intercept is ln ( 퐸 ). See Figure 5-3. The parameter 

m for soft to firm marine clay and firm to very stiff silty clay are 0.85 and 0.96 respectively. 

For sandy clay m is 0.62. The 	퐸 	for soft to firm marine clay is 7040 kPa and for firm to 

very stiff silty clay is 9790 kPa. For sandy clay it is 4200 kPa. All the modulus values are 

considerable higher than those given in Table 5-3 obtained from consolidation tests. 

Ideally effective stiffness parameters should be determined from drained tri-axial test. However, 

drained test in clay takes a long time to complete and is comparatively expensive.   It is not, 

therefore, a viable option in a commercial environment. For drained conditions the exponent 

m is believed to be in the range of 0 and 1.   The m values derived from CIU are 0.62, 0.85 and 

0.96 ( mean: 0.81)  appear to be within the expected range of drained test and very close to the  

m ( loading)  values from consolidation test of  0.6 to 1  ( mean: 0.85). Note that PLAXIS 

default values for m are 0.5 and 1 for sand and clay, respectively. 

 

Figure 5-3: Determination of 푬ퟓퟎ	
풓풆풇 and m from Isotropic Consolidation Undrained Tri-

axial (CIU) Test 
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Table 5-5: Isotropic Consolidation Undrained Tri-axial (CIU) Test Results                              

Note: Water content: Initial/Final 

5.2.1.3 Discussion: Stiffness parameters from oedometer test and CIU test 

PLAXIS manual recommends that in the absence of a consolidation test, with m = 1 for 

normally consolidated clay, the parameter	퐸 	  can be approximated by taking as 1/2 refE 50  

from CID test, and higher values could lead to a limitation in the modelling.  For sand, the 

BH 
No 

Sample 
Description 

Depth   
(m) 

Water 
Content 

(%) 

c' 
(kPa) 

    ϕ' 
(deg.)   

'3  ( kPa)  
m 

퐸	 	   
(kPa) 

E50 (kPa) 

A1A Firm marine 
Clay 

9.6 -
9.9 

56/53 
 

 
0 

 
33 

50 100 200  
 
 
 

 
0.85 

 
 
 
 
 

7040 

2000 27500 14500 
 

A20 
Firm marine 
Clay 

15 -
15.9 38/55  

0 
 

27 
100 200 400 
5690 10300 39800 

 
H3 

Firm marine 
Clay 

19 -
19.6 29/-  

16 
 

24 
100 200 400 
3742 7485 10000 

 
A15 

Soft Marine 
Clay 

21 -
21.9 52/45  

17.5 
 

17 
100 200 400 

12121 18732 26033 
 

A1A 
Firm reddish 
silty clay 

24 -
24.9 17/53  

37.5 
 

29 
100 200 400  

 
 

0.96 

 
 
 

9790 

7509 33873 51549 
 

A1A 
Very stiff light 
grey silty clay 

26 -
26.8 

 
24/55 

 
5 

 
34 

100 200 400 
12058 46395 45168 

A1A 
Very stiff 
reddish brown 
silty clay 

28 -
28.9 

 
19/- 

 
28 

 
24 

100 200 400 

 5600 8558 18623 

 
K1 

Stiff light grey 
slightly sandy 
clay 

29- 30 31/30 8 2020 
150 300 600  

 
 

0.62 

 
 
 

4200 3200 4200 11100 

 
K2 

Stiff light grey 
slightly sandy 
clay 

18.5 -
19.5 29/30  

7 
 

25 

90 180 360 

5000 8400 19500 

 
K3 

 Stiff light grey 
slightly sandy 
clay 

18.5 -
19.5 

 
29/30 

 
4 

 
21 

150 300 600 

7800 8800 15100 
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퐸 	/
refE 50 ratio recommended is one. If the unloading -reloading is not carried out in the CID 

test, for practical purposes,   퐸 	  can be set to be equal to 3 refE50 .   

The average oedometer loading reference stiffness 퐸 	   determined from equations and 

graphical methods are 835 kPa and 1180 kPa, respectively. The average loading reference 

stiffness 퐸 	 from CIU test is 7010 kPa. The reference loading stiffness ratio of CIU to 

oedometer test to CIU test is 퐸 	/
refE 50 = 0.17 when determined using a graphical method. 

This is much lower than the default value 0.5 recommended by PLAXIS. 

No unloading was carried in the CIU test to compare the  퐸 	 /퐸 	  ratio. However, the 

average unloading and loading reference stiffness ratio 퐸 , 	/퐸	 	 from the consolidation 

test is 3.3 when determined from equations and is 3.8 when determined from a graphical 

method, close to the default value of 3 recommended for CID test reference stiffness ratio. 

5.2.1.4 Empirical correlations. 

For cohesive soils where neither triaxial test nor oedometer test was carried out, the reference 

stiffness may be approximated by the following empirical correlation recommended by 

Vermeer (2009.) For normally consolidated clay (m = 1):  

 Using the data from consolidation tests of Table 5-4, for Plastic Index Ip in the 

range of 40% to 55%, the calculated 퐸 	  using Eq. 5-10 is the range of 950 kPa and 1220 

kPa.  Compared to the 퐸 	obtained from the oedometer test of 800 kPa and 1560, as given in 

Figure 5-4, though rough, it appears that Eq. 5-10 can provide an approximation in case no test 

data is available. 

  
p

ref
oed I

50000E   (kPa)  
Eq. 5-10 
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Figure 5-4. A Comparison of  푬풐풆풅	
풓풆풇  Derived from Empirical Correlation and Oedometer 

Test Results  

For non-cohesive soils, assumed   퐸 	 = 퐸 	 , the following empirical correlation using 

relative density (Dr) suggested by Teo and Wong (2011) may be used: 

Alternatively, a second opinion may be obtained from Lengkeek given in 

Waterman, D. (2009):   
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Eq. 5-11   퐸 	 	= 6e0.023Dr(%) (MPa) 

  퐸 	 = 60Dr (MPa)      Eq. 5-12 
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A comparison of the values obtained from the above two correlations are presented in Table 5-

6. Note that the 퐸 	  values are presented in kPa. The values calculated from the two equations 

are in acceptable close range. 

Table 5-6: A Comparison of Derived 푬ퟓퟎ	
풓풆풇 Derived from Eq. 5-8 and Eq. 5-9 

SPT N Term Dr Eq. 5-8 
(kPa) 

Eq. 5-9 
(kPa) 

0-4 Very Loose    
  15% 8730 9000 

4-10 Loose    
  35% 14393 21000 

10-30 Medium Dense    
  65% 30471 39000 

30-50 Dense    
  85% 50237 51000 

>50 Very Dense    
    

5.3 Design Parameters 

5.3.1 Introduction 

A summary of input parameters for Mohr Coulomb model and Hardening Soil model will be 

presented in this section. 

5.3.1.1 Parameters for Mohr Coulomb (MC) model  

 A summary of input parameters for Undrained Method B is presented in Table 5-7. The values 

generally follow the recommendations given in GIR (2002). In practice it is common to assume 

the undrained modulus of elasticity to vary linearly with undrained shear strength because the 

undrained shear strength is also assumed to vary proportionally with depth. And incremental 

factor for undrained shear strength is included to reflect this. The effective stiffness E' is derive 

from the undrained stiffness ratio related to undrained shear strength Eu/su using Eu/E’ = 

3/2(1+v) and v = 0.12-0.35 (Worth and Houlsby 1985). When v is taken as 0.35, the Eu/E’ ratio 

reduces to 1.11. As for undrained shear strength, and incremental factor is provided to reflect 
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increases of E' with depth. Drained (ν ‘) and undrained (vu) Poisson’s ratio follows PLAXIS 

recommendation and so is the dilation angle ψ. 

Table 5-7: A Summary of Input Parameters for MC Model 

Soil 
Type 

 

Drainage 
Type 

 

γt 
(kN/m3) 

cu/su* 
(kPa) 

c' 
(kPa) 

ϕ' 
(Deg.) 

E' 
(kPa) 

E' 
incr. 
(kPa) 

su  
incr. 
(kPa) 

vu 
 

ν ' 
 

ψ 
(Deg.) 

Fill Drained 19 --- 0.25 30 10000 0 0 --- 0.3 0 
E Undrained 14.5 15 --- --- 3260 0 0 0.495 --- 0 

UMC Undrained 16   20 --- --- 5200 195 0.75 0.495 --- 0 
LMC Undrained 17 35 --- --- 9100 195 0.75 0.495 --- 0 
F2u Undrained 19 50 --- --- 13000 0 0 0.495 --- 0 
F2L Undrained 19 60 --- --- 15600 0 0 0.495 --- 0 
F1 Drained 20 --- 0.25 30 17330 0 0 --- 0.3 0 

OA/F1 Drained 20 --- 5 32 26000 0 0 --- 0.3 0 

OA 
( N=50) Drained 20.5 --- 10 32 65000 0 0 --- 0.3 0 

OA 
(N≥100) Drained 21 --- 35 35 130000 0 0 --- 0.3 0 

JGS Undrained 16.5 300 --- --- 130000 0 0 0.495 --- 0 

Note:  *UMC and LMC are derived from piezocone tests 

5.3.1.2 Parameters for Hardening Soil (HS) model. 

The stiffness parameters for the undrained upper and lower marine clays (UMC and LMC) are 

derived from the method as described in Section 5.5.1. The  퐸 	 values were derived from 

oedometer test results.  퐸 	   values were set at twice the 퐸    values and m is taken as 0.85.   

Estuarine and fluvial clays stiffness parameters were assumed to 0.8Eu and while Eu/su ratio is 

taken as 300 (Teo and Wong 2011).  퐸 	 values were set at twice the 퐸    values and m is 

taken as 0.85. For estuarine clay and fluvial clays, m is taken as 1. 

In the absence of any reliable test, the stiffness parameters for drained soils were derived using 

the empirical methods as described in Section 5.1.1.4. 퐸 	  values were set equal to the 퐸  

values and m = 0.5 as recommended by PLAXIS. 
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퐾 	  values were derived as per PLAXIS recommendation using Jacky’s formula. This is to 

ensure in consistent with the rest of the recommendations. 

Lower bound of the effective friction angles were adopted and a slight cohesion was added to 

avoid numerical complication as recommended by PLAXIS. For OA units the c' and φ'   were 

adjusted and basically adhered to values locally used. vur and Rf are as per PLAXIS 

recommendations. 

Table 5-8: A Summary of Input Parameters for HS Model 

Soil 
Type 

Drainage 
Type 

퐸 	  
(kPa) 

퐸  
(kPa) 

퐸 	  
(kPa) 

m vur c' 
(kPa) 

ϕ' 
(deg.) 퐾 	  Rf 

Fill Drained 8500 8500 25500 0.5 0.2 0.25 30 0.5 0.9 
E Undrained 2000 1000 6000 1 0.2 0.25 18 0.69 0.9 

UMC Undrained 2360 1180 7080 0.85 0.2 0.25 20 0.66 0.9 
LMC Undrained 2360 1180 7080 0.85 0.2 0.25 20 0.66 0.9 
F2u Undrained 4000 2000 12000 1 0.2 0.25 25 0.58 0.9 
F2L Undrained 4000 2000 12000 1 0.2 0.25 25 0.58 0.9 
F1 Drained 20000 20000 60000 0.5 0.2 0.25 30 0.5 0.9 

OA/F1 Drained 30000 30000 90000 0.5 0.2 5 32 0.5 0.9 

OA 
( N=50) Drained 50000 50000 150000 0.5 0.2 10 32 0.47 0.9 

OA 
(N≥100) Drained 50000 50000 150000 0.5 0.2 35 35 0.43 0.9 

 

5.4 Numerical Analysis. 

A cross section along Grid 9 (Section E-E, covers Grid 8 to Grid 10, 22.80 m width) has been 

chosen for the study. The section is approximately 27.85 m across between the diaphragm walls 

and the excavation is 17.62 m deep. Ground surface is set at RL 102 m; the final excavation 

level is RL 84.38 m. The south side diaphragm wall structure has been strengthen with barrettes. 

A jet grout slab was constructed to provide additional base support. The north side has not had 

any improvement done. Thus it can be used to compare with the south side to study the effect 

of barrettes to the diaphragm wall.  This section is comparatively further away from adjacent 
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axillary structures and corners and thus possible interference from the adjacent construction 

and cornel effects can be avoided. The cross section strutting levels, jet grout slab, king posts, 

bored piles, barrettes and simplified soil profiles are depicted in the following Figure 5-5. The 

finite element model after base slab being cast is presented in Figure 5-6. Note that no surcharge 

has been used to reflect the actual site situations.  

 

Figure 5-5: Lay-out of Cross Section E-E 
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Figure 5-6: Final Element Model, After Casting of Base Slab 

5.5 Modelling 

The section describes numerical modelling of the excavation process. 

5.5.1 Modelling of Soils and Excavation Sequences. 

A comparative study using MC model and HS model will be carried with the parameters given 

in the previous section. Undrained Method B will be used for both MC and HS models.  

Initial water level is assumed to be at RL 101 m, 1 m below existing ground level. Excavation 

is to be carried out to 0.5 m below each strutting level. The struts are installed and preloaded 

before proceeding to the next stage of excavation. Water level will be drawn down at each stage 

of excavation to the excavation level. No draw down outside of the excavation has been 

assumed since the diaphragm walls are penetrated at least 2 meters into the OA Formation. 

In order to study the settlement profiles of the MC and HS models, it has been decided to 

remove the surcharge normally assumed in temporary work design. Excluding the surcharge 

may also represent the true scenario in the area since construction machinery is only present 

temporarily behind the diaphragm wall. No traffic loads or material stockpiles are behind the 

walls. Also, the adjacent buildings are supported with piles. 
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The diaphragm wall installation is difficult to model. A commonly used “wished-in-place” 

method has been applied and the induced stress changes due to diaphragm wall installation are 

not taken into account. This is considered appropriate as the excavation is within the normally 

to slightly overconsolidated  upper marine clay area with low Ko value, different from heavily 

overconsolidated clays with high Ko value where the earth pressure is likely to be overestimated. 

A summary of the actual excavation activities and periods at Section E-E area is given in the 

following Table 5-9. Note that it took less than a year to complete the major excavation. 

Table 5-9: Summary of Actual Excavation Activities and Periods at Section E-E Area 

Construction stage in Plaxis has been modelled based on the actual construction sequences 

outlined in Table 5-10. A summary is given in Table 5-11. 

Activity Period Excavation/Strut level 
 RL (m) 

Preload Value 
(kN/m) 

1st Level excavation 19Aug06 to 26Aug06 100.50  
1st Level Preloaded 20Sep06 101.00 250   
2nd Level excavation 20Nov06 to 1Dec06 96.30  
2nd Level Preloaded 17Dec06 &17Jan07 97.70 450   
3rd Level excavation 21Jan to 29Jan07 94.00  
3rd Level Preloaded 12Feb07 94.50 600   
4th Level excavation 17Mar to21Mar07 90.50  
4th Level Preloaded 27Mar07 & 04Ap07 91.00 500   
5th Level excavation 12Apr to 04May07 87.00  
5th Level Preloaded 21Apr07 & 08May07 87.50 300   
Final Level Excavation 28May07 to 04Jun07 84.38  
Lean Concrete Poured 02Jun to 20June07 --- --- 
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Table 5-10: Stage Construction- Various Phases in Plaxis Modelling 

 

 

 

 

 

 

5.5.2 Modelling of Structural Elements 

The idealisation of various structural components of the temporary ground support is described 

in the following paragraphs. 

Diaphragm wall and barrettes were modelled as plate (elastic beam) elements. A cracked 

section was assumed and the elastic modulus of the wall was taken as 75% of 28 kN/mm2 for 

concrete to derive the section properties. For the  southern section where  barrettes were 

constructed behind the existing 0.8 m thick diaphragm wall, the interface between these two 

elements  were simulated using node-to-node anchor placed at 1 m spacing. The section 

property EA was calculated based on E=21 kN/mm2 and A = 1 m2.  

Temporary steel struts were modelled as plate (elastic beam) elements with pin-connection at 

each end. King posts and bored piles were modelled as plate (elastic beam) elements.   

Jet grout slab was modelled as soil layer with improved geotechnical properties as given in the 

previous section. 

Phase Activity 
1 All structural elements activated 
2 Excavates to RL 100.50 m. GWL at 100.50 m 
3 Installed S1 at RL 100.00 m and Preloaded to 250 kN/m 
4 Excavates to RL 96.30 m. GWL at 96.30 m 
5 Installed S2 at RL 97.70 m and Preloaded to 450 kN/m 
6 Excavates to RL 94.00 m. GWL at 94.00 m 
7 Installed S3 at RL 94.50 m and Preloaded to 600 kN/m 
8 Excavates to RL 90.5 m. GWL at 90.50 m 
9 Installed S4 at 91.00 m and Preloaded to 500 kN/m 
10 Excavates to RL 87.0 m. GWL at 87.00 m 
11 Installed S5 at RL 87.5 m and Preloaded to 300 kN/m 
12 Excavates to final grade at RL 84.38 m. GWL at 84.38 m 
13 Base slab in place. 
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A summary of structural elements properties are given in the following Table 5-11. 

Table 5-11: Summary of Structural Elements Properties 

Element Spacing  (m) EA/m (kN/m) EI/m (kN.m2/m) 
Strut S1 5.7 1.251x106 1.449 x104 
Strut S2 5.7 2.125 x106 3.338 x104 
Strut S3 5.7 2.125 x106 3.338 x104 
Strut S4 5.7 2.125 x106 3.338 x104 
Strut S5 5.7 2.125 x106 3.338 x104 
0.8 m D-Wall 1 1.568 x106 8.363 x105 
0.8 m x 2.87 m Barrettes 5.7 7.702 x106 4.108 x105 
1.8 m dia. Bored Pile 5.7 1.250 x106 2.531 x106 
King Post 5.7 1.251x106 1.449 x104 

 

5.6 Concluding Remarks. 

a) Chapter 5 presents derivation of input soil parameters, numerical modelling of Section 

E-E and the structural elements. 

 

b) The MC model effective stiffness E' was derived from Eu/su =300 and Eu/E'=1.11 

correlations. The undrained shear strength was established from piezocone test results 

using Nkt =14 for conversion. For the HS model, the soil reference stiffness parameters 

were derived graphically using power law.  The average  퐸 , 	/퐸	 		 ratio of marine 

clays derived graphically from oedometer test results   is 3.3 and it is 3.8 when 

determine from equations. This is close to the default value of 3 recommended for CID 

test reference stiffness ratio. The average m is 0.85. Triaxial test results were also used 

with the understanding that due to the way the data were extracted, it is by no means 

accurate. It is presented for reference only. The reference loading stiffness ratio of CIU 

to oedometer test to CIU test is 퐸 	/
refE 50 = 0.17 when determined using graphical 

method. This is much lower than the default value 0.5 recommended by PLAXIS. 

Sample disturbance may attribute to low ratio. For the cohesive soils where test results 
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were not available, the reference stiffness parameters were established using empirical 

correlations. 

 

c) For non-cohesive soils, the reference stiffness parameters were derived from empirical 

correlations using relative density converted from SPT N. 

 

d) In general PLAXIS recommended input parameters were adopted in cases where the 

parameters could not be established confidently from laboratory, in-situ or empirical 

correlations. This is to keep the numerical calculations consistent. 

 

e) Modelling of structural elements was explained. Soils were modeled by 15-node 

elements. Stage-by-stage actual construction sequences were used and surcharge was 

removed to reflect actual ground surface loading conditions. Effects of installation of 

diaphragm wall were not considered (wished-in-place approach). Initial water level was 

assumed to be one meter below existing ground surface. Water level outside of the 

excavation area remained constant throughout the excavation while it was at excavation 

level for every stage-excavation. 
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6 Chapter 6: RESULTS AND DISCUSSIONS 

6.1 Introduction 

Performance of deep excavation is related to both stability and deformation. The   diaphragm 

walls at TKT station   penetrated at least 2 m into the low permeability OA Formation to provide 

hydraulic cut-off, with jet grout slab (JGS) for additional support and with the ratio of wall 

depth (45.5 m) to excavation depth (17.6 m) of 2.6, this should provide a comfortable margin 

of safety against wall instability and excessive base heave. With the strengthening of retaining 

structure in place, the aspects of interest in the performance of deep excavation at hand reduced 

to wall deflection and ground surface settlement.  

This chapter presents the results of numerical modelling of the excavation using the Mohr-

Coulomb (MC) and Hardening Soil (HS) models, and compare with actual wall deflections. A 

back analysis will be carried out by adjusting the stiffness parameters to reproduce best fit wall 

deflections. Ground surface settlement of these two models will be used to compare with 

commonly used empirical method. This is then followed by a discussion of the results. 

The results of back analysis indicate that it is necessary to increase the stiffness of soils to six-

fold in the MC model and at least eight-fold or more in the HS model in order to have the 

predicated wall horizontal deflections to match with the actual measured horizontal deflections. 

It was decided not to proceed with the HSS model using the refinement of stiffness by 

considering the small strain property to predict wall deflections as there does not seem to 

provide any benefit in doing so. 

6.2 Diaphragm Wall Horizontal Deflections. 

This section will present wall horizontal deflections estimated using both MC and HS models 

and compare them to the field measured wall horizontal deflections followed by a discussion 

of the results. Measured horizontal wall deflections are horizontal wall deflections at the 
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respective stages after installation of the respective struts and before preloading, thus 

eliminating the effects of preloading on wall deflections. 

Note that the “S” in each of the figures in the following sections represents the strut at that 

level and the numeric that follows is the level number. The reduced levels are as indicated. Soil 

columns from the nearest boreholes are presented for easy reference. Note also the slight 

different between the soil columns and the soil profiles used in the modelling as depicted in 

Figure 5-5. This is due to simplification of soil stratifications in modelling. 

The inclinometer of the north side was installed in the north diaphragm wall. The south side 

inclinometer was installed in soil adjacent to the south diaphragm wall to replace the original 

one that was damaged before resumption of major excavation works. The south inclinometer 

shows comparatively larger deflection and more fluctuations than the counterpart in the north 

r. Many factors could contribute to this, for example, the strength of marine clays, soil 

disturbance during installation and the strength of backfill grout. The comparatively thicker 

marine clays at the south wall may partly contribute to the larger deflections.  The deflections 

are not true wall deflections but soil movements behind the wall.  

6.2.1 Mohr-Coulomb Model 

The predicted diaphragm wall horizontal deflections of the MC model together with the field 

measured horizontal deflections are given in the following figures - Figure 6-1 and Figure 6-2.  

6.2.1.1 North diaphragm wall 

It is obvious that the MC model generally under-predicted wall deflections in the top about 7 

m in fill and upper marine clay layers and over predicted the horizontal wall deflects below for 

all stages for the north diaphragm wall. The effect of the jet grout slab to restrain wall 

movements is obvious. At the jet grout slab level, the deflections of wall concave inwards and 

wall movements have been restrained. 
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6.2.1.2 South diaphragm wall 

Similarly, the MC model generally under-predicted wall deflections in the top about 7 m in fill 

and estuarine clay layers from S1 stage to S3 stage; and to about 13 m at the final stage. It over-

predicted the horizontal wall deflects below the above mentioned depths for the respective 

excavation stages. The effect of barrettes to the wall is evident by the flat shape of deflection 

curves below the excavation levels. The effect of the jet grout slab to restrain wall movements 

is comparatively less evident as those to the north wall. 

The maximum predicted horizontal wall deflection is 65 mm at 17.6 m depth, and is slightly 

larger than the 58 mm at 17.7 m depth of those in the north wall. The actual maximum wall 

deflections are 54 mm at depth 15.5 m and 23 mm at depth 21 mm for the south and north wall 

respectively. 
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Figure 6-1: Measured Horizontal Deflections versus MC Model Predictions 

 

Figure 6-2: Measured Horizontal Deflections versus MC Model Predictions 
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6.2.2 Hardening Soil Model 

The predicted diaphragm wall horizontal deflections of the HS model together with the field 

measured horizontal deflections are given in the following figures - Figure 6-3 and Figure 6-4. 

6.2.2.1 North diaphragm wall. 

It is obvious that HS model generally under-predicted wall deflections in the top about 2 m in 

fill   layer and over-predicted the horizontal wall deflects below the fill layer for all stages for 

the North diaphragm wall. The effect of jet grout slab to restrain wall movements is obvious. 

The bulging of deflection curves above the jet grout slab is more obvious and larger than those 

in the MC model from S2 stage to final stage. The deflections are more restrained below the 

lower marine clay and comparatively smaller than those in the MC model. The maximum 

predicted wall horizontal deflection is 1067 mm at 15.6 m deep as compare to observed 

deflection of 23 mm at depth 20.5 m. 

6.2.2.2   South diaphragm wall. 

Similarly, HS model generally under-predicted wall deflections in the top about 6 m in fill and 

estuarine clay layers from S1 stage to S3 stage; and to about 8 m at the final stage. It  over-

predicted the horizontal wall deflects below the above mentioned depths for the respective 

excavation stages   The effect of barrettes to the wall is evident by the flat shape of deflection 

curves below the excavation levels. The effect of the jet grout slab to restrain wall movements 

is comparatively less. The maximum predicted wall horizontal deflection is 17 mm at 96.0 m 

deep as compare to observed deflection of 54 mm at depth 15.5 m 
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Figure 6-3: Measured Horizontal Deflections versus HS Model Predictions 

     

Figure 6-4:  Measured Horizontal Deflections versus HS Model Predictions            
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6.2.3 Comparison of MC and HS Models Predicted Horizontal wall 

Deflections. 

A comparison of MC and HS models predicted horizontal wall deflections for the last three 

stages of excavation is presented in Figure 6-5. 

 

Figure 6-5: Predicted Horizontal Deflections - A Comparison between MC and 

HS Models 

 It can be seen that the HS model generally predicted larger horizontal wall deflections than the 

MC model above the jet grout slab, with the maximum deflections slightly above the final 

excavation level. The MC model predicted larger deflections below the JS slab. For both 

models, the increases in deflections above the maximum values are less predominant for the 

last 3 stages of excavation as those below, especially the south wall. Below the maximum 

values, the MC model shows that the incremental deflections are comparatively larger than the 

HS model. The MC model maximum deflection at the north wall below the jet grout slab is 57 

mm at 34.5 m deep. At the same depth, the HS deflection is only 23 mm.    The influence of JS 
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slab to wall deflection is more predominant in MC model, especially the north wall, but less at 

the south wall due to presence of barrettes. A summary of wall deflections for the last three 

stages of excavation of the MC and HS models together with the actual deflections is given in 

Table 6-1. 

Table 6-1: Comparison of Maximum Deflections of MC Model, HS model and Actual 
Values. 

 
Model 

South Wall North Wall                                      
Remark Depth 

(m) 
Max Value 

(mm) 
Depth      

(m) 
Max. Value 

(mm) 
MC 17.8 68 16.1 58 Above JGS 
MC 24.0 63 *34.5 *57 Below JGS.* HS, 23 mm 
HS 16.9 96 15.6 **107 Above JGS.** S5 
HS 24.0 69 24.0 54 Below JGS 

Actual 15.5 54 20.5 23 Above JGS 

 

6.3 Back analysis 

Back analysis is carried out by adjusting the stiffness parameters to find the best-fit values so 

that the predicted horizontal deflections are sufficiently close to the actual deflections observed 

in the field. Ideally the stiffness parameters should be adjusted at every stage so that a 

recalibration can be made before the next stage of excavation to archive better predictions. This 

method is practical when homogenous soils or fewer soil layers are involved.  In this study, 

however, there are 11 layers of soil involved and the process thus becomes tedious. In this 

study, the back analysis is carried out by adjusting the stiffness parameters of all soils by the 

same ratio to obtain close-enough horizontal deflections. The best-fit values are then compared 

with the best-effort values obtained from routine design practice in the MC and HS models to 

study the differences. It must be noted however that the best-fit values are also influenced by 

formulation of the finite element codes, that is, how the software used handles the input 

stiffness parameters for the predictions. The latter will be discussed further in the later section 

in this chapter. 
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6.3.1 Mohr-Coulomb Model. 

In In the Mohr-Coulomb (MC) model, the adjustment of stiffness parameters was carried out 

by changing the Eu/su ratio of cohesive soils and converted to effective stiffness parameters 

(the Young’s modulus). For non-cohesive soils, equal ratio of increment was applied. Only one 

parameter is involved in this case. All other soil parameters and boundary conditions, (i.e., the 

prestressed strut loads and ground water levels), remained unchanged. It was found that the 

stiffness parameters have to be increased by six-fold in order to get a close match with the 

observed actual horizontal deflections for S2 to final excavation S6. This is very different from 

the normal practice where the   Eu/su =250 -500 in marine clays would provide satisfactory 

results. In this case, in order to have a good match with field observation, the Eu/su ratio had to 

be increased to 1800 .The results are depicted in Figure 6-6 and Figure 6-7.  The conclusion is 

based on the north wall observed data since the inclinometer was installed in the diaphragm 

wall. The effect of jet grout slab to wall deflections diminished with increases in soil stiffness. 

For the south wall, where the inclinometer was installed behind the diaphragm, the increases 

in stiffness in soils have actually predicted smaller deflections than the actual measured values. 

A second attempt was carried out with only the stiffness of the undrained cohesive soils 

increased six-fold to see how this would affect the diaphragm deformations. The results are 

shown on Figure 6-8 and Figure 6-9. For the north wall, Stage 2 and Stage 3 match quite well 

with the field observations in the undrained cohesive soils above the jet grout slab. For the rest 

of the stages (except Stage 1) the predicted horizontal deformations are larger than observed 

values. The effects of soil stiffness, at the lower non-cohesive drained soils, on the undrained 

soils above is obvious especially in Stage 6. The south wall does not have a good match except 

in Stage 1. 
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Figure 6-6: Back Analysis - MC Model with All Soil Clusters Stiffness Increased 

by Six-Fold 

 

Figure 6-7: Back Analysis – MC Model with All Soil Clusters Stiffness Increased by Six-
Fold 
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Figure 6-8 Back Analysis – MC Model with Undrained Soil Clusters Stiffness Increased 
by Six-Fold 

 

Figure 6-9:  Back Analysis - MC Model with Undrained Soil Cloister Stiffness Increased 

by Six-Fold 
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6.3.2 Hardening Soil Model 

In the Hardening Soil (HS) model, for the sake of simplification, the input reference stiffness 

parameters		퐸 	 , 퐸 	and 퐸 	 were adjusted accordingly with same amount while the rest of 

the parameters and boundary conditions remained constant. It was found that by increasing the 

reference parameters by eight-fold, it was able to produce a close-match with the observed 

horizontal deflections at the south wall. Note that for the last three stages of excavation, the HS 

model underestimated the horizontal deflections above the maximum deflection points but had 

a good match below that. 

To gain a close-match with the north wall, which is the true wall deflection, perhaps a much 

higher value is needed, for the portion above the jet grout slab, in the mainly marine clays 

profiles. No further attempt was made since a very high multiple-fold of soil stiffness in soft 

soils does not serve any purposes of refinement of prediction but pure speculation , and to 

certain extent, defeats the purpose of deriving the stiffness parameters using non-routine test 

(drained tri-axial test in cohesive soils) using power law and non-linear formulation of the finite 

element code. 
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Figure 6-10: Back Analysis - HS Model with All Soil Clusters Reference Stiffness 
Increased by Six-Fold 

 

Figure 6-11: Back Analysis - HS Model with All Soil Clusters Reference Stiffness 
Increased by Six-Fold 
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6.3.3 Different Stiffness at Passive and Active Sides, Mohr-Coulomb 

Model 

It is understood that the unloading stiffness is normally higher than the loading case. Instead 

of increasing the effective stiffness parameters indiscriminately for all soils, in this case only 

the effective stiffness parameters in the passive side (the excavation area) were increased by 

six-fold as in the previous section while the effective stiff parameters at the active side 

remained unchanged. The results of the last three stages of excavation are shown in Figure 6-

12. As expected, the horizontal wall deflections are comparatively larger than those where soil 

stiffness was indiscriminately increased for both active and passive sides of the excavation.  

 

Figure 6-12 Back Analysis: MC Model with Different Stiffness at Passive and Active 
Sides Compare with Both Sides with Increased Stiffness 
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6.4 Diaphragm Wall Internal Forces 

This section investigates the internal forces, namely shear and moments of diaphragm wall 

associated with the excavation work. The differences   between the MC model and the HS 

model, both from the original design and from back analysis are presented here for comparison. 

The results are presented in Figure 6-13 to Figure 6-18 and are summarised in Table 6- 2 and 

Table 6-3.  

The followings are the conclusions drawn from the results. 

a) It is observed that larger wall deflections induced larger shear and moment. In the HS 

model, the positive and negative moments are 38.7% and 34.9 % larger than the MC 

model at the north wall respectively. In the south wall, the positive moment increases 

by 36.8%, but a reduction of 15.6% in negative moment.  

 

b) A six-fold increases in stiffness in the MC would reduce the positive and negative 

moments by 46.1% and 52.6% respectively. Increase of stiffness in the excavation area 

(passive side) only would reduce   the positive and negative moment by 0.9% and 40.4% 

respectively. 

 

c) The effect of barrettes is obvious. Compare to the north wall, the south wall which has 

been strengthened by barrettes the positive and negative moments are 6% and 42 % 

respectively less than the north wall. 

 

d) For the south wall, as summarised in Table 6-3, significant difference in shear is 

obvious. Increase in soil stiffness reduced shear in the diaphragm wall. The HS model 

produces slightly larger shear in the diaphragm wall as compared to the MC model. 

Surprisingly, there is an increase in positive and negative shear by 20% and 59% in the 

MC model as compare to the north wall. There is up to 88% increases in positive shear 

in the MC model when the overall soil stiffness is increased by six-fold. For the HS 

model, the negative shear is 87% larger than the north wall. 



151 

 

 

Figure 6-13: A Comparison between MC and HS Models, North Wall 

 

Figure 6-14:  A comparison between MC and HS Models, South Wall 
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Figure 6-15: A Comparison between MC and HS Models, North Wall 

 

Figure 6-16: A Comparison between MC and HS Models, South Wall 
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Figure 6-17: A Comparison between Different Stiffness, North Wall 

 

Figure 6-18: A Comparison between Different Stiffness, North Wall 
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Table 6-1: A Comparison of Moment 

  
Model 

Moment, kN-m/m Percentage of MC Model 
MC MC * MC** HS MC* MC** HS 

North 
Wall 

1653 891 1709 2294 -46.1% 0.9% 38.7% 
-1145 -543 -802 -1545 -52.6% -30.4% 34.9% 

South 
Wall 

1552 949 1668 2123 -38.9% 7.5% 36.8% 
-667 -529 -682 -563 -20.7% 2.2% -15.6% 

Note: * Stiffness increases by six-fold. ** Stiffness increases by six-fold at passive side 

only. 

Table 6-2: A Comparison of Shear 

              

 

 

Note*Stiffness increases by six-fold. ** Stiffness increases by six-fold at passive side only. 

 

 

  
Model 

Shear, kN-m Percentage of MC Model 
MC MC* MC** HS MC* MC** HS 

North 
Wall 

672 326 579 983 -51.5% -13.8% 46.3% 
-809 -620 -817 -870 -23.4% 1.0% 7.6% 

South 
Wall 

809 613 804 861 -24.2% -0.6% 6.5% 
-1212 -751 -1297 -1629 -38.0% 7.0% 34.4% 
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6.5 Ground Surface Settlement and Base Heave. 

Ground surface settlement profiles of S2, S4 and the final stage of excavation are presented in 

the section. With reference to Figure 6-19, the ground surface settlement curves of the HS 

model are much steeper in gradient and larger in magnitude than the MS model. This is 

expected since the lateral deflections are much larger in the HS model. A comparison with the 

empirical curve proposed by Ou and Hsieh (2005) is given in Figure 6-20. The normalised 

settlement curves of the HS model match well with the empirical curve in the Primary Influence 

Zone up to 26 m from the back of diaphragm wall. The predicted HS curves become much 

gentler beyond that. The MC model normalised curve is identical to HS model normalised 

curve for S2 stage and deviated to around 100% in difference  in normalised settlement value 

in the final stage of excavation. It is clear from Figure 6-20 that both MC and HS models 

predicted steeper gradient normalised curves about 12 m from the wall. Beyond 12 m, the MC 

curves are much gentler than both the HS and empirical curves. Beyond 50 m in the Secondary 

Influence Zone, both the HS and the MC curves become horizontal. 

It should be noted that the gradient of the Ou and Hsieh (2005) empirical curve in the Primary 

Influence Zone is excavation depth dependence. In this study, the Primary Influence Zone of 

two times of the excavation depth 17.62 m was selected. Larger Primary Influence Zone input 

will produce steeper normalised concave curves at the Primary Influence Zone. 

 

 

 



156 

 

               
Figure 6-19: Ground Surface Settlement --MC Model Verses HS Model, Behind North 

Wall 

 

 Figure 6-20: Normalised Ground Surface Settlement, Behind North Wall 

The estimated base heaves of the MC and the HS models are given in Figure 6-21.  A summary 

is given in Table 6-4. The MC model has resulted maximum base heave. The heave is minimal 

once the stiffness is increased by six-fold. The HS model resulted less heave than the MC 

model. The influence of king posts on base heave is obvious. The heave is also affected by the 

spacing of king posts. The maximum base heave is the same with the presence of king posts in 

both the MC and the HS models. Larger spacing resulted larger heave. Heave adjacent to both 

the north and the south diaphragm walls is not obvious due to the presence of bored piles and 

barrettes.  Note that in this study the interface of king posts and the soil is set as one to obtain 

the maximum difference in results between with or without king posts. 
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Figure 6-21:  Base Heave - A Comparison between MC and HS Models with and 
without King Posts 

Table 6-3: Base Heave 

  
Model 

Maximum Base Heave ( mm) 
E' 
Increases* 

With 
KP** 

Without 
KP** 

MC  35.0 95.5 130.0 
HS NA 97.5 109.0 
                                                                                 
Note: E' increases by six-fold. ** KP-King post 
 
 

6.6 Stiffness Parameters 

In this section, the computed stiffness parameters of Mohr-Coulomb (MC) model and 

Hardening Soil (HS) model and those generated from Plaxis for these two models are compared. 

The results are depicted in Figure 6-22, Figure 6-23, and Figure 6-24.   The results are 

summarised and presented in Table 6-5, Table 6-6 and Table 6-7. 

6.6.1 Initial Stage 

The stiffness parameters for the initial stage before any excavation took place are given in 

Figure 6-22.  The differences between calculated stiffness parameters and those generated in 

Plaxis are described below: 
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a) The stiffness parameters of all undrained soil clusters above 30.5 m deep generated in 

PLAXIS are constant. This is because Undrained Method B was used and the stiffness 

parameters are no longer stress dependent.  It must be emphasised that for some reason, 

PLAXIS assigned 퐸 	 to all undrained soil clusters that use Undrained Method B. The 

parameter E50 is purely a shear yield parameter (shear yield surface); Eoed is purely a 

compression hardening parameter (cap yield surface); and Eur is a parameter common 

to both yield surfaces. Thus it is understandable that only Eur values can be extracted 

from PLAXIS output, perhaps for the sake of simplicity. However, assigning  퐸 	   to 

all undrained soil clusters even before any excavation has taken place that use 

Undrained Method B and not the 50% secant modulus E50 cannot be understood. The 

only benefit perhaps is to reduce horizontal wall deflections by increasing the soil 

stiffness. 

 

b) See Table 6-5 and Table 6-6. The calculated stiffness parameters E50, Eur and Eoed are 

based on equations Eq. 2-11, Eq. 2-12 and Eq. 2-16 respectively, and thus are stress 

dependent. 

 

c) The stiffness parameters below 30.5 m are stress dependent for both Plaxis generated 

and calculated values. 

 

d) Amongst the calculated stiffness parameters in the undrained soils above 30.5 m, Eoed 

has the lowest values,   while Eur has the highest values since it is by default, three times 

the E50. Eoed has higher values than E50 in the drained soils below 30.5 m. The Eur 

calculated values and PLAXIS generated values are closely matched below 30.5 m. 

e) The stiffness parameters E' of the MC model are slightly higher than the HS model Eur, 

and much higher than E50 and Eoed above 19.5m (top of F2u soil). It becomes slightly 

lower than Eur below 19.5 m and to 27.25 m (top of F2L soil). The differences increase 

with increase in depth in the OAs below. Also, both E50   and Eoed    are higher than E' 

below 32.5 m. 
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6.6.2 Final Stage 

The stiffness parameters for the final stage before casting of base slab are given in Figure 6-23.  

The stiffness parameters were calculated based on revised Ko so that the changes in stresses 

due to unloading in the excavation area were included. 

The differences between calculated stiffness parameters and those generated in PLAXIS are 

given below: 

a) The   stiffness parameters of all undrained soil clusters above 30.5 m deep generated in 

PLAXIS are constant as the initial stage. This is because Undrained Method B was used. 

As in the initial stage, 퐸 	  was assigned to all soil clusters using Undrained Method 

B. There is no difference between the initial and the final stage. 

  

b) For PLAXIS generated stiffness parameters, there was an increased in Eur below the 

excavation area (passive side) for drained soil clusters below 30.5 m. However, there 

was a slight decreased in Eur outside of the excavation area (active side) at a distance 

two-time the excavation depth from the diaphragm wall. See Figure 6-24. The 

undrained soil cluster above 30.5 m remained constant. The difference in levels at the 

two locations caused the lines to stagger. 

 

c) For hand calculated stiffness parameters, for undrained soil clusters above 30.5 m, the 

values increase with increase in depth, indicating that the parameters are stress 

dependence. The values are lower than the E' of the MC model. The values are also 

lower than PLAXIS generated values since constant values were adopted in PLAXIS 

d) Below 30.5 m, in the drained soil clusters, hand calculated Eur and E' of the MC model 

are both lower than the PLAXIS generated values and E’ of MC model is significantly 

lower than the Eur of both the hand calculated and PLAXIS generated values. 

 

e) The E50 is slightly higher than Eoed above 30.5m and becomes lower than Eoed below 

30.5 m in the drained soil clusters. 
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Figure 6-22: Stiffness Parameters - Initial Stage 

       

     Figure 6-23: Stiffness Parameters - Final Stage 
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Figure 6-24: Plaxis Generated Stiffness Parameters Eur - A Comparison of Initial and 

Final Stages. 

Table 6-4: Plaxis HS Model Input and Output Stiffness Parameters - Passive Side 

Soil 
Type 

Drainage 
Type   Depth (m) 

Input Data (MPa)  * Initial Eur (MPa)  *Final Eur (MPa) 
퐸 	  퐸  퐸 	  Top Bottom Top Bottom 

Fill Drained 0 - 3 8.5 8.5 25.5 3.5 11.1 --- --- 
E Undrained 3 - 5.5 2.0 1.0 6.0 6.0 6.0 --- --- 
UMC Undrained 5.5 - 19.5 2.4 1.2 7.1 7.1 7.1 7.1 7.1 
F2u Undrained 19.5 - 21.5 4.0 2.0 12.0 12.0 12.0 12.0 12.0 
LMC Undrained 21.5 - 27.25 2.4 1.2 7.1 7.1 7.1 7.1 7.1 
F2L Undrained 27.25 - 30.5 4.0 2.0 12.0 12.0 12.0 12.0 12.0 
F1 Drained 30.5 - 32.5  20.0 20.0 60.0 63.3 66.4 78.1 77.6 
OA/F1 Drained 32.5 - 46 30.0 30.0 90.0 96.3 119.5 118.3 234.4 
OA       
( N=50) Drained 46 - 53 50.0 50.0 150.0 194.2 216.4 236.9 243.0 

OA 
(N≥100) Drained 53 - 63 50.0 50.0 150.0 195.6 239.9 243.0 243.6 

Note: * Top and bottom of a soil cluster. Both indicate Plaxis generated output stiffness parameters. 
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Table 6-5: Plaxis HS Model Input and Output Stiffness Parameters - Active Side 

Soil 
Type 

Drainage  
Type Depth (m) 

Input Data (MPa) *Initial Eur (MPa) *Final Eur (MPa) 
퐸 	  퐸  퐸 	  Top Bottom Top Bottom 

Fill Drained 0 - 3 8.5 8.5 25.5 2.7 11.1 2.8 140.5 
E Undrained 3 - 5.5 2.0 1.0 6.0 6.0 6.0 6.0 6.0 

UMC Undrained 5.5 - 19.5 2.4 1.2 7.1 7.1 7.1 7.1 7.1 
F2u Undrained 19.5 - 21.5 4.0 2.0 12.0 12.0 12.0 12.0 12.0 

LMC Undrained 
21.5 - 
27.25 2.4 1.2 7.1 7.1 7.1 7.1 7.1 

F2L Undrained 
27.25 - 

30.5 4.0 2.0 12.0 12.0 12.0 12.0 12.0 
F1 Drained 30.5 - 32.5 20.0 20.0 60.0 60.7 69.3 59.9 63.5 

OA/F1 Drained 32.5 - 46 30.0 30.0 90.0 93.2 110.7 91.4 109.1 
OA             

( N=50) Drained 46 - 53 50.0 50.0 150.0 182.3 195.3 178.1 191.1 
OA 

(N≥100) Drained 53 - 63 50.0 50.0 150.0 179.1 239.7 175.1 237.4 
          

Note: * Top and bottom of a soil cluster. Both indicate Plaxis generated output stiffness parameters 

Table 6-6: Calculated Passive Side HS Model Stiffness Parameters - Initial Stage 

Soil Type Drainage Depth (m) Ko 
*E50 (MPa) *Eoed (MPa) *Eur (MPa) 

Top Bottom Top Bottom Top Bottom 
Fill Drained 0 - 3 0.50 0.0 3.7 0.0 5.2 0.0 11.0 
E Undrained 3 - 5.5 1.00 0.5 0.7 0.4 0.5 1.6 2.0 

UMC Undrained 5.5 - 19.5 1.00 0.9 2.2 0.6 1.5 2.8 6.6 
F2u Undrained 19.5 - 21.5 1.00 2.4 3.0 1.6 2.0 7.1 9.0 

LMC Undrained 21.5 - 27.25 1.00 3.2 3.4 2.6 2.9 9.5 10.3 
F2L Undrained 27.25 - 30.5 1.00 4.5 5.2 3.8 4.4 13.6 15.7 
F1 Drained 30.5 - 32.5 0.50 20.9 21.8 29.5 30.9 62.7 65.5 

OA/F1 Drained 32.5 - 46 0.47 40.7 50.5 45.3 56.4 122.0 151.6 
OA          

( N=50) Drained 46 - 53 0.47 82.3 89.7 91.6 99.9 247.0 269.1 

OA 
(N≥100) Drained 53 - 63 0.43 91.0 100.6 91.0 100.6 273.0 301.7 

Note: * Top and bottom of soil a cluster.   
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Table 6-7: Calculated Passive Side HS Model Stiffness Parameters - Final Stage 

Soil Type 
Drainage  

Type Depth (m) Ko 
E50 (MPa) Eoed (MPa) Eur (MPa) 

Top Bottom Top Bottom Top Bottom 
Fill Drained --- --- --- --- --- --- --- --- 
E Undrained --- --- --- --- --- --- --- --- 
UMC Undrained 17.6 - 19.5 2.25 0.0 0.7 0.0 0.2 0.0 2.2 
F2u Undrained 19.5 - 21.5 1.72 0.9 1.3 0.2 0.5 2.7 3.9 
LMC Undrained 21.5 - 27.25 1.38 1.0 1.8 0.3 0.9 3.1 5.5 
F2L Undrained 27.25 - 30.5 0.91 2.6 3.4 1.4 1.9 7.9 10.1 
F1 Drained 30.5 - 32.5  0.73 17.1 18.3 19.7 21.7 51.2 54.8 
OA/F1 Drained 32.5 - 46 0.62 29.1 41.8 32.3 46.6 87.4 125.4 
OA            
( N=50) Drained 16 - 53 0.56 68.5 77.2 76 85.8 205.5 231.6 
OA 
(N≥100) Drained 53 - 63 0.48 79.1 107.6 79.1 107.6 237.4 322.8 

Note: * Top and bottom of a soil cluster.   

6.7 Discussions 

The section discusses the results given in previous Section 6.5. 

It is understood from the literature review that stiffness parameter is the single parameter that 

have the greatest influence on the performance of an excavation. The influence of stiffness 

parameter on wall horizontal deflection of the MC and the HS models is demonstrated by the 

outputs of PLAXIS analysis and presented in this section. 

6.7.1 Horizontal Wall Deflections 

Compare to the MC model, the HS model has larger deflections above 30.5 m in the undrained 

soil clusters, and much smaller deflections below in the drained soil clusters, as depicted in 

Figure 6-5 and summarised in Table 6-1. The HS model maximum horizontal deflection of the 

north wall in the undrained soil cluster is 107 mm and is approximately 85% larger than the 58 

mm generated by the MS model. The south wall, with the influence of barrettes, is 

approximately 41% larger. The maximum difference in wall deflection below 30.5 m   in the 



164 

 

drained soil cluster is observed at depth 34.5 m. The horizontal deflection at this depth is 57 

mm and 28 mm for the MC and HS models respectively. This is approximately 100% in 

difference. 

The E' of MC model is greater than the Plaxis generated Eur both in the initial stage and final 

stage except in the undrained soil clusters above 30.5 m, except in the Estuarine Clay from 3 

m to 5.5 m and the Upper Marine Clay (UMC) from 5.5 m to 19.5 m. E’ is also much higher 

than calculated Eur, E50 and Eoed in the undrained soil clusters above 30.5 m. The differences 

increase in the final stage after excavation reaches the final level. Below 30.5 m, E' is the 

smallest stiffness parameter among all others except below 53 m in the OA (N>100), where it 

is larger than E50 and Eoed. The large differences between E' and Eur (calculated and Plaxis 

generated) are obvious both in the initial and final stages. Refer to Figure 6-22 and Figure 6-

23. 

Thus it is obvious how the stiffness parameters affect the horizontal wall deflections. The MC 

model has comparatively stiffer parameters in the undrained soil clusters above 30.5m thus the 

horizontal wall deflections are comparatively less than the HS model. Below 30.5 m in the 

drained soil clusters, the opposite occurs. 

Similarly, in the MC model back analysis, when increases in stiffness parameters is 

indiscriminately  applied to all soil clusters both in passive and active sides of the walls, the 

horizontal wall deflections are comparatively smaller than when only the stiffness parameters  

of the passive side have been increased. 

6.7.2 Ground Surface Settlement and Base Heave 

Referring to Figure 6-20. It is clear that both the MC and HS models predicted steeper gradient 

than normalised curves about 12 m from the wall. Beyond 12 m, the MC curves are much 

gentler than both the HS and empirical curves. Beyond 50 m in the Secondary Influence Zone, 

both the MC and HS curves become horizontal. The HS model predicted greater surface 

settlement than the MC model. This can be understood since surface settlement is related to 

diaphragm wall horizontal deflections. Thus the larger the deflections, the larger surface 



165 

 

settlements would be induced. Larger deflections are related to the stiffness parameters being 

assigned to the soil model. The steeper concave curves resulting from HS model is much more 

critical as this will generate a larger angular distortion as far as the adjacent building structures 

or utilities are concerned as larger angular distortion would cause more damages . Thus it can 

be concluded if the HS model normalised curves are used to assess potential building structures 

or utilities damaged, it will provide a comparatively conservative assessment results as 

compare to the MC model.  

It should be noted that the width and gradient of the Ou and Hsieh (2005) empirical curve in 

the Primary Influence Zone are related to excavation depth and the depth of hard layers below 

the base of excavation where push-in failure can be avoided. In this study, the Primary 

Influence Zone of two times of the excavation depth 17.62 m was selected since the diaphragm 

walls were penetrated into the OA layer.  Larger Primary Influence Zone input will produce 

steeper normalised concave curves at the Primary Influence Zone. Therefore it is possible to 

obtain a close match if monitoring data of earlier   excavation stages are available and the 

empirical curve can be adjusted accordingly. Similarly, data from previous case histories can 

be used to establish a close match curve for future use, and which perhaps at least beneficial 

for similar soil profiles, same type of design and workmanship.  

As expected, stiffer ground will heave less. In the MC model, the stiffness increases to six-fold 

would reduce the heave from 95.5 mm to 35.5 mm with the influence of king posts. Without 

the king posts, the heave of the MC model increases to 130 mm, compare to 109 mm in the HS 

model where the stiffness parameters are stiffer below the base of excavation. The influence of 

king posts is simply because of the skin friction generated by setting the interface strength 

reduction factor Rinter =1 to achieve the maximum friction, and this has created a constrain to 

the heaving soils. 

6.7.3 Diaphragm Wall Internal Forces 

In general, the HS model induced larger moment and shear to the diaphragm walls as compare 

to the MC model in the undrained soil clusters above 30.5 m except at the north wall below 30 

m, where the positive moment of the MC model is larger than the HS model. Above 30.5 m 
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the HS model generated   38.7% positive moment and   36.8% of negative moment higher than 

the MC model for north and south wall respectively. The positive moment is 36.8% higher 

while the negative moment is 15.6 % less   below 30.5 m. The maximum increases in positive  

shear force is 46.3% in north wall and in the south wall the increase in negative shear force is 

34.4%. 

 Increasing the stiffness six-fold indiscriminately would reduce the north wall positive and 

negative moment   by 46.1% and 52.6% respectively in the MC model. The north wall positive 

and negative shear forces are reduced by 51.5% and 23.4% respectively.   For south wall, the 

reduction in positive and negative shear forces are 24.2% and 38% respectively. 

The effects of barrettes in moment reduction in the south wall are more significant in the HS 

model.  A comparison of north and south walls are summarised in Table 6-9. The values in the 

table indicate values of south wall as a percentage to north wall. A negative indicates lesser 

and vice versa.  A 63.6% reduction in negative moment was observed while 41.7% was 

observed in the MS model. However, the shear forces tend to increase. An increases of 87.2%   

in negative shear is observed in the HS model; and an increase of 20.4% and 49.8% in positive 

and negative shear respectively is observed in the MC model. A six-fold increase in stiffness 

parameter in the MC model resulted in an increase of 88% and 21.2% in positive and negative 

shear forces; if only the passive side increases in stiffness, the positive and negative shear forces 

increase by 38.8% and 58.8% respectively. In term of reduction in shear force, installation of 

barrettes does not seem to be beneficial. 

Table 6-8:    Moment and Shear of South Wall as a Percentage to North Wall 

  Moment (%) Shear (%) 
Model MC MC * MC** HS MC MC* MC** HS 
Positive -6.1% 6.5% -2.4% -7.5% 20.4% 88.0% 38.9% -12.4% 
Negative -41.7% -2.6% -15.0% -63.6% 49.8% 21.1% 58.8% 87.2% 
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The way the barrettes were modelled definitely has an impact on the diaphragm shear force. 

The   node-to-node anchors placed at 1 m spacing simulation created concentrated loads and 

thus the zigzag shapes shear distributions (see Figure 6-16).  

6.8 Concluding Remarks 

a) In general, the MC model predicted smaller horizontal wall deflections in the cohesive 

soils above the jet grout slab (JGS) as compared to the HS model. Below the jet grout 

slab, it is the opposite. Both models over-predicted the horizontal wall deflections. By 

increasing the soil stiffness indiscriminately for all soils, it is possible to bring the 

predicted horizontal wall deflections closer to actual measured values. For the MC 

model, a six–fold increase in stiffness would produce a close match, while for the HS 

model, it is at least eight-fold. Thus, when using the MC model the Eu/su =1800 would 

be needed to derive the effective stiffness E'. For the MC model, if only the stiffness at 

the passive side is increased, but not the active side, the horizontal wall deflection 

would be larger than both active and passive sides when increased indiscriminately. 

b) Larger wall deflection would induce larger wall shear and moment. Thus the HS model 

predicted larger   shear and moment. The modelling of barrettes using node-to-node 

anchor resulted shear concentration at joints.  

c) To bring the predicted wall deflection close to observed deflection, it is necessary to 

increase the soil stiffness by six-fold indiscriminately. For the HS model, it is at least 

eight fold. Because of this, it becomes unnecessary to consider small strain stiffness to 

refine the input stiffness parameters derived from laboratory tests or empirical 

correlations. The HSsmall model was ignored for this reason. 

 

d) The effects of jet grout slab and barrettes on reducing horizontal wall deflection 

diminish with increases in soil stiffness. 

 

e) When Undrained Method B is used, for the HS model, PLAXIS assigned constant 

stiffness to all undrained soil clusters throughout the entire excavation process, from 
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initial stage to final excavation. The purpose of indiscriminately assigned input 퐸 	  to 

all undrained soil clusters, even before any excavation has taken place that use 

Undrained Method B and not the 50% secant modulus E50 or퐸 	 , is perhaps for the 

sake of simplification. If 퐸 	   had been used instead of 퐸 	   in undrained soil clusters 

in the HS model before excavation and at the active side outside of the excavation area, 

the predicted wall deflections would have been higher than those shown from the 

outputs of the calculations. 

 

f) Compared with the HS model, the MC model input stiffness is comparatively higher 

than 퐸 	  above 30.5 m in the undrained soil clusters, and much higher than the secant 

modulus E50. Perhaps this explained why the MC model predicted a smaller horizontal 

wall deflection than the HS model. However, it is not clear whether E50 has been used 

in PLAXIS. As shown in the MC model back analysis, assigned different stiffness at 

active and passive sides will affect the horizontal deflection predictions. Perhaps this is 

for the sake of simplicity since finite element calculation is an approximation process 

which will not increase the accuracy of predictions but is more for parametric sensitivity 

studies. 

 

g) The HS model provided a more conservative approach to ground surface settlement 

predictions than the MC model. Adjacent building damages assessment, therefore, 

needs to be carried out because of the steeper slope gradient predicted by the HS model. 

In general, the HS model predicted ground settlement profile agrees better with the 

normalised empirical curve recommended by Ou and Hsieh (2005). 

 

h) Base heave is affected by soil stiffness and presence of king posts. With the absence of 

king posts, the MC model predicted larger heave than the HS model. Skin friction on 

king post helps to reduce base heave. 
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7 CHAPTER 7: CONCLUSIONS AND           
RECOMMENDATIONS 

7.1 Introduction 

The completion of the CCL2 TKT Station and availability of soil test results and monitoring 

data enabled this research to be carried out. This research’s aim was to study the ground 

response and diaphragm wall horizontal deflections to station excavation using local practice 

of the commonly used MC model in the finite element codes PLAXIS. An attempt was made 

to see if it is possible to obtain better predictions using a more advanced HS model based on 

soil parameters obtained from normal soil investigation carried out in a commercial 

environment. 

The excavation depth of TKT Station Section E-E that was chosen for the study is 17.6 m. The 

soil profiles are rather complex, comprising 11 different layers that are located in the Kallang 

Formation area, and with predominant soft marine clay deposits up to about 30 m in thickness. 

Due to the Nicholl Highway incident, the retaining system of TKT Station had to be revised 

according to more stringent requirements. Additional structural strengthening works were 

introduced. Additional investigations were carried out to check the depth of OA, and to 

ascertain the thickness of marine clay and quality of the jet-grout slab.   

7.2 Soil Parameters, Modelling and Back Analysis 

Although substantial soil investigations and sufficient routine tests have been carried out to 

define the required geotechnical properties for routine design using basic MC model, there is 

still a lack of necessary advance tests such as the drained triaxial test to define the reference 

stiffness needed for an advance HS model. The parameters identical to original design input, 

which represent the lower bound values, were adopted for the MC model. Stiffness parameters 

of marine clays for the HS model were derived based on power law from consolidation tests 
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while triaxial test results were included for reference. For non-cohesive fill, OA and fluvial 

sand, the stiffness parameters were derived from empirical correlations using relative density 

Dr and SPT N values. 

The Eu/su ratio of cohesive soils was set to 300 and the effective stiffness parameters were 

obtained from the ratio   Eu/E′=1.11. The undrained shear strength of marine clays was 

established from piezocone test results using Nkt =14 for conversion. 

퐸 , 	/퐸	 	 ratio was set to equal to 3; 	퐸	 	 /퐸	 	 ratio was set to 1 and 2 for non-cohesive 

and cohesive soils, respectively; the power m for non-cohesive and cohesive soils was set to 

equal to 1 and 0.5, respectively, except for marine clays. The above are based on PLAXIS 

recommendations. For marine clays, the m was derived from oedometer test results and 0.85 

was adopted. 

Recommendations from PLAXIS on general settings were adopted to maintain consistency 

between MC and HS models.  

Back analysis was carried out by adjusting the stiffness parameters only so that a close match 

between predicted and measured diaphragm wall horizontal deflections could be reached. 

7.3 Conclusions of the Study 

The following conclusions can be drawn from the study: 

a) It was found that in order to obtain a close match between observed and predicted 

diaphragm wall horizontal deflections, it is necessary to increase the best-effort 

estimated stiffness indiscriminately by three-fold for all soils indiscriminately  in the 

MC model. For marine clays, the Eu/su ratio has to be increased to 1800 to derive the 

effective stiffness parameters using the ratio   Eu/E′=1.11. This is very different to 

the commonly used ratio 250 to 500. For the HS model, the stiffness parameters have 

to be increased to at least eight-fold indiscriminately for all soils. Because of the huge 

underestimation of stiffness parameters from routine test results, it was decided not 

to proceed with HSsmall modelling as further refinement of stiffness parameters do 

not seem to be beneficial for diaphragm wall horizontal deflection predictions 
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b) From a comparison between hand calculation and those generated by PLAXIS, it can 

be concluded that generally the MC model soil effective stiffness parameters are 

comparatively higher than 퐸 	   in the undrained soil clusters, which is set asthree 

times of 퐸 	  by default, generated from the PLAXIS HS model. This explains why 

the HS model has predicted larger wall deflections. The drained soil clusters effective 

parameters are the opposite, and are stress dependent, and thus show constraint in 

wall horizontal deflections 

 

c) One of the findings of using PLAXIS is that, from the available function, it appears that 

PLAXIS assigned constant unloading/reloading reference stiffness  퐸 	  to all 

undrained soils using Undrained Method B throughout the entire excavation simulation. 

It is understood that when Undrained Method B is used, the soil stiffness is no longer 

stress dependent thus E50 = 퐸 	 . If 퐸 	   had been used instead of 퐸 	   in undrained 

soil clusters in the HS model before excavation and at the active side outside of the 

excavation area, the predicted wall deflections would have been higher than those 

shown from the outputs of the calculations. It is not clear how the other stiffness 

parameters were being used to calculate wall deflections. 

 

d) With the increases of soil stiffness, the benefit of jet grout slab and barrette to reduce 

wall deflection diminished as the difference in stiffness between the soil and jet grout 

slab and barrette reduced. 

 

e) In general, larger wall deflections induce larger internal forces, shear and moment. The 

internal forces are affected by the way the structural elements are being modelled. 

Using node-to-node anchors to model barrettes has resulted in shear concentration and 

the nodes. 

 

f) Surcharge has been removed to reflect the actual site situation. The HS model predicted 

ground surface settlement closer to the empirical curve. Without the influence of king 

posts, the MC model predicted maximum base heave.  
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g) It is better to use deflection measurements from inclinometers installed in diaphragm 

walls. Inclinometer installed in soils could give misleading deflections. 

 

h) Because the diaphragm walls penetrated at least 2 m into the OA Formation, stability 

is not an issue thus it is not necessary to carry out conventional calculation stability 

checks using empirical methods. Penetrated into OA Formation also ensure the under-

flow is reduced to minimum, and it is unnecessary to model this in the study. 

 

i) Finite element method is the best method available to date to model deep excavation 

although the results would not necessarily meet expectations. Field monitoring results 

and back analysis enable refinement of stiffness parameters to close the gaps between 

computed and measure performances. 

7.4 Recommendations for Future Work   

Although the advancements available through cheap computer hardware and the improvement 

of modelling techniques have made numerically modelling a necessity for routine design, 

advanced models such as the HS and HSsmall model still remain unpopular due to lack of 

necessary advanced tests (at least the drained triaxial test), especially in the commercial 

environment where these tests are considered not only time-consuming but expensive. In 

addition, because of lack of field calibration to gain confidence in the method and especially 

the input soil stiffness, it is understandable that the simple MC model remains a popular choice.  

It is recommended: 

a) Advanced tests (drained triaxial test) should be carried out so that appropriate 

parameters are available for constitutive soil modelling. Recommendations based on 

experience and empirical correlations established elsewhere may be good for 

preliminary study or for specific sites where the correlations established, but may not 

be necessarily good for the problems in hand. Laboratory tests or field tests do not 

necessarily provide the stiffness parameters that can lead to best match results. 
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b) Stiffness parameters obtained from the laboratory or in-situ tests must be compared 

with the stiffness parameters obtained by calibration against actual field performance 

data. Back analysis using a simpler soil profile is preferred because back analysis 

parameters represent the gross ground responses to excavation stress release. In 

complex soil profiles it is difficult to derive representative stiffness parameters for each 

of the soil layers but gross response stiffness parameters for the entire profiles can be 

derived. 

 

c) Geotechnical instrumentation techniques are well-developed and are capable of 

providing necessary data for back analysis. It is preferable that the instruments be 

installed at the right locations or inside the structural elements like diaphragm walls to 

monitor actual wall deflections. 

 

d) Measurement of strut loads, base heave and ground surface settlements coupled with 

wall deflections would provide a better insight of the performance of the retaining 

system. Although great effort is needed to protect these instruments, it is not impossible. 

Instrumentation damaged would result in a discontinuation of monitoring and loss of 

essential data such as base heave and surface settlement. It is recommended that extra 

effort be provided for instrumentation protection. 

 

e) It is understandable why the model remains a popular choice.  The HS model which has 

the ability to predict better ground surface settlement, which is essential for adjacent 

building structures and utility damage assessment, should be encouraged to be used in 

routine design. Alternatively, the HS model can be coupled with the MC model such 

that the HS model can be set for soil cluster near the surface while the rest of the soil 

clusters can use the MC model to archive better ground surface settlement prediction. 

Such a procedure may require field verification. 
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Figures from Final GIR 2002  
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Figure A-1: Plot of Undrained Shear Strength against Reduced Level for Marine Clay Layer 
(GIR 2002). 

 

 

Figure A-2: p’-q’ Plot for Marine Clay (GIR 2002). 
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Figure A-3: Plot of Preconsolidation Pressure verses Reduced Level for Marine Clay Layer 
(GIR 2002). 

 

 

Figure A-4: Plot of Compression Index Pressure verses Reduced Level for Marine Clay Layer 
(GIR 2002). 
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Figure A-5: Plot of Coefficient of Consolidation verses Reduced Level for Marine Clay Layer 
(GIR 2002). 

 

 

 

Figure A-6: Plot of Coefficient of At-Rest Earth Pressure verses Reduced Level for Marine Clay 
Layer (GIR 2002). 
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Figure A-7: Plot of Secant Modulus (UU) verses Reduced Level for Marine Clay Layer (GIR 
2002). 

 

 

Figure A-8: p’-q’ Plot for Estuarine Layer(GIR 2002). 
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Figure A-9: Plot of SPT N verses Undrained Shear Strength for Estuarine Layer (GIR 2002). 

 

 

Figure A-10: Plot of SPT N verses Undrained Shear Strength for Fluvial Clay Layer (GIR 
2002). 
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Figure A-11: p’-q’ Plot for Fluvial Clay Layer (GIR 2002). 

 

 

Figure A-12: Plot of SPT N verses Depth for Old Alluvium Layer (GIR 2002). 
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Figure A-13: Plot of SPT N verses Undrained Shear Strength for Old Alluvium Layer(GIR 
2002).  

 

 

Figure A-14: SPT N verses Undrained Modulus from Various Sources for Old Alluvium Layer 
(GIR 2002). 
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Figure A-15: p’-q’ Plot for Old Alluvium Layer (N<30 , GIR 2002). 

 

 

Figure A-16: p’-q’ Plot for Old Alluvium Layer (30< N <50, GIR 2002). 
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Figure A-17: p’-q’ Plot for Old Alluvium Layer (N >50, GIR 2002). 
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Figure A-18: Piezocone Test Results - Depth verses qt - σv (Additional SI). 



196 

 

 

Figure A-19: Piezocone Test (CR), Reference Boreholes(BH) and Section E-E Indicative 
Locations. 
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Table B-1: Summary of Installation Records and Measurements. 

 

Piezometer ID Ground 
RL (m) 

Distance 
from  

Wall (m) 

Installed 
Depth (m) 

Installed 
RL (m) 

Soil 
Type 

Date  
Installed 

10/Dec/04 
Piezometer 

reading,         
RL (m) 

GWS-1004 102.4 46.3 10.4 92.0 UMC 10-Mar-04 101.5 
GWS-1005 101.8 3.0 42.0 59.8 OA 6-Jan-03 100.4 
GWS-1006 102.6 3.5 42.0 60.6 OA 10-Nov-03 101.1 
GWS-1007 102.6 4.5 42.1 60.5 OA 16-Sep-03 100.8 
GWS-1008 102.3 1.0 10.5 91.8 UMC 10-Feb-04 100.9 
GWV-1014-Ar1 102.3 6.8 8.0 94.3 UMC 30-Dec-02 102.7  
GWV-1014-Ar2 102.3 6.8 16.0 86.3 UMC 30-Dec-02 100.6  
GWV-1014-Br3 102.3 6.8 23.0 79.3 LMC 30-Dec-02 101.7  
GWV-1016-1 102.6 8.5 8.0 94.6 UMC 14-Jan-03 101.1  
GWV-1016-2 102.6 8.5 16.0 86.6 UMC 14-Jan-03 99.8  
GWV-1016-3 102.6 8.5 23.0 79.6 LMC 14-Jan-03 101.0  
GWV-1018-1 102.6 6.5 8.0 94.6 UMC 21-Jan-03 100.1  
GWV-1018-2 102.6 6.5 16.0 86.6 UMC 21-Jan-03 98.9  
GWV-1018-3 102.6 6.5 23.0 79.6 LMC 21-Jan-03 98.5  
GWC-1104 102.4 40.8 34.4 68.0 F2 9-Mar-04 102.3  
GWC-1105 102.5 2.8 31.5 71.0 F1/E 31-May-04 101.0  
GWC-1106 102.2 6.0 42.0 60.2 OA 12-Feb-04 101.7  
GWC-1107 102.3 4.5 42.0 60.3 OA 12-Feb-04 101.5  
GWC-1108 102.3 1.0 42.0 60.3 OA 12-Feb-04 101.1  
GWC-1115 99.9 inside exc. 30.3 69.6 F1  17-Apr-04 99.6  
GWC-1117 100.2 inside exc. 26.8 73.4 E 15-Apr-04 101.6  
GWC-1119 102.3 inside exc. 40.3 62.0 OA 4-Jun-04 101.3  

Note: GWS- Stand pipe; GWV- Vibrating wire piezometer; GWC- Casagrande piezometer 




