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Synopsis 

Published literature indicates that seismicity in Australia is going through an active 

phase and more seismic events may occur in the no-so-distant future. Besides, the short 

recorded history of Australia demonstrates that destructive earthquakes, such as the 

Newcastle earthquake of 1989, are probable even in metropolitan areas. Due to the 

growth in population and the economy, and also for the purpose of sustainable 

development, reliable seismic risk estimates are necessary for managing civil 

engineering infrastructure. In particular, this knowledge is essential for highway bridge 

structures with seismic deficiencies so as to enhance the public transportation networks’ 

resilience against earthquakes.  

A practical decision-making tool for long-term bridge performance prediction is the 

seismic fragility curve, which indicates the failure probability of a bridge with respect to 

a particular performance level at increasing intensity measures (IM). The objective of 

this study is to develop a methodology which can be utilised by bridge authorities and 

transport agencies for efficient estimation of seismic fragility of highway overpasses. A 

literature review has shown that while the Cloud analysis is an efficient method, some 

limitations adversely impact on its application for collapse fragility assessment and/or 

evaluation of non-collapse fragility of bridges with high structural nonlinearity. This is 

particularly true when comparing with the rigorous incremental dynamic analysis (IDA) 

method. To this end, a new method, namely the extended Cloud analysis (ECA), is 

proposed for the seismic fragility assessment. The ECA relies on the use of scaled 

Cloud analysis (SCA) data in combination with the original Cloud analysis (OCA) data. 

Different ground motion record (GMR) scaling approaches are also proposed and 
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examined for this purpose. Special attention is given to the southeast Queensland region 

as the site of interest for GMR selection and, also, modelling of highway overpasses 

with pier wall configuration as a common class of bridges within this area. Nonlinear 

time-history analysis (NTHA) is performed for the developed bridge models subjected 

to selected GMRs, based on OCA, SCA, ECA and IDA fragility assessment methods. 

Correspondingly, probabilistic seismic demand analyses (PSDA) are carried out on the 

NTHA data to generate the relevant seismic fragility curves. 

This study reveals that the proposed ECA method provides a credible estimate of the 

collapse fragility of highway bridges, in close agreement with the IDA and is useful for 

conservative fragility assessment. In addition, the non-collapse seismic fragility curves 

generated by the ECA method for highway bridges with high structural nonlinearity are 

in remarkable agreement with the rigorous IDA method over both narrow and wide 

ranges of IMs. These valid seismic fragility results achieved by the ECA method reduce 

the NTHA required by the IDA method to one-seventh, thereby saving a notable amount 

of computational time. Subsequently, representative and reliable seismic fragility curves 

are developed for the highway bridges existing in southeast Queensland. This is 

achieved by using the ECA method and also by considering various sources of 

uncertainty, which allows for the long-term management of the local bridge 

maintenance, rehabilitation, and repair (MR&R) activities. 
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Chapter 1          

 

Introduction 

 

 

1.1.  General Remarks 

Earthquakes are recognised to be the most unpredictable natural hazard due to the 

randomness of their return periods, shaking intensity and distance to constructed 

facilities. Although seismicity of Australia is low-to-moderate compared to the active 

regions along plate margins, earthquakes with magnitudes (MW) greater than 6.0 have 

indeed occurred in this intraplate environment (Gaull, Michael‐Leiba, & Rynn, 1990). 

In addition, the seismicity of Australia is going through an active phase where the 

number of MW = 5+ earthquakes has been increasing over the last two years, compared 

to the years before (McCue, 2016). These issues bring back sorry memories of the 

damage caused by moderate seismic events, such as the 1989 Newcastle earthquake, 

and alert to the need for provisions and preparedness against rare future seismic events 

in populated and economic areas. To form part of a sustainable environment in 
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Australia, reliable seismic risk estimates are required for civil infrastructure to ensure 

their as-built functionality in response to the expected maximal services after such an 

event. 

Seismic fragility assessment is one of the fundamental steps in modern performance-

based earthquake engineering (PBEE) research (Cornell & Krawinkler, 2000). Seismic 

fragility of a structure is defined in terms of conditional probability of exceeding a limit-

state, given an earthquake intensity measure (IM) (Cornell, Jalayer, Hamburger, & 

Foutch, 2002). The term limit-state (LS), herein, denotes a structural response threshold 

in terms of load or deformation (i.e. engineering demand parameter; EDP), which is 

nominated to represent a particular performance level (i.e. damage level) of the 

structure. A seismic fragility assessment is to generate fragility curves which show the 

seismic vulnerability of a structure to different structural design performance levels (i.e. 

an individual curve for each level) under increasing IMs (Ghalami Sfahani, Guan, & 

Loo, 2015). Traditionally, seismic fragility curves were developed based on either 

empirical observations from previous earthquakes (Basöz & Kiremidjian, 1997) or 

experts’ opinions (Padgett & DesRoches, 2006). The empirical fragility curves are often 

influenced by insufficient seismic data. Also, experts’ opinions on the dynamic 

behaviour of structures under investigation make fragility curves quite subjective. As an 

alternative, analytical fragility assessment has received increasing attention over the last 

few years (Ebrahimian, Jalayer, & Manfredi, 2015; Kaviani, Zareian, & Taciroglu, 

2014; Nielson & DesRoches, 2007). Analytical fragility curves are generally developed 

based on the numerical estimation of structural seismic demand and capacity which 

relies on extensive nonlinear time-history analyses (NTHA) of finite element (FE) 

models of structures. Using such curves, quantitative seismic risk exposures can be 
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provided for the decision-makers to recommend an appropriate rehabilitation level 

based on their engineering judgements.  

 

1.2.  Significance and Necessity of Bridge Fragility Assessment 

Development of a precise deterioration model for highway bridge infrastructure requires 

both identification of the current condition of bridges, through crack detection and 

structural health monitoring (SHM), and estimation of bridge performance in future 

hazards (e.g. earthquake and scouring). In this regard, seismic fragility assessment for 

generating bridge fragility curves is a significant tool for long-term performance 

prediction and development of bridge deterioration models. For example, to assess the 

performance of a road network, representative seismic fragility curves can be generated 

for highway bridges based on their as-built condition. These can be easily updated 

according to the aging conditions or after a seismic event (Ebrahimian et al., 2015). 

Nevertheless, this is not the only essential function of bridge fragility curves since 

reliable seismic risk estimates of transportation networks is also necessary in order to 

ensure the road functionality in post-earthquake operations (e.g. emergency and rescue). 

Subsequently, a retrofit prioritisation scheme can be utilised using the bridge fragility 

curves which permits identification of the most susceptible bridges in a particular 

network, the most vulnerable components of those bridges and the impact of different 

retrofit strategies on the performance enhancement of the bridges and network (Padgett 

& DesRoches, 2008).  

Australia maintains one of the most extensive road networks in the world, with over 

900,000 km of public roads. A detailed review of the road system shows that there are 
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over 37,000 bridges in Australia (Austroad, 2018). In the state of Queensland, the road 

network currently comprises some 180,000 km of roads, 3,000 bridges and over 10,000 

major culverts. In addition, the total expenditure on bridge maintenance, rehabilitation 

and improvement for the year 2015-16 in Australia was over one billion AUD. Almost 

15% of this amount was cost for bridges in Queensland (NTCAustralia, 2016). In 

Queensland, the majority of the population lives on the east coast, and the southeast is 

recognised as the economic and cultural region of the state. Although numerous 

research studies have been undertaken on deterioration and long-term performance 

prediction of highway bridges existing in this region, investigation of the seismic 

vulnerability of this infrastructure remains untouched. As such, there is a necessity to 

develop a computationally-efficient and reliable methodology for seismic risk 

estimation of common classes of highway bridges in southeast Queensland. 

 

1.3.  Problem Overview 

Seismic studies in Australia are yet very new. Provisions for seismic design of 

structures were primarily been drafted in 1993 by the introduction of “Structural 

Design Actions, Part 4: Earthquake Actions in Australia”, which was later amended in 

2007 (AS1170.4, 2007). However, seismic design provisions for bridge infrastructure 

(AS5100.2, 2004) only came into practice in 2004. As such, the majority of highway 

bridge infrastructure built prior to 2004 in southeast Queensland lack specific seismic 

detailing and their performance under seismic loads is unknown.  

Multi-span overpasses with reinforced concrete (RC) pier walls are a common 

highway bridge class over the road networks in southeast Queensland. The geometrical 
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configuration and seismic behaviour of pier walls in the in-plane direction underlines 

significant shear resistance of the piers for this bridge class. This resistance cannot be 

well-captured by the nonlinear fibre beams in the bridge FE models, which are 

conventionally in use for modelling bridge piers (Ebrahimian et al., 2015; Kaviani et 

al., 2014; Nielson & DesRoches, 2007; Siddiquee, 2015). One solution is to substitute 

the beam elements by nonlinear quad shell elements. In this regard, it should be noted 

that analytical seismic fragility assessment conventionally relies on NTHA-based 

methods for estimating the EDPs, such as incremental dynamic analysis (IDA) 

(Vamvatsikos & Cornell, 2002) or multiple stripe analysis (MSA) (Baker, 2015). 

Performing fragility assessment by these rigorous methods requires successive NTHAs 

by selected ground motion records (GMR) scaled at various IM levels. As such, the use 

of large FE models (i.e. nonlinear quad shell models) for highway bridges with pier 

walls, along with IDA or MSA, would dramatically increase the computational costs of 

analytical fragility assessment.  

On the other hand, the baseline alternative for performing NTHA-based analytical 

fragility assessment of highway bridge structures is the Cloud analysis method 

(Ebrahimian et al., 2015). Such method is remarkably more efficient as it only requires 

NTHAs by unscaled (original) GMRs. However, some inherent limitations associated 

with the Cloud analysis adversely impacts the resulting seismic fragility curves. In 

particular, collapse seismic fragility assessment by the Cloud analysis method is highly 

sensitive to the identified collapse IM levels, IMC, due to the utilised method of 

regression analysis (i.e. logistic regression). In addition, while the standard deviation of 

distribution of non-collapse IM-EDP was acknowledged to be a function of IM 

(Vamvatsikos & Cornell, 2002), Cloud analysis imposes a constant standard deviation. 
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This makes non-collapse analytical fragility curves to be unreliable with high structural 

nonlinearity. Therefore, in the absence of NTHAs by the scaled GMRs, seismic fragility 

results obtained by the Cloud analysis method are highly sensitive to the selected 

GMRs. 

 

1.4.  Objectives and Scope 

This study is mainly targeted to extend an existing methodology for generating reliable 

analytical fragility curves which can be efficiently applied to highway overpasses with 

pier walls. To this end, an extended Cloud analysis (ECA) method is proposed for the 

analytical seismic fragility assessment to: 

• overcome the shortcoming of original Cloud analysis (OCA) for estimating IMC 

of each GMR; 

• eliminate the need for logistic regression and its associated limitations, for 

generating collapse fragility curves, where are inevitable in the OCA method; 

• evaluate the standard deviation of distribution of non-collapse IM-EDP as a 

function of IM; 

• improve the accuracy of estimation of non-collapse seismic fragility with high 

structural nonlinearity; and 

• acquire the efficiency of ECA for analytical fragility assessment compared to 

rigorous alternatives such as the IDA. 

The ECA method works by extending the OCA data and combining it with the scaled 

Cloud analysis (SCA) data. The SCA is performed through a specific GMR scaling 
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approach which is proposed in this study. The key tasks which are accomplished to 

achieve the aforementioned goals set for this thesis project are summarised as follows: 

• Review the literature and identify the research gaps in relation to the 

development of reliable and cost-efficient analytical seismic fragility curves.  

• Propose the ECA method as an effectual and dependable tool for analytical 

seismic fragility assessment of structures over narrow and wide ranges of IMs 

with high structural nonlinearity. 

• Investigate the challenges of seismic hazard analysis in Australia and 

recommend provisions for GMR selection in southeast Queensland. 

• Modify the existing three-dimensional FE models of highway bridges for 

fragility assessment by encompassing a valid RC pier wall model; define the 

highway bridge performance levels in response to seismic loads; and nominate 

the LSs associated to these levels. 

• Investigate seismic fragility assessment using the ECA method; identify the 

optimal IM, effective GMR scaling approach and suitable GMR selection 

method; and compare and verify the numerical results with the OCA, SCA and 

IDA methods. 

• Generate the representative seismic fragility curves based on the ECA method 

for different components and system-levels of highway overpasses with pier 

walls in southeast Queensland. 

It is noteworthy to mention that, although this research is carried out to study the 

seismic fragility of highway overpasses in southeast Queensland, the methodology 

developed herein can be easily applied to bridges with similar construction in Australia.  
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1.5.  Thesis Outline 

Including Chapter 1, Introduction, this thesis is organised into seven chapters. The 

contents of Chapters 2 to 7 are briefly enumerated in the following: 

Chapter 2 presents a critical literature review of the seismic reliability and risk 

analysis of structures based on fragility assessment methods. A detailed review of the 

background, latest advancements and current application of these methods is discussed 

in this chapter and research gaps are identified. This helps to establish the research 

direction and formulate the proposed development work.   

Chapter 3 presents the proposed ECA method to be used in this research. In this 

chapter, the formulation and application of analytical seismic fragility assessment by 

the IDA and Cloud analysis methods are first discussed. Then, the limitations of the 

Cloud analysis method, in comparison with the rigorous IDA method, are highlighted. 

Subsequently, recommendations for extended Cloud analysis are given in this chapter. 

Chapter 4 presents a summary of the history of seismicity in Australia, recent studies 

and the shortcomings related to preforming research in this context for Australia. More 

in-depth investigation of seismic hazard is performed for southeast Queensland, as the 

site of interest in this research. The provisions and criteria for GMR selection are 

recommended and the selected records, for the purpose of NTHA, are also presented. 

Chapter 5 presents a comprehensive approach for developing a three-dimensional FE 

model of highway bridge structures. In this chapter, the assumptions made for creating 

the structural models of different wall-pier supported highway overpass components are 

explained. Accordingly, a number of FE bridge models are developed to be used as the 
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representative of the portfolio of highway bridges built in southeast Queensland. 

Moreover, this chapter presents the recommended bridge seismic performance levels, 

the nominated LSs for highway bridge structures common to the road networks in 

Australia and the method applied for evaluation of bridge seismic fragility at the 

system-level.  

Chapter 6 presents the specific numerical results of this research, including the 

generated seismic fragility curves. The IMC levels and the probability distribution 

parameters are evaluated in this chapter. The efficiency and sufficiency of alternative 

choices of IMs are also investigated. The effectiveness of the proposed ECA method is 

examined by using different scaling IM-EDP seismic data. Sensitivity of the ECA 

fragility results to the selected suites of GMR is discussed. The fragility curves obtained 

based on the ECA method is verified against existing methods, including the rigorous 

IDA method. Representative seismic fragility curves generated for the portfolio of the 

highway overpasses in southeast Queensland are illustrated in this Chapter, and the 

corresponding numerical fragility results are compared with those available in the 

literature.   

Finally, Chapter 7 presents a summary of the research outcomes. The conclusions 

and the needs for future research are also outlined. 
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Chapter 2          

 

Literature Review 

 

 

2.1.  General Remarks 

Recent advances in computational science and technology have provided the feasibility 

of probabilistic studies of nonlinear structures by rigorous numerical analysis methods. 

In this context, probabilistic performance-based earthquake engineering (PBEE) is a 

framework for seismic performance assessment of structures in terms of the risk of 

failure. Using this framework, a risk exposure can be evaluated to show the seismic 

vulnerability of structures and allow decision makers to adopt rehabilitation decision 

levels according to their engineering judgments. Such a PBEE framework has already 

been developed in the Pacific Earthquake Engineering Research (PEER) Centre, and 

other earthquake research organisations, in the United States (Cornell & Krawinkler, 

2000; Günay & Mosalam, 2013). This framework estimates the probabilistic seismic 

performance of structures in terms of system-level decision variables (e.g. repair cost, 
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casualties, and loss of functionality). The abovementioned PBEE framework consists of 

four integrated stages: (a) hazard analysis; (b) structural analysis; (c) damage analysis; 

and (d) loss estimation (in terms of dollars, deaths, and downtime). The third stage of 

this framework (i.e. damage analysis) contributes to determine the probability of various 

structural damage levels, in order to achieve an overview of the seismic vulnerability of 

structures. This procedure is referred to as the probabilistic seismic demand analysis 

(PSDA) (Bazzurro, 1998; Cornell, Jalayer, Hamburger, & Foutch, 2002; Shome, 1999). 

The most significant results of PSDA are the seismic fragility curves which indicate the 

likelihood of meeting, or exceeding, different structural performance levels under 

increasing shaking intensity measures (IM). This chapter presents a critical review of 

the latest developments in the PSDA methods to identify the current research issues in 

the field of seismic fragility assessment for research direction of this study. 

 

2.2.  Background of Seismic Fragility Assessment  

Figure 2.1 demonstrates a schematic example of a seismic fragility curve. This curve 

shows the cumulative density function (CDF) of probability, P[·], of seismic responses 

(i.e. engineering demand parameters; EDP) exceeding a particular structural 

performance level, under increasing IMs (Ghalami Sfahani, Guan, & Loo, 2015). It 

should be noted that such performance levels are numerically represented by specific 

limit-state (LS) values in the fragility function. Seismic fragility assessment has initially 

been introduced and applied for risk and safety assessment of structural components and 

mechanical assemblies in nuclear power plants (Kaplan, Perla, & Bley, 1983; Kennedy, 

Cornell, Campbell, Kaplan, & Perla, 1980).  
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Figure 2.1 Example of seismic fragility curve 

 

Based on the source of utilised seismic data, the generated fragility curves are 

classified as empirical, judgmental or analytical. Empirical fragility curves are 

generated using seismic data obtained from inspection and field observation of 

structural damage in the post-earthquake surveys (Shinozuka, Feng, Lee, & Naganuma, 

2000). Some typical empirical bridge fragility curves are available in the literature 

which have been generated based on the bridge damage data in the 1994 Northridge 

earthquake, California (Basoz, Kiremidjian, King, & Law, 1999) and the 1995 Kobe 

earthquake, Japan (Karim & Yamazaki, 2001). Note that empirical fragility assessment 

is recognised for giving the most reliable fragility curves, due to the source of seismic 

data utilised for this purpose. As such, in the absence of real earthquake data, large-

scale experimental shaking table tests have been used to generate empirical bridge 

fragility curves (Banerjee & Shinozuka, 2008). However, a difficulty associated with 

empirical fragility assessment is lack of relevant seismic data for a specific bridge class, 

as this usually implements aggregation of different seismically damaged bridge data for 

generating such fragility curves. Also, performing large-scale experimental testing for 
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studying uncertainties included in the entire bridge structures is too costly. Therefore, 

judgemental fragility assessment has been introduced as experts’ opinions are requested 

and collected on the vulnerability of structural components in response to various IM 

levels (Mosleh & Apostolakis, 1986). Examples of typical judgmental fragility curves 

for bridge components can be found in ATC-40 (1996). Also, a procedure and a 

template questionnaire called “soliciting expert judgment” is available for this purpose 

(Porter, Kennedy, & Bachman, 2007). However, it should be noted that being purely 

established on experts’ opinions causes the judgmental fragility curves to be very 

subjective, and subsequently, uncertain. As such, the analytical seismic fragility curves 

have raised the researchers, and bridge engineers, interests in the past few years.  

 

2.3.  Analytical Fragility Function 

Analytical fragility assessment relies on the seismic data obtained from numerical 

analyses of the finite element (FE) models of structures subjected to simulated 

earthquake loads (Ghalami Sfahani et al., 2015). Some of the methods commonly in use 

for this purpose are the capacity spectrum method (CSM) (Fajfar, 2000), incremental 

dynamic analysis (IDA) (Vamvatsikos & Cornell, 2002), Cloud analysis (Jalayer, 2003) 

and multiple stripe analysis (MSA) (Baker, 2015). In this regard, the mean annual 

frequency (MAF) of EDPs exceeding a specific LS value, due to an IM level, is 

mathematically formulated as follows (Cornell & Krawinkler, 2000) 

𝜆(𝐿𝑆) = ∬ 𝐺[𝐿𝑆|𝐸𝐷𝑃] ∙ 𝑑𝐺[𝐸𝐷𝑃|𝐼𝑀] ∙ 𝑑𝜆(𝐼𝑀) (2.1) 
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where G[LS|EDP] is the conditional probability of exceeding the LS given EDP, 

dG[EDP|IM]  is the probability distribution of EDP given IM, and λ(IM) is the MAF of 

occurrence of earthquakes with intensities higher than IM at the site of interest (i.e. the 

seismic hazard). Based on the “Total Probability Theorem” (Benjamin & Cornell, 

1970), in cases where a sufficient number of ground motion records (GMR) are 

considered to evaluate λ(LS), Eq. (2.1) can be denoted as follows: 

𝜆(𝐿𝑆) =  ∑ 𝑃 [𝐿𝑆|𝐼𝑀 = 𝑥𝑖] 

𝑎𝑙𝑙 𝑥𝑖

𝑃[𝐼𝑀 = 𝑥𝑖] (2.2) 

Eq. (2.2) encompasses the two fundamental elements for seismic risk analysis: the 

seismicity of the site of interest P[IM = xi] and the seismic fragility of structures on that 

site P[LS|IM = xi]. The P[IM = xi] can be evaluated through probabilistic seismic hazard 

analysis (PSHA), to generate seismic hazard curves and/or maps based on the registered 

GMRs for that site (Cornell, 1968). To generate analytical seismic fragility curves for 

the structures, P[LS|IM = xi] is evaluated through the PSDA of the numerical analysis 

data and identification of distributions of collapse IM levels, IMC, as well as non-

collapse EDPs. 

𝑃[𝐿𝑆|𝐼𝑀] = 𝑃[𝐸𝐷𝑃 ≥ 𝐿𝑆|𝐼𝑀] ∙ 𝑃[𝐼𝑀 < 𝐼𝑀𝐶] + 𝑃[𝐼𝑀 ≥ 𝐼𝑀𝐶] (2.3) 

where P[IM ≥ IMC] denotes the collapse probability, P[IM < IMC] = 1- P[IM ≥ IMC] 

and P[EDP ≥ LS|IM] is the probability of non-collapse EDPs exceeding the specified 

LS. It is assumed that a lognormal distribution holds the relation between the non-

collapse EDPs and IMs (Bazzurro, 1998; Cornell et al., 2002; Shome, 1999), and the 

median of this distribution is in the form of ηEDP|IM = a IMb (a and b are parameters of 
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linear regression in the logarithmic space). As such, a closed-form solution is developed 

for P[EDP ≥ LS|IM] as follows 

𝑃 [𝐸𝐷𝑃 ≥ 𝐿𝑆|𝐼𝑀] = 𝛷 [
log(𝐿𝑆) − log(𝜂𝐸𝐷𝑃|𝐼𝑀)

𝛽𝐸𝐷𝑃|𝐼𝑀

] (2.4) 

where Φ[·] is the standardised Gaussian CDF and βEDP|IM is the standard deviation of 

estimated EDPs from ηEDP|IM (Cornell et al., 2002). 

 

2.4.  Variables of the Fragility Function 

2.4.1. Ground shaking intensity measures (IM)   

As denoted above, the analytical seismic fragility is a function of IM. In this regard, 

much research has been carried out to study and examine different IMs for this purpose 

(Ebrahimian, Jalayer, Lucchini, Mollaioli, & Manfredi, 2015; Luco & Cornell, 2007; 

Mollaioli, Lucchini, Cheng, & Monti, 2013; Ye, Ma, Miao, Guan, & Zhuge, 2013). In 

general, an IM is recognised either as site-responses (e.g. peak ground acceleration; 

PGA) or structural-responses (e.g. spectral acceleration; Sa) to earthquakes. Adopting 

an optimal IM for generating the fragility curves would have a direct significance on the 

evaluated seismic risk levels and decision-making outcomes. Several characteristics are 

described for an optimal IM. The “efficiency” of an IM is simply assessed based on the 

produced βEDP|IM value (Shome, 1999), as lower values show higher efficiency. The 

advantages of using an efficient IM are accrediting linear regression in the logarithmic 

space, straightening the confidence interval band-width (i.e. β in Figure 2.2) and, 

consequently, representing more reliable seismic fragility curves.  
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Figure 2.2 Schematic illustration of linear regression in the logarithmic space and 

dispersion of estimated EDPs in response to various IM levels  

 

The “practicality” of an optimal IM is the direct correlation between the nominated 

IM and EDP, and  is determined by considering the regression parameter “b” (i.e. slope 

of linear regression illustrated in Figure 2.2), in which a higher “b” value indicates an 

IM is more practical. One significant feature of a practical IM is displaying higher 

seismic risks by the generated fragility curve. While many researchers acknowledged 

the proficiency (i.e. practicality and efficiency) of structural-response IMs (Ebrahimian 

et al., 2015; Giovenale, Cornell, & Esteva, 2004; Yakhchalian, Nicknam, & Amiri, 

2015), there have been several studies which confirmed site-response IMs are more 

proficient (Ghotbi, 2015; Padgett, Nielson, & DesRoches, 2008; Ye et al., 2013). An 

important difference between these works was the type of structures under investigation, 
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as site-responses were reported to be optimal for bridges and structural-responses for 

buildings. 

In addition to efficiency and practicality, “sufficiency” of an optimal IM is important, 

as no further earthquake parameters (e.g. magnitude and/or epicentral distance) should 

be required to formulate the analytical fragility function (Luco & Cornell, 2007). This is 

determined through the hypothesis testing, in which an IM is considered to be more 

sufficient when linear regression by the noted earthquake parameters versus the 

residuals of the logarithmic regression yields higher p-values (Luco & Cornell, 2007).  

Eq. (2.1) denotes that the seismic hazard is integrated with the seismic fragility, for 

evaluation of the seismic risk at a specific site. This demands the “hazard compatibility” 

an optimal IM (Giovenale et al., 2004), as an IM is considered to be more compatible 

with the seismic hazard if less effort is required for PSHA. In this regard, it should be 

noted that most seismic codes and catalogues provide the hazard curves or maps in 

terms of PGA and/or some discrete Sa values.  

 

2.4.2. Engineering demand parameters (EDP) and limit-states (LS) 

In addition to the IM, the structural response which is selected, to represent the EDP and 

the specified LS, can also vary the evaluated seismic risk. A majority of the analytical 

fragility studies published in the literature were established  using the peak transient 

displacement of structures (Günay & Mosalam, 2013; Karavasilis, Bazeos, & Beskos, 

2006). Also, EDP and LS have been defined in terms of the structural ductility ratio, 

which is more convenient for identification of plastic hinges (Freddi, Tubaldi, Ragni, & 
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Dall'Asta, 2013; Mehani, Bechtoula, Kibboua, & Naili, 2013). It should be noted that 

none of these EDPs reflect the residual capacity of a structure. As such, inelastic 

displacements and residual drift were utilised for seismic fragility assessment by 

researchers (Bojórquez & Ruiz‐García, 2013; Ruiz-García & Miranda, 2010).  

The dynamic characteristic of seismic loads signifies the necessity of investigating 

low-cycle fatigue and energy dissipation behaviours in structures. The peak, ductility or 

residual EDPs fail to capture such behaviours, which are particularly significant for 

seismic reliability assessment of structures in response to aftershocks and/or 

investigating seismically damaged structures. Therefore, several analytical seismic 

fragility studies have been carried out using relevant EDPs to include such behaviours 

(Bojorquez, Ruiz, & Teran-Gilmore, 2008; Teran‐Gilmore & Jirsa, 2007). In addition, 

some research has been accomplished to investigate the influence of GMR’s duration on 

the energy dissipated and, subsequently, seismic fragility (Hancock & Bommer, 2007; 

Iervolino, Manfredi, & Cosenza, 2006). 

 

2.5.  Seismic Reliability Assessment of Structures 

In the presence of uncertainties, the reliability of structures to the evaluated seismic 

fragility would be still unclear. To manage such existing uncertainties, for structural 

safety, it is primarily essential to distinguish between their types and sources. In this 

regard, the uncertainty which is due to intrinsic randomness of a phenomenon is referred 

to as an “aleatory” uncertainty and, the “epistemic” uncertainty arises from lack of 

knowledge, imperfect modelling, and simplification (Der Kiureghian & Ditlevsen, 
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2009). For example, it is generally understood that the hazard curves or maps, presented 

in seismic hazard catalogues, represent the mean hazard level of a site. The assumption 

that the real seismic hazard level at the site is equal to the mean level contains aleatory 

uncertainty, whereas the utilised ground motion prediction equations (GMPE) model 

and averaged GMRs for obtaining the mean seismic hazard rate of that site implies 

epistemic uncertainty (Abrahamson & Bommer, 2005). In seismic fragility assessment, 

aleatory uncertainty is associated to sufficiency and adequacy of the selected GMRs, 

and the ambiguities in structural modelling and specified LSs and collapse thresholds 

are attributed to the epistemic uncertainty. 

 

2.5.1. Uncertainty quantification in seismic fragility assessment 

The conventional approach for uncertainty quantification in fragility assessment is the 

use of confidence interval bounds (Ellingwood & Kinali, 2009). The shortcomings of 

this approach are the high sensitivity of the fragility curves and the confidence band-

width to the estimated numerical analysis data. Also, this method needs to distinguish 

aleatory uncertainties from epistemic ones, which can be a subjective and debatable task 

(Liel, Haselton, Deierlein, & Baker, 2009). Another simple approach is substituting 

βEDP|IM in Eq. (2.4) with the square root of sum of variances of different uncertain 

parameters (Cornell et al., 2002). This method of uncertainty quantification has been 

expanded to involve the generic sources of uncertainties existing in the problem such as 

damping, live loads and material property (Yun, Hamburger, Cornell, & Foutch, 2002). 

In general, two attitudes can be adopted to treat the uncertainty quantification. A 

forward approach, known as uncertainty propagation, to process the numerical results 
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and reflect the uncertain input data in terms of mean and variance measures. In this 

regard, different sources of uncertainty have been investigated in seismic fragility 

assessment through the uncertainty propagation techniques, such as material strength 

and structural component stiffness (Celik & Ellingwood, 2010; Liel et al., 2009; Padgett 

& DesRoches, 2007), structural damping ratio (Celik & Ellingwood, 2010), gross 

geometry (Padgett & DesRoches, 2007), structural capacity (Liel et al., 2009), joints 

and connections behaviour (Celik & Ellingwood, 2010), influences of non-structural 

elements and two-dimensional modelling of three-dimensional structures (Ellingwood, 

2001).  

Another approach for uncertainty quantification is an inverse method widely known 

as the hybrid simulation. In this approach, the experimental measurements of a system 

are used to estimate the discrepancies between empirical and numerical simulation 

results. Hybrid simulation is more expensive and difficult to perform compared to the 

uncertainty propagation approach. Nevertheless, it has the advantage that numerical 

simulation results can be validated using the measured data and an updated FE model 

can be then provided. The seismic fragility curves obtained via this approach are called 

hybrid fragility curves. Such fragility curves can be generated using empirical data 

obtained from real earthquakes (Karim & Yamazaki, 2001; Singhal & Kiremidjian, 

1998). The use of large scale experimental tests for calibrating and updating the 

analytical fragility curves has been also considered by some researchers (Banerjee & 

Shinozuka, 2008; Kramar, Isaković, & Fischinger, 2010). For this purpose, Lin et al. 

(Lin, Li, Elnashai, & Spencer Jr, 2012) proposed a procedure for performing hybrid 

fragility assessment and integrated seismic risk analysis using various sources of 

seismic data (see Figure 2.3). Although this procedure has been developed to link the 
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various disciplines for earthquake risk analysis, it seems to be too expensive, taking the 

costs of the whole process into consideration. 

 

 

Figure 2.3 An integrated procedure for seismic reliability and risk assessment, proposed 

by Lin et al. (2012) 
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2.5.2. Seismic reliability assessment of structures at system-level 

In order to adequately account for the seismic reliability at the system-level of 

structures, it is important to assess the seismic fragility of all the contributing structural 

components. A major difficulty in this context is defining and computing the probability 

of system-level failure in terms of several component-level failures. Initial approaches 

for this purpose relied on experts’ opinions (e.g. judgmental fragility curves), through 

reflecting on the system-level performance of structures in the form of the residual 

capacity as a function of seismic damage (ATC-40, 1996). However, as discussed 

above, this approach is subjective and can be uncertain to a large extent. For analytical 

seismic fragility assessment, the system-level failure can be also defined based on the 

confidence bounds of the correlated performance of structural components. This denotes 

that the structural reliability at the system-level for a particular LS is the union of the 

failure probabilities of structural components in that LS (Choi, DesRoches, & Nielson, 

2004; Song & Der Kiureghian, 2003): 

𝑃[𝐹𝑎𝑖𝑙𝑠𝑦𝑠𝑡𝑒𝑚] = ⋃ 𝑃[𝐹𝑎𝑖𝑙𝑐𝑜𝑚𝑝𝑜𝑛𝑒𝑛𝑡𝑖
]

𝑛

𝑖=1

 (2.5) 

where n is the number of structural components. The upper and lower bounds of the 

system-level probability of failure are  

𝑛
𝑚𝑎𝑥
𝑖 = 1

[𝑃(𝐹𝑎𝑖𝑙𝑐𝑜𝑚𝑝𝑜𝑛𝑒𝑛𝑡𝑖
)] ≤ 𝑃(𝐹𝑎𝑖𝑙𝑠𝑦𝑠𝑡𝑒𝑚)  ≤ 1 − ∏[1 − 𝑃(𝐹𝑎𝑖𝑙𝑐𝑜𝑚𝑝𝑜𝑛𝑒𝑛𝑡𝑖

)]

𝑛

𝑖=1

 (2.6) 

In this regard, one important issue is the influence of coincident failures of all 

structural components, in the interval space between two consecutive LSs, j-1 and j (see 



Chapter 2 

 

23 
 

Figure 2.4), on the system-level probability of failure. Figure 2.4 schematically 

illustrates this issue; the system-level reliability assessment at the jth LS (i.e. blue 

hatched space) may be influenced by the failure of all structural components at the j-1th 

LS (i.e. red hatched space). In this circumstance, it was proposed that the probability of 

exceeding the performance level represented by jth LS is coupled with the probability of 

exceeding the performance level represented by j-1th LS (Dueñas-Osorio & Padgett, 

2011). Therefore, the confidence band width for system-level reliability can be widened 

as follows 

𝑃𝑎𝑢𝑔𝑚𝑒𝑛𝑡𝑒𝑑𝑗  = 𝑃𝑡𝑦𝑝𝑖𝑐𝑎𝑙𝑗
+ 𝑃𝑖𝑛𝑡𝑒𝑟𝑣𝑎𝑙𝑗 & 𝑗−1

 (2.7) 

 

 

Figure 2.4 Thresholds of two consecutive LSs and the domains of typical and 

augmented system-levels probability of failure 

𝑖𝑛𝑡𝑒𝑟𝑣𝑎𝑙 𝑠𝑝𝑎𝑐𝑒𝐼𝑚𝑝𝑎𝑐𝑡 

𝑖𝑛𝑡𝑒𝑟𝑣𝑎𝑙 𝑠𝑝𝑎𝑐𝑒 

𝑙𝑖𝑚𝑖𝑡 − 𝑠𝑡𝑎𝑡𝑒 𝑗 

𝑙𝑖𝑚𝑖𝑡 − 𝑠𝑡𝑎𝑡𝑒  𝑗 − 1 

𝐂
𝐨

𝐦
𝐩

𝐨
𝐧

𝐞
𝐧

𝐭 
𝟐

 

𝐂𝐨𝐦𝐩𝐨𝐧𝐞𝐧𝐭 𝟏 

𝑙𝑖
𝑚

𝑖𝑡
−

𝑠𝑡
𝑎

𝑡𝑒
 𝑗

 

𝑙𝑖
𝑚

𝑖𝑡
−

𝑠𝑡
𝑎

𝑡𝑒
  𝑗

−
1

 

𝑃𝑡𝑦𝑝𝑖𝑐𝑎𝑙 (𝑗) 

𝑃𝑖𝑛𝑡𝑒𝑟𝑣𝑎𝑙 (𝑗&𝑗−1) 



Chapter 2 

 

24 
 

where Ptypical and Pinterval are the system-level probabilities illustrated in Figure 2.4. In 

this regard, the effect of considering an augmented failure probability on a bridge 

system was reported to cause a 4%–20% change in moderate damage levels in fragility 

analysis (Dueñas-Osorio & Padgett, 2011). 

To improve the structural reliability at system-level, Monte Carlo Simulation (MCS) 

has also been utilised (Nielson & DesRoches, 2007). However, system-level failure 

definitions range from considering a single structural component’s failure to coincident 

failure of all components. Thus, the use of crude MCS can become computationally 

expensive given that each system-level failure event requires a separate numerical 

simulation. In addition, the use of crude MCS method is computationally inefficient, 

since any background information for data sampling from uncertain parameters (e.g. 

statistical distribution of the parameters) is ignored. An alternative to reduce the 

computational cost of MCS is using it in combination with the Response Surface 

Methodology (RSM) for simulation of structures subjected to seismic loads 

(Towashiraporn, 2004). Subsequently, the simulations for predicting the structural 

responses are performed by a polynomial response surface function rather than a 

complex FE model (Seo & Linzell, 2013). However, linear approximation (i.e. two-

polynomial function) as utilised for RSM is only useful within a certain range of the 

design space, and higher order nonlinear approximations (i.e. quadratic polynomial 

functions) are computationally expensive and increase the possibility of bias errors 

(Stander & Craig, 2002).  

A weighting scheme of components failure can also be used for establishing system-

level failure based on the contribution of load-carrying capacity, repair cost and impact 
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on functionality (Tesfamariam & Sadiq, 2008; Zhang & Huo, 2009). This approach 

indicates that all the structural components do not equally influence the system-level 

fragility. The difficulty in applying this approach is establishing the weights for 

different components, which brings about further uncertainties. Moreover, a matrix-

based system-level reliability method has been proposed and applied (Song & Kang, 

2009) along with seismic fragility assessment. Using this method the total number of 

system-level failure scenarios, from no component failure to coincident failure of all 

components, would be 2N cases where N is the number of components. This means that 

considering an additional structural component, the total number of probable scenarios 

for system-level failure and, thus, the computation costs would be doubled. 

 

2.5.3. Multi-hazard structural reliability assessment 

It is particularly important to evaluate structural performance and associated failure risk, 

not only for the earthquake, but also for other potential hazards. For example, soil 

liquefaction is a serious problem during earthquakes which may result in ground 

subsidence, loss of bearing capacity, shifting and/or tilting of foundation, pile failure, 

slope/embankment failure, abutment failure, lateral spreading, and eventually the 

instability of the bridge structure (Bignell & LaFave, 2010). In this regard, a case study 

by Padgett et al. (Padgett, Ghosh, & Dueñas-Osorio, 2013) showed that the seismic 

fragility is influenced by the undrained shear strength, shear modulus, and ultimate 

capacity of soil. Moreover, Wang et al. (Wang, Dueñas‐Osorio, & Padgett, 2013) 

investigated the significance of the inclusion of vertical components of GMRs in 

numerical analyses of coupled structure-soil-foundation systems with liquefaction 
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potential. It was reported that neglecting the vertical ground motion components will 

underestimate the seismic fragility. 

The LS values used in PSDA and the analytical fragility assessment are time-

independent. This means that these LSs are only representative of the as-built 

functionality of structures, whereas, this issue is at odds with the accurate condition of 

aged structures in deteriorating environmental situations. For this purpose, Choe et al. 

(Choe, Gardoni, Rosowsky, & Haukaas, 2008) have developed a seismic drift and shear 

force capacity model for corroded RC structures. In addition, Ghosh and Padgett (Ghosh 

& Padgett, 2010) developed time-dependent seismic fragility curves in which, instead of 

decreasing the structural capacity over time, the seismic demand was considered to be 

increasing as a function of time. Moreover, Ebrahimian et al. proposed a method for 

life-cycle cost and seismic fragility assessments by considering time-varying LSs. 

Furthermore, other natural hazards such as hurricanes (Li & Ellingwood, 2009), 

floods (Dong, Frangopol, & Saydam, 2013), and snow loads (Lee & Rosowsky, 2006) 

have also been considered for multi-hazard structural reliability assessment, in 

combination with seismic fragility assessment. It is important to note that the main 

challenge in multi-hazard analysis is optimisation and allocation of hazard mitigation 

resources. 

 

2.6.  Summary 

In this chapter, a review of the literature was presented focusing on the development of 

analytical fragility function, influential parameters in the closed-form solution of this 
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function and existing techniques for structural reliability analysis along with seismic 

fragility assessment. Lack of codified guidelines for PBEE in Australia is the main 

difficulty which discourages seismic performance assessment of civil structures and 

infrastructure. This is in addition to the existing limitations associated with PSHA 

studies which cause misunderstanding of the seismicity in Australia. As such, raising 

funds and interest for large experimental testings and sophisticated modellings and 

simulations to investigate the seismic vulnerability of structures in Australia, have 

always been problematic. An appealing PBEE approach for Australia must be 

computationally efficient and easy to apply while also being accurate in comparison to 

the most rigorous methods.  

Surveying the literature shows that analytical fragility assessment is more 

appropriate than the empirical, experimental or judgmental methods for generating 

seismic fragility curves. This is due to the sufficient analysis data which can be obtained 

for a structural FE model through numerical analyses. In this regard, an important issue 

is the number of required numerical analyses for this purpose. While rigorous methods, 

such as the IDA, require a separate numerical realisation of the structural FE model by 

each selected GMR at increasing IM levels, an efficient alternative such as the Cloud 

analysis method only needs numerical analyses using the original GMRs. However, the 

Cloud analysis method, which will be elaborated further in Chapter 3, has some inherent 

limitations which adversely impact the accuracy of the fragility assessment. This 

prompts the present work on development of an extended fragility assessment method, 

which is aimed at overcoming such limitations. The proposed method, once fully 

developed and validated, is to achieve reliable analytical fragility curves of highway 

overpasses for predicting the seismic vulnerability of road networks in Australia. 
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Chapter 3 

  

Proposed Method for Analytical Seismic 

Fragility Assessment  

 

3.1. General Remarks 

Analytical fragility assessment relies on the numerical simulation of structures subjected 

to earthquake loads. Various analysis methods can be adopted for this purpose including 

the capacity spectrum method (CSM) (Fajfar, 2000), multiple stripe analysis (MSA) 

(Baker, 2015), incremental dynamic analysis (IDA) (Vamvatsikos & Cornell, 2002) and 

Cloud analysis (Jalayer, 2003). The distinctions between these methods include the 

integrity of simulation, efficiency of computation and versatility in application of the 

earthquake loads. In this regard, the existing methods which are established on the 

nonlinear time-history analysis (NTHA) (e.g. MSA, IDA and Cloud analysis) have 

widely been recognised for the higher degree of integrity they represent in simulating 

seismic loads. The focus of this study is on the NTHA-based methods as the means of 

seismic fragility assessment. In particular, the efficiency and versatility of IDA and 
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Cloud analysis methods for fragility assessment are investigated. Although detailed 

explanations of these methods are available in the literature, they are briefly described 

in Sections 3.2 and 3.3 for the completeness of presentation. Note that, the MSA method 

is not perused in this study. This is because in the MSA method, unlike the IDA and 

Cloud analysis methods, different ground motion records are required for each intensity 

measures (IM) level. As such, comparison of the fragility results between MSA and 

other methods would not be meaningful. It is shown that, whilst the Cloud analysis is 

remarkably more efficient computationally, its inherent limitations have led to its 

application being less versatile than IDA over a wide range of IM. Therefore, to 

overcome such limitations, an extended Cloud analysis (ECA) method is proposed for 

seismic fragility assessment in this chapter. Specifically, Section 3.4 presents the 

proposed ECA method. 

 

3.2. Incremental Dynamic Analysis (IDA) Method 

3.2.1. Seismic performance assessment of structures by using IDA 

Incremental dynamic analysis (IDA) is a transient dynamic analysis for numerical 

evaluation of the performance of structures under successive base excitations 

(Vamvatsikos & Cornell, 2002). Due to its theoretical simplicity, straightforward 

application and accuracy of results, IDA has become a popular tool for analytical 

seismic fragility assessment of highway bridges (Nielson & DesRoches, 2007). To 

perform IDA, a scalar IM must be adopted which can be monotonically scaled for 

characterising different intensities of selected ground motion records (GMR). Different 

IM levels in IDA are then implemented by applying a non-negative scaling factor (SF) 
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to the input GMRs, in which a SF higher than unity scales a GMR up and lower than 

unity scales it down. An IDA is executed by NTHAs of a structure subjected to a single 

GMR as follows 

𝑓𝑜𝑟𝑖=1
𝑛       �̈�(𝑡)[𝑀] + �̇�(𝑡)[𝐶] + 𝑥(𝑡)[𝐾] = 𝑆𝐹𝑖 ∙ 𝑔(𝑡)[𝑀]  (3.1) 

where [M], [C] and [K] are the matrices of mass, damping and stiffness of the finite 

element (FE) model of structure, respectively, g(t) is the acceleration time-history of the 

GMR, and n denotes the number of adopted SFs (i.e. normally requires ten or more). In 

addition to IM, an appropriate engineering demand parameter (EDP) should also be 

nominated to track the structural seismic responses from no damage, up to the collapse 

stage. The result of an IDA is plotted as the estimated EDPs in response to scaled IM 

levels of the GMR (see red pentagram data points in Figure 3.1). Although it is ideal to 

have a continuous estimation of EDPs given IMs, the computational costs of each 

NTHA forces the use of a discrete number of IM levels for providing the desired 

coverage. As such, it is critically important to use targeted SFs to sample EDPs from the 

elastic, nonlinear and the collapse stages of the structure. For this purpose, a “hunt and 

fill” tracing algorithm can be adopted for finding the scaled IM levels, and a continuous 

IDA curve can be generated by interpolation and spline fitting, using the available IM-

EDP data points (Vamvatsikos & Cornell, 2002). An example of such a fitted IDA 

curve (blue dashed line) is illustrated in Figure 3.1. As seen in Figure 3.1, an IDA curve 

starts with a linear trend representing the elastic stiffness, and continues to a sharp 

yielding point denoting the nonlinear behaviour towards large EDPs and eventual 

collapse. Observation of the “weaving” behaviour along an IDA curve, which may 
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occur after yielding (see Figure 3.1), can be due to the period elongation of the structure 

and/or the pattern-timing of the scaled GMR (Vamvatsikos & Cornell, 2002). 

 

  

Figure 3.1 Schematic example of a single IDA curve  

 

The pattern-timing is explained as the influences of the earlier weak load cycles of a 

GMR time-history, which would become strong enough once the GMR is scaled up by 

large SFs, to impose nonlinearity and thus change the structural properties. The collapse 

threshold over an IDA curve can be identified by setting an upper EDP bound (based on 

theory, numerical study or experiment) beyond which the FE model is considered to be 

invalid. Also, if a validated FE model is utilised, the numerical non-convergence during 

NTHA can then be interpreted as a credible indicator of collapse. However, due to the 

ambiguity of different EDP bounds and the issues pertaining to the quality of numerical 

codes, an IM-based collapse criterion is recommended to be tracked along the IDA 

curve as the threshold of reaching a local gradient of 20% of the elastic slope 

(Vamvatsikos & Cornell, 2002). 
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3.2.2. Fully-parametric analytical seismic fragility assessment based on IDA  

Based on the total probability theorem (Benjamin & Cornell, 1970), the following 

function can be established for the term of seismic fragility of structures, P[LS|IM], (i.e. 

denoted in Eq. 2.2) 

𝑃[𝐿𝑆|𝐼𝑀 = 𝑥] = 𝐺𝐸𝐷𝑃|𝐼𝑀,𝑁𝐶(𝐿𝑆|𝑥) ∙ 𝑃𝑁𝐶|𝐼𝑀=𝑥 + 𝐺𝐸𝐷𝑃|𝐼𝑀,𝐶(𝐿𝑆|𝑥) ∙ 𝑃𝐶|𝐼𝑀=𝑥   (3.2) 

where G(·) is the complementary cumulative density function (CCDF) of the estimated 

EDPs for the specified LS, PC|IM denotes the conditional collapse probability given IM 

and PNC|IM = 1-PC|IM. To perform fragility assessment by IDA, the procedure described 

in Section 3.2.1 is carried out repeatedly using a suite of selected GMRs, and the 

estimated non-collapse pairs of IM-EDP data are separated from the collapse ones. 

Then, a fully-parametric closed-form solution can be obtained based on a “three-

parameter” distribution, as proposed by Shome (Shome, 1999). This includes 

evaluation of PC|IM and the probability distribution parameters of the non-collapse IM-

EDP data (i.e. median, ηEDP|IM, and standard deviation, βEDP|IM). PC|IM is evaluated in 

terms of the cumulative density function (CDF) of the lowest identified collapse IM 

levels, IMC, for utilised GMRs, denoted as follows  

𝑃𝐶|𝐼𝑀=𝑥 = 𝑃[𝐼𝑀 ≥ 𝐼𝑀𝐶|𝐼𝑀 = 𝑥] (3.3) 

To calculate PC|IM based on the IDA results, the empirical CDF of the sorted IMC 

values (i.e. empirical collapse fragility) is first developed in the arithmetic space. This is 

shown by the blue circles connected by dotted lines in Figure 3.2. Then, to find a 

parametric solution for PC|IM, alternative curve fitting approaches can be applied to this 
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empirical CDF (Baker, 2015; Porter, Kennedy, & Bachman, 2007). A conventional 

approach for this purpose is to find a closed-form solution by fitting an exponential 

curve (i.e. linear regression in logarithmic space) to the CCDF IMC values (i.e. the red 

squares connected by dashed line in Figure 3.2). As such, the conditional probability of 

no collapses, PNC|IM, (i.e. 1 - PC|IM; the black solid line in Figure 3.2) can be estimated as 

follows (Jalayer, 2003) 

𝑃𝑁𝐶|𝐼𝑀=𝑥 = 1− 𝑃𝐶|𝐼𝑀=𝑥 = {

1  𝑥 ≤ 𝐼𝑀0

(
𝑥

𝐼𝑀0
)
𝛼

𝑥 > 𝐼𝑀0
 (3.4) 

where IM0 is the intercept IM value, when PNC = 1, and α is a negative value indicating 

the power of the fitted curve.  

 

 

Figure 3.2 Empirical probability distribution of collapse 

 

To find ηEDP|IM and βEDP|IM for the non-collapse IM-EDP data, it is assumed that a 

lognormal distribution (i.e. a normal distribution in the logarithmic space) holds for 
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such data (Cornell, Jalayer, Hamburger, & Foutch, 2002). A linear regression is then 

carried out using the non-collapse IM-EDP data obtained by each GMR, in the 

logarithmic space, in the form of 

log𝐸𝐷𝑃𝑁𝐶|𝐼𝑀(𝑥)𝑖 = log 𝑎𝑖 + 𝑏𝑖 log𝑥                    (𝑖 = 1, 2, 3,… , 𝑛) (3.5) 

where ai and bi are the constants which identify the intercept and slope of the linear 

regression, respectively, and n is the number of GMRs utilised for IDA. It is noteworthy 

to mention that, the slope of linear regression, “b”, is an indicator of performance of a 

structure subjected to a GMR, in which the values bigger than unity indicate softer 

structures with higher nonlinearity, while those less than unity represents a harder and 

less ductile structure (Jalayer, 2003).  

Further, it is assumed that the regression parameters log ai and bi sampled for utilised 

GMRs are normally distributed random variables (Cornell et al., 2002). The implication 

is a lognormal probability distribution for the non-collapse IM-EDP data with the 

following parameters  

𝜂𝐸𝐷𝑃𝑁𝐶|𝐼𝑀=𝑥 = 𝜂𝑎𝑖 𝑥
𝜇𝑏𝑖 (3.6) 

𝛽𝐸𝐷𝑃𝑁𝐶|𝐼𝑀=𝑥 = √𝜎𝑙𝑜𝑔 𝑎𝑖
2 + 𝜎𝑏𝑖

2  (log𝑥)2 + 2 𝜌 𝜎𝑏𝑖 𝜎𝑙𝑜𝑔 𝑎𝑖  (log𝑥) 
(3.7) 

where η, μ, σ2, β and ρ denote the median, mean, variance, standard deviation and 

coefficient of correlation of the sampled non-collapse IM-EDP data, respectively. Once 

these non-collapse distribution parameters are evaluated, through Eqs. (3.4) to (3.7), a 

closed-form solution can be obtained for Eq. (3.2) (i.e. the fragility function). Given 
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collapse, the probability of exceeding any specified LS is unity (Eq. 3.8a) and if no 

collapse occur this probability is calculated using a closed-form solution (Eq. 3.8b) 

𝐺𝐸𝐷𝑃|𝐼𝑀,𝐶(𝐿𝑆|𝑥) = 𝑃 [𝐸𝐷𝑃 ≥ 𝐿𝑆|𝐶𝑜𝑙𝑙𝑎𝑝𝑠𝑒, 𝐼𝑀 = 𝑥] = 1 (3.8a) 

𝐺𝐸𝐷𝑃|𝐼𝑀,𝑁𝐶(𝐿𝑆|𝑥) = 𝑃 [𝐸𝐷𝑃 ≥ 𝐿𝑆|𝑁𝑜 𝐶𝑜𝑙𝑙𝑎𝑝𝑠𝑒, 𝐼𝑀 = 𝑥] = 

                                                                     𝛷𝐸𝐷𝑃|𝐼𝑀,𝑁𝐶
𝐶 (

log𝐿𝑆 − log𝜂𝐸𝐷𝑃𝑁𝐶|𝐼𝑀=𝑥

𝛽𝐸𝐷𝑃𝑁𝐶|𝐼𝑀=𝑥
) 

(3.8b) 

where ΦC is the standardised Gaussian (normal) CCDF. Finally, by substituting Eqs. 

(3.4) to (3.9) into Eq. (3.2), the following parametric analytical closed-form solution for 

the seismic fragility function can be determined (Jalayer, 2003) 

𝑃 [𝐿𝑆|𝐼𝑀 = 𝑥 ≤ 𝐼𝑀0] 

= 𝛷𝐸𝐷𝑃|𝐼𝑀,𝑁𝐶
𝐶

(

 
log𝐿𝑆 − log 𝜂𝑎𝑖 − 𝜇𝑏𝑖 log𝑥

√𝜎𝑙𝑜𝑔𝑎𝑖
2 + 𝜎𝑏𝑖

2  (log𝑥)2 + 2 𝜌 𝜎𝑏𝑖 𝜎𝑙𝑜𝑔 𝑎𝑖 (log𝑥))

  (3.9a) 

𝑃 [𝐿𝑆|𝐼𝑀 = 𝑥 > 𝐼𝑀0] 

= 𝛷𝐸𝐷𝑃|𝐼𝑀,𝑁𝐶
𝐶

(

 
log𝐿𝑆 − log𝜂𝑎𝑖 − 𝜇𝑏𝑖 log 𝑥

√𝜎𝑙𝑜𝑔𝑎𝑖
2 + 𝜎𝑏𝑖

2  (log𝑥)2 + 2 𝜌 𝜎𝑏𝑖 𝜎𝑙𝑜𝑔 𝑎𝑖  (log𝑥))

 (
𝑥

𝐼𝑀0
)
𝛼

 

      + (1 − (
𝑥

𝐼𝑀0
)
𝛼

) 

(3.9b) 

 

3.3. Cloud Analysis Method 

Cloud analysis is an efficient alternative for developing analytical fragility curves 

(Jalayer, 2003; Shome, 1999). The efficiency and simplicity of this method make it an 
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attractive tool for seismic safety-checking formulation and risk assessment of highway 

bridges (Ebrahimian, Jalayer, & Manfredi, 2015; Kaviani, Zareian, & Taciroglu, 2014). 

To estimate the EDPs by Cloud analysis, a structural FE model undergoes NTHAs 

excited by the original unscaled GMRs. As such, only a single NTHA is carried out 

using each selected GMR (i.e. Eq. 3.1 is solved by SF = 1). This indicates remarkably 

less computational costs through the Cloud analysis method, compared to the IDA 

method. Subsequently, a Cloud of IM-EDP seismic data can be plotted, as schematically 

shown by the red data points in Figure 3.3a. 

 

  

(a) Distribution of non-collapse cases (b) Distribution of collapse cases 

Figure 3.3 Schematic illustration of Cloud analysis data  

 

In order to evaluate the three parameters of the closed-form solution of the fragility 

function (i.e. PC|IM, ηEDP|IM and βEDP|IM), the IMC values (i.e. PC|IM = 1) are identified and 

separated from the non-collapse IMs (i.e. PC|IM = 0). This is schematically demonstrated 

by the blue square data points in Figure 3.3b. It is assumed that these values (i.e. one for 
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IMC and zero for non-collapse IMs) represent the Bernoulli random variables which 

enables estimation of a continuous PC|IM (red solid line in Figure 3.3b) through the 

logistic regression analysis 

𝑃𝐶|𝐼𝑀=𝑥 =
1

1 + 𝑒−(𝑐+𝑑𝑥)
 (3.10) 

where c and d are the regression coefficients to be estimated. To evaluate ηEDP|IM and 

βEDP|IM, it is assumed that the lognormal distribution holds for the non-collapse IM-EDP 

data. Therefore, a linear regression is carried out in the logarithmic space (i.e. power-

law fitting in arithmetic space; blue dashed line shown in Figure 3.3a), as follows 

log𝐸𝐷𝑃𝑁𝐶 |𝐼𝑀 = 𝑥 = log𝑎 + 𝑏 log𝑥       𝑜𝑟        𝜂𝐸𝐷𝑃𝑁𝐶|𝐼𝑀=𝑥 = 𝑎𝑥
𝑏 (3.11) 

𝛽𝐸𝐷𝑃𝑁𝐶|𝐼𝑀 =
√
∑ (log𝐸𝐷𝑃𝑁𝐶,𝑖 − log𝜂𝐸𝐷𝑃𝑁𝐶|𝐼𝑀,𝑖)
𝑛
𝑖=1

2

𝑛 − 2
 (3.12) 

where a and b are the regression parameter constants and n is the number of GMRs used 

for Cloud analysis. Finally, the analytical closed-form solution for the fragility function 

(i.e. Eq. 3.2) can be obtained by Eq. (3.13) 

𝑃 [𝐿𝑆|𝐼𝑀] = 

𝛷𝐸𝐷𝑃|𝐼𝑀,𝑁𝐶
𝐶

(

 
 
 

log𝐿𝑆 − log𝑎 − 𝑏 log𝑥

√∑ (log𝐸𝐷𝑃𝑁𝐶,𝑖 − log𝜂𝐸𝐷𝑃𝑁𝐶|𝐼𝑀,𝑖)
𝑛
𝑖=1

2

𝑛 − 2 )

 
 
 

(
1

1 + 𝑒(𝑐+𝑑𝑥)
)               

+(
1

1 + 𝑒−(𝑐+𝑑𝑥)
) 

(3.13) 
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3.4. Proposed Extended Cloud Analysis (ECA) Method 

3.4.1. Shortcomings of the original Cloud analysis (OCA) 

In this study, the procedure described in Section 3.3 is referred to as the original Cloud 

analysis (OCA), hereafter. An important advantage of OCA is elimination of the 

NTHAs which are performed by the artificial time-histories of scaled GMRs as essential 

for IDA. In addition, in using IDA for analytical fragility assessment the uncertainty due 

to the randomness (i.e. standard deviation) of the non-collapse IM-EDP data estimated 

by the scaled derivatives of an individual GMR is neglected. However, such uncertainty 

is not generated in OCA at all. Despite these advantages, some limitations exist with 

OCA which restricts its application as a versatile method for analytical seismic fragility 

assessment. In this regard, it is important to consider the impact of identified IMC values 

for evaluating PC|IM, through the logistic regression method. A stable logistic regression 

gives an ascending and steady envelope of PC|IM (Baker & Cornell, 2006). Since in the 

OCA method successive NTHAs are not implemented by the scaled derivatives of 

selected GMRs, identification of any collapse cases is totally stochastic. In this 

circumstance, the only feasible collapse criteria during NTHA include exceeding the 

upper EDP cut-off bounds and/or occurrence of the numerical non-convergence. As a 

consequence, the resultant logistic regression would be highly sensitive to the small 

number of identified collapse cases in which estimation of PC|IM may become unstable in 

certain cases. Possible examples of such cases which bring about unrealistic envelopes 

of PC|IM over the entire IM range of interest are illustrated in Figure 3.4. These include 

unstable estimating PC|IM = 0 over the entire IM range of interest (Figure 3.4a), a sudden 

shift from PC|IM = 0 to PC|IM = 1 in a narrow range of IM (Figure 3.4b), estimating a 

descending trend for the PC|IM (Figure 3.4c) and estimating a constant value for PC|IM 
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over the entire IM range of interest (Figure 3.4d). As can be recognised from these 

figures, such unstable logistic regressions are brought about due to the distribution of 

the IMC values with respect to other IMs sampled by the OCA. A solution to overcome 

such instable curves can be a specific GMR selection in the range of the IMC, however, 

without performing any NTHA an IMC level is not possible to be identified a priori. 

 

  

(a) PC|IM is null (b) Sudden shift in PC|IM from 0 to 1 

  

(c) PC|IM is descending (d) PC|IM is constant  

Figure 3.4 Examples of unrealistic CDF of PC|IM estimated by the logistic regression 
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In addition, while βEDP|IM is estimated as a function of IM based on the IDA method 

(see Eq. 3.7), using the OCA method gives a constant value for this quantity (see Eq. 

3.12). A possible consequence of estimating a constant βEDP|IM value can be imprecise 

non-collapse fragility assessments for the performance levels with high structural 

nonlinearity. This issue can be diagnosed through distribution of the scattered non-

collapse IM-EDP data in the neighbourhood of the LSs, corresponding to different 

structural performance levels. Such a distribution is schematically illustrated in Figure 

3.5. In this figure, the scattered IM-EDP data points (red dot points) seem to be 

adequately distributed around the EDP = LS1 line (green dash-dot line), in which a 

balance appears to exist between the data points with EDPs lower than LS1 and those 

exceeding LS1. 

 

  

Figure 3.5 Schematic illustration of distribution of non-collapse OCA data in the 

neighbourhood of the median fit and different LS lines 

 

However, this balance cannot be achieved with EDP = LS2 (orange dashed line) and 

EDP = LS3 lines (magenta dotted line). This observation signals that although such IM-

EDP data is scattered appropriately for seismic fragility assessment in the performance 
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level represented by LS1, it is not credible for the performance levels represented by LS2 

and LS3. Note that, the reason for such observations is also attributed to the sensitivity 

of selected GMRs, in which they do not properly cover the range of considered 

structural performance levels. 

The currently available GMR selection methods for seismic fragility assessment (i.e. 

to be discussed in Chapter 4) have been primarily developed for the rigorous methods 

such as IDA and/or MSA. In the absence of any scaled derivatives of the selected 

GMRs in the OCA method, application of such GMR selection methods would 

adversely impact the sampled IM-EDP data based on the selection criteria. In this study, 

the aforementioned shortcomings of the OCA method for seismic fragility assessment is 

treated by developing a method called the extended Cloud analysis (ECA). To this end, 

the OCA is extended by performing a scaled Cloud analysis (SCA) using the primarily 

selected GMRs. Also, one critical task is to adopt appropriate scaling factors for the 

GMRs so that the ECA data overcomes the abovementioned limitations of OCA. For 

this purpose, four scaling approaches are proposed in Section 3.4.2, to be numerically 

examined in this study. Following this section, in Section 3.4.3, the seismic fragility 

assessment based on the ECA method is described.   

 

3.4.2. Proposed approaches for performing scaled Cloud analysis (SCA) 

3.4.2.1. Stripe scaling approach  

A simple approach to perform SCA involves scaling all the original GMRs to a 

specific IM level. As such, a stripe of EDPs is obtained in that IM level. This approach 

is also known as the single stripe analysis (Jalayer, 2003) and is schematically 
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illustrated in Figure 3.6. The failure probability at the stripe IM level can be determined 

as the counted percentile of the sampled EDPs exceeding the considered LS. Note that, 

both the βEDP|IM and ηEDP|IM of the developed stripe of EDPs would be constant values 

which disable seismic fragility assessment over a range of IMs, using only this stripe.  

 

Figure 3.6 Schematic illustration of stripe scaling of a Cloud data to a specific IM level 

 

The important task in the stripe scaling approach is identification of the IM level, 

which the OCA data should be scaled to. For this purpose, by identifying the regression 

parameters “a” and “b”, determined based on the non-collapse OCA data, the power-

law in Eq. (3.11) can be rearranged as follows 

𝐼𝑀𝑠𝑡𝑟𝑖𝑝𝑒 = √
𝐿𝑆∗

𝑎

𝑏

 (3.14) 

where LS* is the LS value corresponding to the targeted structural performance level, at 

which the distribution of the non-collapse OCA data was found to be inadequate for 

(e.g. LS2 or LS3 as shown in Figure 3.5). 



Chapter 3 

 

43 
 

3.4.2.2. Transition scaling approach  

In order to obtain a scaled Cloud of IM-EDP data which adequately covers the targeted 

structural performance level, the OCA data can be shifted toward the corresponding LS 

value in the sampling logarithmic space. This approach is called the transition scaling 

approach and can be simply performed by applying an identical SF to all the original 

GMRs. This procedure is schematically illustrated in Figure 3.7. For this purpose, the 

following SF is proposed as it shifts the median EDP and IM levels of the original 

Cloud of data toward the levels corresponding to the targeted structural performance 

level 

𝑆𝐹𝑡𝑟𝑎𝑛𝑠𝑖𝑡𝑖𝑜𝑛 = √(
𝐼𝑀𝐿𝑆

𝜂𝐼𝑀
)
2

+ (
𝐿𝑆∗

𝜂𝐸𝐷𝑃
)
2

 (3.15) 

where ηIM and ηEDP are, respectively, the median IM and EDP values estimated based 

on the OCA (blue dots in Figure 3.7), LS* is the LS value corresponding to the targeted 

structural performance level and IMLS is the IM level at which the median fit meets LS* 

(can be evaluated using Eq. 3.14).  

 

 

Figure 3.7 Schematic illustration of transition scaling of a Cloud data toward a LS value  
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3.4.2.3. Mapping scaling approach 

Another way for scaling a Cloud of IM-EDP data is to scale the stronger GMRs to the 

lower IM levels and the weaker ones to the higher IM levels. The weak and strong 

GMRs can be identified based on the position of the IM-EDP data points with respect to 

the LS and median fit lines, in the logarithmic space. Then, the original GMRs can be 

mapped to the specific IM levels. The schematic illustration of this approach is shown 

in Figure 3.8.  

 

  

Figure 3.8 Schematic illustration of mapping scaling of IM-EDP data points  

 

In this figure, the specific characteristics of the GMRs are indicated by the position 

of IM-EDP data points (red data points) placed in each quarter created by the 

intersection of EDP = LS* (green dashed line) and IM = IMLS (magenta dotted line) in 

the sampling space (i.e. #1 to #4; marked in the square boxes). To explain, Quarters #1 

and #3 represent the moderate GMRs where the estimated IMs-EDPs are ideally 
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dispersed around the median fit (blue solid line). These GMRs are distinguished as 

weak or strong based on being situated on the left-hand side or the right-hand side of the 

median fit line, respectively. The GMRs in Quarter #4 are classified as intensive, in 

which low IM levels can produce very large EDP values. On the other hand, the GMRs 

placed in Quarter #2 are diagnosed to be very weak since high IM levels cause very low 

EDPs. If deviations of data points in Quarters #2 and #4 were too large, from the 

median fit, further investigations may be required to identify the regression outliers 

(Aslani & Miranda, 2005). Nevertheless, in this study, it is assumed that all the IM-EDP 

data points are valid in the sampling logarithmic space. Subsequently, the following 

equation is proposed for mapping the original GMRs to the IM levels estimated by 

OCA median fit 

𝑆𝐹𝑚𝑎𝑝𝑝𝑖𝑛𝑔,𝑖 =

{
 

 

 

𝜂𝐸𝐷𝑃|𝐼𝑀𝑖

𝐸𝐷𝑃𝑖
                                 𝑄𝑢𝑎𝑟𝑡𝑒𝑟𝑠 #1 𝑎𝑛𝑑 #3 𝐺𝑀𝑅𝑠

   
𝐿𝑆∗

𝐸𝐷𝑃𝑖
                 𝑐𝑜𝑙𝑙𝑎𝑝𝑠𝑒, 𝑄𝑢𝑎𝑟𝑡𝑒𝑟𝑠 #2 𝑎𝑛𝑑 #4 𝐺𝑀𝑅𝑠 

 (3.16) 

where EDPi is the value determined by NTHA using the ith GMR, ηEDP|IMi is the value 

estimated based on the OCA median fit at the IM level of the ith GMR (using Eq. 3.11), 

and LS* is the LS value corresponding to the targeted structural performance level.  

 

3.4.2.4. Sorting scaling approach 

The closed-form solution of the seismic fragility function (i.e. Eqs. 3.9 or 3.13) utilises 

the median of distribution of non-collapse IM-EDP data (i.e. Eqs. 3.6 or 3.11). The 
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other percentiles of this distribution, pth
EDP|IM, can also be used in the fragility function, 

to generate different confidence bounds of fragility curves (Jalayer, 2003), as follows 

𝑝𝐸𝐷𝑃𝑁𝐶|𝐼𝑀=𝑥
𝑡ℎ = 𝜂𝐸𝐷𝑃𝑁𝐶|𝐼𝑀=𝑥 ∙ 𝑒

(𝛽𝐸𝐷𝑃𝑁𝐶|𝐼𝑀=𝑥
 ∙ 𝛷−1(𝑝))

 (3.17) 

where Φ-1 is the inverse standardised Gaussian (normal) CDF. In consequence, a linear 

fit can be evaluated using this equation for different a percentile of distribution of the 

non-collapse IM-EDP data in the logarithmic space. This is schematically illustrated in 

Figure 3.9, where these different percentiles (magenta dotted lines) intersect the EDP = 

LS* line (green dashed line) parallel to the median fit (blue solid line).  

 

 

Figure 3.9 Schematic illustration of sorting scaling of OCA data to different percentiles 

 

The essence of this approach, known as the sorting scaling approach, is to scale the 

original GMRs to the sorted percentiles of IMs which cover the LS* adequately. To this 

end, the percentiles covered by the OCA data can be identified for each GMR as follows 
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𝑝𝐺𝑀𝑅𝑖 = 𝛷(
log𝐸𝐷𝑃𝑖 − log𝑎 −𝑏 log 𝐼𝑀𝑖

𝛽𝐸𝐷𝑃𝑁𝐶|𝐼𝑀
) (3.18) 

where Φ is the standardised Gaussian (normal) CDF, EDPi and IMi corresponds to the 

NTHA by ith GMR and a and b are the regression parameters of the median fit. Then, 

each GMRi is scaled to a particular IM level which corresponds to the percentile pGMRi, 

as follows 

𝐼𝑀𝑠𝑜𝑟𝑡𝑖𝑛𝑔,𝑖 = √
𝐿𝑆∗

𝑎 ∙ 𝑒𝑥𝑝 (𝛽𝐸𝐷𝑃𝑁𝐶|𝐼𝑀 ∙ 𝛷
−1(𝑝𝐺𝑀𝑅𝑖))

𝑏  (3.19) 

where LS* is the LS value corresponding to the targeted structural performance level. 

This procedure can be simplified considering the side-splitter theorem, for triangles in 

the logarithmic space, as follows 

𝐼𝑀𝑠𝑜𝑟𝑡𝑖𝑛𝑔,𝑖 = √
𝐼𝑀𝑖

𝑏 ∙ 𝐿𝑆∗

𝐸𝐷𝑃𝑖

𝑏

 (3.20) 

The collapse GMRs identified by the OCA should be scaled to the IM = IMLS.  

 

3.4.3. Seismic fragility assessment by the ECA method 

By ignoring the OCA data and using the SCA data, for seismic fragility assessment, 

the probability of failure can only be evaluated at a single IM level if the stripe scaling 

approach is adopted. Nevertheless, when the transition, mapping or the sorting scaling 

approaches are adopted, the fragility assessment can be performed over the IM range of 
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interest, identical to the Cloud analysis method (see Section 3.3). However, in this case, 

there won’t be any guarantee to generate a stable collapse fragility curve since the 

logistic regression should be used to estimate PC|IM. Also note that, in performing SCA, 

a single structural performance level is targeted, by utilising the corresponding LS* 

value in the GMR scaling formulation. Since a constant βEDP|IM value is also estimated 

by the SCA method, while accuracy of the non-collapse fragility assessment can be 

improved for that performance level, this may remain unchanged for other performance 

levels. To address these issues, the ECA method is developed in this study, using the 

IM-EDP data obtained by the SCA in combination with the OCA ones. The step-by-step 

procedure for performing analytical seismic fragility assessment of structures by the 

ECA method, is illustrated through the flowchart shown in Figure 3.10. This procedure 

involves the following eleven steps: 

Step 1: Select GMRs according to the seismic hazard requirement 

criteria (to be discussed in Chapter 4). 

Step 2:  Create structural FE models using an appropriate computer 

program (to be discussed in Chapter 5). 

Step 3:  Perform OCA in accordance with Section 3.3, for the FE model 

created in Step 2 subjected to the GMRs selected in Step 1. 

Step 4:  Scale the GMRs selected in Step 1 and perform SCA (see 

Section 3.4.2; only one scaling approach to be used). 

Step 5:  Pair the IM-EDP data estimated by the OCA in Step 3 with the 

SCA one obtained in Step 4, for each GMR.  
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Figure 3.10 Seismic fragility assessment based on the ECA method 

 

Step 6:  Categorise the paired IM-EDP data, in Step 5, for ECA:  

Category I (Cat. I) contains the non-collapse cases (IM-EDP)NC paired with the 

collapse ones (IM-EDP)C; Category II (Cat. II) contains pairs of the non-collapse cases 

(IM-EDP)NC; and Category III (Cat. III) contains pairs of the collapse cases (IM-EDP)C.  

Step 7: Identify IMC for each GMR:  
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For this purpose, the collapse criteria which can be considered are the EDP cut-off 

bounds or the numerical non-convergence during NTHA. Note that, although utilising a 

definite EDP bound may be interpreted as a deficiency of the structural FE model, the 

convergence of the numerical analysis to tremendous EDPs is a possibility when such 

models are very complicated. The ambiguities related to various EDP bounds can be 

conservatively resolved by characterising structural collapse at the lowest IMC. In the 

case where the LS* considered for SCA is adopted to be a specific EDP cut-off bound, 

identification of the IMC for utilised GMRs is more likely. As such, the IMC values are 

sampled from Cat. I and the lower IMC values, IMCmin, are sampled from Cat. III. It 

should be noted that, the IMC levels identified for the GMRs in these categories may be 

slightly higher than that which can be determined by the IDA. This is because the 

incremental scaling of the GMRs in IDA permits identification of the lowest IMC level 

for each GMR while only two IM levels are examined in the proposed ECA method.  

On the other hand, when the LS* is considered to be an EDP threshold representing a 

particular non-collapse structural performance level, identification of IMC for all the 

utilised GMRs is less likely. As such, linear extrapolations are recommended to be 

carried out in the logarithmic space, to estimate IMC at the EDP cut-off bounds using 

the pairs of non-collapse IM-EDP data in Cat. II. This is schematically illustrated in 

Figure 3.11. Note that, in cases where the structure exhibits a hardening behaviour, the 

IMC level estimated by linear extrapolation (i.e. IMC1; the orange square mark) may be 

less than the actual IMC level (i.e. IMC2; the red pentagram mark). Furthermore, if the 

structure undergoes a softening behaviour linear extrapolation may overestimate the real 

IMC level (i.e. IMC3; the green hexagram mark). Note also that, linear extrapolation may 

sometimes result in very large IMC values, to be estimated for a few GMRs, with their 
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occurrence being arguable. Therefore, an upper IM bound should be considered where 

the IMC values estimated beyond that, are treated as invalid (i.e. truncated IMC values is 

obtained).  

 

  

Figure 3.11 Estimation of IMC levels by linear extrapolation in the logarithmic space 

 

Step 8: Develop an empirical CDF of the sorted IMC values identified 

in Step 7 and generate an empirical collapse fragility curve 

(e.g. see blue circles connected by dotted lines in Figure 3.2). 

Step 9: Evaluate PC|IM parametrically by fitting a curve to the empirical 

CDF developed in Step 8 (e.g. using the maximum likelihood 

method). 

Step 10: Evaluate ηEDP|IM and βEDP|IM based on the non-collapse IM-EDP 

data categorised in Step 6. 
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The non-collapse IM-EDP data for ECA is either type of Cat. I or Cat. II. Note that, 

only one of these categories should be used since these two datasets cannot be 

combined. For this purpose, it is recommended to utilise the category which contains 

more GMRs. If the non-collapse IM-EDP data in Cat. I is to be used, ηEDP|IM and βEDP|IM 

are evaluated by Eqs. (3.11) and (3.12), respectively, where βEDP|IM will be a constant 

value similar to the OCA method. Nevertheless, once Cat. II would be in use, ηEDP|IM 

and βEDP|IM are calculated by Eqs. (3.5) to (3.7) and, thus, βEDP|IM is a function of IM. 

This is more feasible when the LS* for SCA is considered to be a non-collapse EDP 

threshold, representing a particular structural performance level. To confirm the 

sufficiency of Cat. II data for this purpose, recall that variabilities of the non-collapse 

IM-EDP data points obtained by the individual GMRs are neglected, for such 

calculations in the IDA method. This is because such variabilities have been proven to 

be small compared to the record-to-record variability considered in the IDA method 

(Jalayer, 2003). Therefore, linear regression in logarithmic scale by as few as two non-

collapse IM-EDP data points can also be valid (i.e. using Cat. II), for each GMR. 

Step 11: Evaluate PLS|IM (i.e. seismic fragility function; Eq. 3.2) by 

substituting PC|IM, ηEDP|IM and βEDP|IM, obtained in Steps 9 and 

10, into the following equation 

𝑃[𝐿𝑆|𝐼𝑀 = 𝑥] = 𝛷 (
log𝐿𝑆 − log𝜂𝐸𝐷𝑃𝑁𝐶|𝐼𝑀=𝑥

𝛽𝐸𝐷𝑃𝑁𝐶|𝐼𝑀=𝑥
) (1 − 𝑃𝐶|𝐼𝑀=𝑥) + 𝑃𝐶|𝐼𝑀=𝑥   (3.21) 

To implement the proposed ECA method, a MATLAB code is developed and used in 

this study to carry out the eleven steps outlined above. 
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3.5. Summary 

Analytical fragility assessment is an efficient tool and a key step for seismic risk 

analysis of civil infrastructure. In this chapter, IDA and Cloud analysis were discussed 

as the two conventional NTHA-based methods for this purpose. It was described that 

while the Cloud analysis is straightforward and computationally efficient in application, 

compared to the IDA, it fails to provide valid collapse fragility curves and/or accurately 

evaluate the non-collapse fragility with high structural nonlinearity over the entire IM 

range of interest (i.e. from no damage to near collapse). To overcome such limitations 

of the Cloud analysis, the ECA method is developed for seismic fragility assessment 

which utilises the OCA data in combination with the SCA data. To this end, four GMR 

scaling approaches, namely the stripe, transition, mapping and sorting approaches, were 

proposed for SCA, in which only one is required to be used in the ECA method. It 

should be noted that this proposed ECA method is versatile for being applied to 

different structural fragility assessment problems. Although the total number of required 

NTHAs by the ECA method is doubled, compared to the OCA, the ECA method would 

be much more efficient than the rigorous IDA method which requires numerous NTHAs 

to be carried out for each utilised GMR. The seismic fragility assessment methods 

proposed and discussed in this chapter are implemented by using the GMRs to be 

selected in Chapter 4 for the highway bridge models to be developed in Chapter 5. 

Detailed illustrations of these different seismic fragility assessment methods and 

associated numerical results are presented in Chapter 6.  
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Chapter 4          

 

Seismic Hazard and Ground Motion 

Records in Southeast Queensland 

 

4.1. General Remarks 

Although Australia is generally recognised as a low-to-moderate seismic zone (Gaull, 

Michael‐Leiba, & Rynn, 1990), earthquakes with sufficient magnitude (MW) leading to 

structural damage (i.e. MW ≥ 5.5) occur once every two years in this region (Clark & 

McCue, 2003). Further, the seismicity of Australia is going through an active phase, 

where recorded MW = 5+ earthquakes have been three times the expected number in the 

last two years (McCue, 2016). Examples of these earthquakes are the 5.4MW and 5.8MW 

earthquakes in 2015 and 2016 in Queensland, respectively. However, due to the large 

area of the continent and the sparse distribution of population within Australia, most of 

these earthquakes have happened far from inhabited regions and have only caused 

insignificant damage. In this chapter, a brief overview about the seismic hazard in 

Australia is presented. For this purpose, the background of seismicity in Australia is 
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critically reviewed and the difficulties associated with seismic hazard analysis in this 

region are explained. In particular, southeast Queensland is considered as the site of 

interest in this study. Subsequently, probabilistic seismic hazard analysis (PSHA) is 

performed to generate the hazard curves for this site. To this end, the rates of different 

shaking intensity levels for the Brisbane CBD and greater metropolitan area are adopted 

from the currently available Australian earthquake catalogues (Burbidge, 2012; 

Leonard, Burbidge, & Edwards, 2013). In addition to the seismic hazard curves, the 

uniform hazard spectra (UHS) are developed for southeast Queensland, according to the 

guidelines advised by the Australian Standard for structural design (AS1170.4, 2007), 

considering different subsoil conditions. These UHS are compared with the response 

spectra developed based on the recommended ground motion prediction equation 

(GMPE) models for Australia (Allen, 2012; Somerville et al., 2009). The ground motion 

record (GMR) selection is then performed based on four different methods and selection 

criteria. Consequently, one hundred GMRs are selected, for nonlinear time-history 

analyses (NTHA), for southeast Queensland as the site of interest. Furthermore, four 

intensity measures (IM) are nominated to be investigated for identification of the 

optimal one, including an IM to study the effects of modal period elongation. 

 

4.2. Seismic Hazard in Australia  

4.2.1. History and background seismicity  

Australia is categorised as a stable continental region (SCR) from the geological point 

of view. SCRs are areas remote from the tectonic plates’ boundaries and, thus, exhibit 

low-to-moderate seismic activity (Somerville, Skarlatoudis, & Thio, 2015). The 
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Australian continent is located in the centre of the Indo-Australian plate and is 

surrounded by the oceanic crust. The closest plate boundary is about 500km north of 

Darwin, Northern Territory (NT), and all other Australian cities are at least 2000km 

away from the plate boundaries (McCue & Sinadinovski, 2011). As such, the landmass 

has remained unaffected from the active plate boundary processes for millions of years 

(Clark & McCue, 2003). Based on several hundred recorded earthquakes, and using 

PSHA, the following empirical equation has been developed (McCue & Sinadinovski, 

2011) for estimation of the return period of different earthquake magnitudes in 

Australia, 

ln 𝑇 = 9.3553 − 1.8762 𝑀𝑊 (4.1) 

where T is the return period. According to this equation, an earthquake at the MW = 5.0 

is expected to occur every year, and earthquakes at MW ≥ 6.0 are estimated to have a 

return period of ten years.  

The largest recorded onshore earthquakes in Australia were the 1941 Meeberrie and 

the 1968 Meckering earthquakes in Western Australia (WA), at 7.2MW and 6.9MW, 

respectively. The former only caused small damage, due to the sparse population in that 

area, but the latter led to severe damage to buildings, roads and the railway, and also left 

a 40km long ground surface rupture (see Figure 4.1). Despite the occurrence of such 

severe earthquakes, the most costly earthquake in Australia was the 1989 Newcastle 

earthquake, in New South Wales (NSW), at only 5.6MW, which left 13 casualties and 

around a four billion AUD economic loss (GeoscienceAustralia, 2016). Figure 4.1 

demonstrates the impacts of the 1968 Meckering and the 1989 Newcastle earthquakes. 
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(a) 1968 Meckering earthquake, 

WA; Surface rupture 

(b) 1989 Newcastle earthquake, 

NSW; damage to buildings  

Figure 4.1 Historic seismic events in Australia; source: (GeoscienceAustralia, 2016) 

 

4.2.2. Recent research and challenges  

The very first national seismic hazard maps of Australia were developed based on the 

extreme value methods (McEwin, Unferwood, & Denham, 1976). Preliminary PSHA 

studies were started in the 1990s and led to the development of the first generation of 

probabilistic earthquake risk maps in Australia (Gaull et al., 1990). The national seismic 

Standard for structural design actions, known as “Part 4: Earthquake Actions in 

Australia”, has been available since 1993, which was later amended in 2007 (AS1170.4, 

2007). However, amendments of the Australian Standard of “Bridge design—Design 

loads” (AS5100.2, 2004), for including the seismic design regulations, were only 

carried out in 2004. This left many bridges being constructed in Australia with seismic 

deficiencies. In the past few years, the Australian seismic hazard catalogues (Burbidge, 

2012; Leonard et al., 2013) were updated, based on the established national database of 

earthquake records (GeoscienceAustralia, 2016). Such catalogues provided an improved 

knowledge of the delineation of different seismic zones and their seismicity rates. 
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Figure 4.2 shows the latest national seismic hazard map of Queensland, Australia 

(Leonard et al., 2013), for the 2500-year return period. As seen in this figure, despite the 

vast geographical area under investigation, seismic zonation in Australia looks very 

heterogeneous. For example, it seems that only the southeast is the critical seismic zone 

in Queensland and the seismic hazard is negligible in the rest of this state. To perceive 

the reason of such a heterogeneous catalogue for Australia, it is essential to take the 

assumptions associated with the PSHA into consideration. PSHA is fundamentally 

established on the hypothesis that earthquakes recorded in the past are indicative of 

where earthquakes will occur in the future (Leonard et al., 2014).  

 

 

Figure 4.2 2500-year return period PGA national seismic hazard map of Queensland, 

Australia; source: (Leonard et al., 2013) 
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In other words, this means that PSHA is a memory-dependent approach, whereas the 

written history of seismic activities in Australia extends only back to 1800 in Sydney, 

NSW, and much less in the other metropolitan areas. Therefore, to a large extent, the 

2500-year seismic hazard map shown in Figure 4.2 is not credible. Moreover, the 

current Australian seismic hazard catalogues have specifically been developed based on 

the GMPE models proposed by Somerville et al. (2009) and Allen (2012). Noting that, 

the calibrations of these GMPE models were only carried out by a few ground motions 

recorded in low-magnitude earthquakes, and there exists significant uncertainties related 

to these GMPE models. In fact, calibrating such GMPE models is difficult since records 

of large Australian earthquakes being measured at nearfields are yet unavailable. In 

addition, due to the insufficient instrumentation installed throughout Australia, and the 

high costs of this task, it is unlikely to gather such measurements in future earthquakes. 

Consequently, it is not clear where or when the next large earthquake will occur in 

Australia. 

In eastern Australia, Queensland has showed less seismicity compared to the rest of 

this area. The largest seismic events recorded prior to 2000 were the 1918 Bundaberg 

and the 2011 Bowen earthquakes at 6.0MW and 5.3MW, respectively. Figure 4.3a shows 

the distribution of seismic sources (i.e. epicentres) of earthquakes which have occurred 

in Queensland after 1955. The histogram in Figure 4.3b qualitatively summarises the 

magnitude of these earthquakes. As seen, less than one percent of these earthquakes had 

a significant magnitude leading to feasible structural damage (i.e. MW ≥ 5.0 shown by 

red circles in Figure 4.3a). However, the chronological distribution of these 

earthquakes, as shown in Figure 4.3c, signals an increasing seismic activity in the last 

few years. This includes two 5.4MW and 5.8MW earthquakes in July 2015 and August 
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2016, respectively, in which the latter is recognised as the largest Queensland 

earthquake in the last 20 years. Fortunately, this earthquake was offshore and too far to 

damage constructed facilities. However, due to the aforementioned challenges of PSHA 

in Australia, the epicentre and magnitude of the next earthquake in Queensland will be a 

mystery till occurrence of that event.  

 

 

(a) Dispersion of seismic sources  

  

(b) Distribution of earthquake magnitudes  (c) Distribution of events along time 

Figure 4.3 Data analysis of the earthquakes occurred in Queensland since 1955; source: 

(GeoscienceAustralia, 2016) 
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4.3. Probabilistic Seismic Hazard Analysis for Southeast Queensland 

4.3.1. Development of seismic hazard curves 

The objective of PSHA is to evaluate the mean annual frequency (MAF) of exceeding 

specific IM levels (i.e. MAF of seismic hazard) for a specific site (Cornell, 1968). Note 

that, Eq. (2.1) denotes the MAF of seismic failure of structures (i.e. MAF of exceeding a 

structural performance limit-state), and is established by the product of the seismic 

fragility of structures and the MAF of seismic hazard at the site of interest, λ(IM). The 

λ(IM) indicates the probability of occurrence of different earthquakes in that site during 

a particular time interval, and it can be calculated using the probability mass function of 

the Poisson distribution (Cornell, 1968), as follows 

𝑃(𝑟|𝜆𝑡) =
(𝜆𝑡)𝑟𝑒−𝜆𝑡

𝑟!
 (4.2) 

where t is the time interval, r is the number of seismic events to occur and λ is the rate 

of occurrence of earthquakes with particular magnitudes in that site. To develop the 

seismic hazard curve for southeast Queensland, it is assumed that the empirical Eq. (4.1) 

developed for Australia can identically be applied for this region and, thus, λ = 1/T. This 

is because such an equation specifically developed for southeast Queensland is yet 

unavailable. Figure 4.4 demonstrates the developed MAF of seismic hazards for 

southeast Queensland, for earthquakes ranging at 3.5 ≤ MW ≤ 8.0. Earthquake 

magnitudes out of this range are not considered for being either insignificant or unlikely 

to occur in this region. Note that, Eq. (4.1) gives the rates of different earthquake 

magnitudes, whereas the relation of such quantity with different IMs is unclear in the 

Australian seismic hazard catalogues (Burbidge, 2012; Leonard et al., 2013). 
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Figure 4.4 MAF of exceeding earthquakes at 3.5 ≤ MW ≤ 8.0 in Australia 

 

Nevertheless, the current Australian seismic hazard catalogues provide the rates of 

different IM levels for the capital cities and 26 geographical locations in Australia. This 

information is available in terms of the peak ground acceleration (PGA) and four 

discrete spectral acceleration (Sa) values (Leonard et al., 2013), and it can be used to 

evaluate the MAF of these IMs (i.e. seismic hazard curve). To this end, the focus of this 

study is placed on the Brisbane CBD and the greater metropolitan area in southeast 

Queensland, as the site of interest. Figure 4.5 presents the seismic hazard curves 

generated for the 50%, 10% and 2% probability of occurrence in 50-year time intervals, 

by Eq. (4.2), which are equivalent to 100, 500 and 2500-year return periods, 

respectively. The IM levels for generating these curves range from 0.006g to 0.32g. 

Higher IM levels are excluded since the rates of these levels are not quantified in the 

Australian seismic catalogue. It should be noted that, the seismicity rates as the discrete 

Sa values are only available for the Brisbane CBD, while for the greater metropolitan 

area of Brisbane city this rate has only been expressed in terms of PGA (Leonard et al., 

2013). As such, the PGA curves in Figure 4.5a are considered to be more reliable for 

representing the seismic hazard in southeast Queensland.  
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(a) PGA (b) Sa (T = 0.1 s) 

  

(c) Sa (T = 0.3 s) (d) Sa (T = 0.5 s) 

  

(e) Sa (T = 1.0 s) (f) AS1170.4 (2007) hazard factor  

Figure 4.5 Generated seismic hazard curves for Brisbane CBD and the greater 

metropolitan area 
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4.3.2. Acceleration response spectra for southeast Queensland 

The majority of international seismic codes utilise the uniform hazard spectra (UHS) as 

the target response spectra for GMR selection in seismic design. These spectra are 

developed, based on PSHA, by enveloping the spectral amplitudes at all periods that are 

exceeded with a given probability (Cornell, 1968). The Australian seismic code 

(AS1170.4, 2007) recommends the following equation for evaluating the acceleration 

UHS at different modal periods 

𝑈𝐻𝑆(𝑇) = 𝑍 𝑘𝑃  𝐶ℎ(𝑇) (4.3) 

where Z is the seismic hazard factor, kP is the probability factor of the considered hazard 

level, and Ch(T) is the subsoil specific spectral shape factor at the site of interest. 

According to AS1170.4 (2007) the seismic hazard factor for southeast Queensland is Z 

= 0.05. Three seismic hazard levels are considered to develop the UHS for this study, 

including the 50%, 10% and 2% probability of occurrence in a 50-year return period. 

The Ch(T) is provided by AS1170.4 (2007) for five different subsoil classes in 

Australia, including the strong rock (Ae), rock (Be), shallow soil (Ce), deep or soft soil 

(De), and very soft soil (Ee). The developed UHS for these conditions are shown in 

Figure 4.6. Note that, although it is unlikely for an earthquake to actuate all the spectral 

amplitudes at different periods, UHS is developed at each period without considering 

the seismic hazard level of adjacent periods. As such, the use of UHS as the target 

spectra for GMR selection and design purposes can be conservative to some extent 

(Haselton et al., 2012). In response to this, a GMPE model is usually utilised to develop 

the target response spectra. 



Chapter 4 

 

65 
 

 

(a) 50% probability of exceedance  

 

(b) 10% probability of exceedance  

 

(c) 2% probability of exceedance  

Figure 4.6 Ground acceleration UHS for 50-year return period in southeast Queensland 
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In this regard, two GMPE models are currently available in the literature which have 

specifically been developed and calibrated based on the Australian earthquakes. These 

include the models developed by Somerville et al. (2009) and Allen (2012), which have 

mainly been used to develop the Australian seismic hazard catalogues (Burbidge, 2012; 

Leonard et al., 2013). These GMPE models are utilised to evaluate the acceleration 

response spectra in this study for three different earthquake scenarios at the site of 

interest. Figure 4.7 shows these evaluated response spectra in comparison with those 

developed based on the next generation attenuation (NGA) GMPE models (Campbell & 

Bozorgnia, 2008; Chiou & Youngs, 2008). These are acceleration response spectra for 

sites near to source of a moderate earthquake (Figure 4.7a), distant from a strong 

earthquake (Figure 4.7b) and far-away from a severe earthquake (Figure 4.7c).  

It should be noted that the Australian GMPE models have only been developed for 

the rock site condition, in which the average shear-wave velocity between 0 and 30m 

depth (Vs30) has been taken as 865m/s and 820m/s in the Somerville et al. (2009) and 

Allen (2012) GMPE models, respectively. For the purpose of comparison, herein, the 

NGA model response spectra in Figure 4.7 are developed taking Vs30 = 842.5m/s, as 

the mean of these two values. The range of periods used for developing these spectra is 

taken between 0.01s and 4s for the GMPE model by Allen (2012) and between 0.01s 

and 10s for the other three models. As seen in Figure 4.7, there is a notable discrepancy 

between the two Australian GMPE models, developed by Somerville et al. (2009) (blue 

solid line) and Allen (2012) (red dash-dotted line). In particular, this discrepancy seems 

to be getting larger for the bigger and more distant earthquake scenarios (see Figures 

4.7b and 4.7c). In this regard, the response spectra evaluated by the GMPE model 

proposed by Allen (2012) looks similar to the UHS (see Figure 4.6).  
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(a) Mw = 5.5 and R = 5km 

 

(b) MW = 6.0 and R = 10km 

 

(c) MW = 6.5 and R = 15km 

Figure 4.7 Evaluated response spectra for different hazard scenarios based on alternative 

GMPE models  
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In other words, it appears that the ability of Somerville et al. (2009) GMPE model in 

representing the stress drops of earthquakes is higher than that developed by Allen 

(2012). Such a discrepancy can be interpreted as the cause of difference between the 

sorts of GMRs used for calibrating these two GMPE models. In addition, comparing the 

Australian GMPE models with the other two NGA GMPE models presented in Figure 

4.7 (Campbell & Bozorgnia, 2008; Chiou & Youngs, 2008), it is recognised that the 

response spectra obtained by Somerville et al. (2009) model are more consistent with 

those evaluated based on the NGA models. 

 

4.4. Ground Motion Records (GMR) for Nonlinear Time-History 

Analysis (NTHA) 

Selection of appropriate GMR which properly covers the IM range of interest is an 

important task in performing seismic fragility assessment. Recent research on GMR 

selection provided alternative methods and provisions (Baker, Lin, Shahi, & Jayaram, 

2011; Haselton et al., 2009; Katsanos, Sextos, & Manolis, 2010) which must be utilised 

based on engineering judgments. One major difficulty associated with GMR selection 

for NTHA of structures in a transportation network (e.g. bridges) is that such structures 

are sparse in the network and constructed with diverse structural properties and 

geotechnical conditions. As such, finding a specific suite of GMRs which can be 

applied to all existing structures in the transportation network is a challenging task. In 

this study, four suites of GMRs are selected, based on different criteria, for seismic 

fragility assessment of highway bridges in southeast Queensland.  
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4.4.1. Recommended provisions for GMR selection  

Performing Cloud analysis for seismic fragility assessment, as discussed in Section 3.3, 

implies further limitations in the GMR selection. This is because, in the absence of 

scaled derivatives of selected GMRs for NTHA, the accuracy of the evaluated 

probability distribution parameters would be highly sensitive to the selection criteria. In 

fact, this is a significant reason which motivates proposing and performing the extended 

Cloud analysis (ECA) in this study. In this circumstance, the only current approach to 

select GMRs for Cloud analysis is the conventional filtering method. Herein, some 

specific provisions are recommended to be applied for this purpose, including: (a) 

avoiding pulse-like GMRs; (b) matching GMRs with the subsoil type at the site of 

interest; (c) using free-field registrations of GMRs (i.e. avoiding on-structure 

registrations); (d) considering focal mechanism of earthquakes (if possible); (e) 

avoiding multiple GMRs and/or aftershock records of a same earthquake; and (f) 

providing sufficient dispersion in the considered IM range of interest.  

These provisions are explained as follows: (a) the pulse-like GMRs, which are 

expected to occur in regions near to the fault ruptures (R ≤ 10 km), contain strong 

velocity pulses and have potential to cause extensive structural damage. Selection of 

such GMRs in a same suite with normal GMRs, for Cloud analysis, is interpreted as a 

biased selection since this prevents identification of the adequacy of normal GMRs; (b) 

the response spectra of ground motions recorded on structures can be influenced by the 

structural properties; (c) it is critically important to determine the subsoil type at the site 

of interest by selecting ground motions recorded on a similar soil condition; (d) it would 

be more appropriate to select the GMRs having focal mechanism matched with the 
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orientation of the faults affecting site of interest; (e) using numerous registrations of an 

earthquake in a selected GMR suite would also influence the analysis data in a biased 

way; and (f) the selected GMRs most adequately cover the IM range of interest for 

fragility assessment.  

There have only been a few recordings of significant GMRs in Australia. Due to the 

insufficiency and unavailability of the time-histories of these GMRs, the PEER NGA-

West2 GMR database (Ancheta et al., 2014) is used for record selection in this study. 

For this purpose, the flat file of this database is utilised, which contains over 21,000 

ground motions recorded from earthquakes have occurred worldwide. Subsequently, the 

recommended provisions are applied to select the GMRs by applying the following 

filters: 

• All pulse-like, on-structure, foreshock and aftershock GMRs are eliminated 

from the NGA-West2 flat file to avoid selection of such records. 

• According to the NEHRP site classification for southeast Queensland 

(McPherson & Hall, 2013), a filter is applied to only keep the ground motions 

recorded at the CD type subsoil and, so, to eliminate all the GMRs out of the 

range of 270m/s ≤ Vs30 ≤ 555m/s.  

• A seismic hazard scenario is considered for earthquakes at 5.0 ≤ MW ≤ 6.0 

and R ≤ 30km by applying the corresponding filters. 

• According to the Australian seismic hazard catalogue (Leonard et al., 2013), 

the range of probable PGA for Brisbane is 0.0235g ≤ PGA ≤ 0.3312g and, 

thus, a filter is applied to only select the GMRs with 0.02g ≤ PGA ≤ 0.40g. 
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Once the abovementioned filters are applied to the NGA-West2 flat file, the database 

is reduced to 270 ground motions recorded from 58 different seismic events. About 87% 

of these ground motions have been recorded in California. In order to avoid selecting a 

suite of GMRs which represents exclusively the Californian earthquakes, the priority is 

given to the non-Californian earthquakes for record selection. For earthquakes with 

several registered GMRs, only one record is selected by which a uniform distribution of 

PGA levels can be preserved over the considered range. Subsequently, 20 GMRs are 

selected based on the approach described in this section. Information of these GMRs is 

summarised in Table A.1 (see Appendix A) and they are identified as “suite #1” in this 

study, hereafter. Figure 4.8a illustrates the distribution of earthquake magnitudes (MW) 

over the rupture distances (RRUP) for the GMRs in suite #1. The acceleration response 

spectra of these GMRs are also shown in Figure 4.8b by the black solid lines. The red 

solid line and the blue dashed lines represent the mean and variances response spectra of 

the GMR suite #1, respectively.  

 

  

(a) Distribution of MW over RRUP (b) Acceleration response spectra 

Figure 4.8 Characteristics of GMRs in suite #1 
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4.4.2. GMR selection for matching target response spectra 

4.4.2.1. Selection based on matching the mean response spectrum 

This method, known as the conditional mean spectrum (CMS), has been proposed by 

Baker (2010) and is based on selection of the GMRs with response spectra similar to the 

mean target spectrum. It should be noted that, in this method the response spectra of 

GMRs are examined to identify their analogy with the target spectrum; they are not 

modified to be matched with the target spectrum. It is also noteworthy to mention that, 

the CMS method is usually utilised along with seismic fragility assessments by 

incremental dynamic analysis (IDA), to reduce the randomness and record-to-record 

variability of seismic responses. However, the use of this method for seismic fragility 

assessment by Cloud analysis is expected to yield underestimation of the standard 

deviation of analysis data as a constant value (see Eq. 3.13). The criterion which is used 

to determine the analogy between a GMR spectrum and the target one in the CMS 

method is the sum of squared errors (SSE): 

𝑆𝑆𝐸 = ∑[ln 𝑆𝑎(𝑇𝑖) − ln 𝑆𝑎𝐶𝑀𝑆(𝑇𝑖)]2

𝑛

𝑖=1

 (4.4) 

where Sa and SaCMS are the spectral acceleration of the considered GMR and the target 

acceleration spectra, at the period range of interest Ti, respectively (Baker, 2010). 

Subsequently, GMRs with the less SSE are selected. In order to further reduce the 

randomness variability, for the seismic responses of subjected structure, the target 

spectrum can be conditioned on a specific structural period. In this case, all the selected 

GMRs are matched to the Sa level of the target mean spectrum at the conditioned 

structural period and the error is minimised at the periods.  
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Since this study is performed using numerous bridge models with various modal 

properties, an unconditional scheme of the CMS method is utilised. For this purpose, 

the mean target response spectrum is adopted to be the 2% in 50-year UHS of Ee 

subsoil site condition for southeast Queensland (see Figure 4.6c). Note that, this is the 

most critical UHS which can be considered for this area, according to AS1170.4 (2007). 

A “greedy optimisation algorithm” is then used, to apply the CSM method, through 

utilising the MATLAB code of this algorithm available at 

http://www.stanford.edu/~bakerjw/gm_selection.html (Jayaram, Lin, & Baker, 2011). It 

is worth mentioning that, in applying the CMS method using this algorithm, a filter is 

also applied to eliminate the pulse-like GMRs and those exist in suite #1. Subsequently, 

30 GMRs are selected based on CMS which are summarised in Table A.2 (see 

Appendix A). These GMRs are known as suite #2, hereafter. Illustrations of the MW-

RRUP distribution and the acceleration response spectra of the selected GMR in suite #2 

are shown in Figure 4.9. As seen, the mean response spectrum of the selected GMRs 

(blue solid line) is analogous to the target mean acceleration response (red dotted line). 

 

  

(a) Distribution of MW over RRUP (b) Acceleration response spectra 

Figure 4.9 Characteristics of GMRs in suite #2 

http://www.stanford.edu/~bakerjw/gm_selection.html
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4.4.2.2. Selection based on matching the mean and variance response 

spectra 

This method, proposed by Jayaram et al. (2011), is known as the conditional spectrum 

(CS), and it is similar to the CMS method. The difference between the CMS and the CS 

is that the latter also considers the variability in the response spectra. This is carried out 

through matching the variance spectra of the selected GMRs, in addition to the mean 

spectrum, with the target responses. As a consequence, the record-to-record variability 

can be further reduced. To examine the analogy between the target spectra and the 

sample GMRs mean and variance responses, Eq. (4.4) is modified for the CS method as 

follows 

𝑆𝑆𝐸 = ∑ [(ln 𝑆𝑎(𝑇𝑖) − ln 𝑆𝑎𝐶𝑆(𝑇𝑖))2 + 𝑤(𝛽𝑆𝑎(𝑇𝑖) − 𝜎𝑆𝑎𝐶𝑆(𝑇𝑖))
2
]

𝑛

𝑖=1

 (4.5) 

where Sa and SaCS are the mean spectral accelerations and β and σ are the standard 

deviations of the selected suite and target response, respectively. w is a weighting factor 

indicating the relative importance of the errors in standard deviation, and can be taken 

to be one (Jayaram et al., 2011). The conditional form of CS is normally used for 

seismic fragility assessment by the multiple stripe analysis (MSA).  

Similar to the approach adopted by the CMS method, an unconditional GMR 

selection is performed by the CS method. Since the variance responses of UHS are 

unidentified, a GMPE model is usually used to develop the target mean and variance in 

the CS method. For this study, the GMPE model proposed by Somerville et al. (2009) is 

adopted for this purpose since it shows a higher consistency with the NGA models (see 
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Figure 4.7). Therefore, the response spectrum generated in Figure 4.7b is nominated and 

used by the greedy optimisation algorithm to select 30 GMRs based on the CS method. 

A filter is also applied to eliminate the pulse-like GMRs and those exist in suites #1 and 

#2. The GMRs selected based on the CS method are summarised in Table A.3 (see 

Appendix A). These GMRs are identified as suite #3, hereafter. Figure 4.10 shows the 

MW-RRUP distribution and the response spectra of the GMRs in this suite. As seen, in 

addition to the mean response (blue solid line), the variance of the selected GMRs (blue 

dashed-dotted line) also matches with the target variance responses (red dotted line). 

 

  

(a) Distribution of MW over RRUP (b) Acceleration response spectra 

Figure 4.10 Characteristics of GMRs in suite #3 

 

4.4.3. GMR selection for nearfield and fault directivity effects 

In nearfield regions (i.e. sites close to the seismic source; R ≤ 10 km), when rupture 

occurs towards the site, a strong earthquake may cause a shaking often described as the 

forward directivity. In this circumstance, a destructive double-sided or single-sided 

velocity pulse can be observed in the fault-normal and/or the fault-parallel components 
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of a GMR, respectively (Haselton et al., 2012). Although pulse-like records are not 

recommended to be used together with normal GMRs (see Section 4.4.1), a separate 

suite of pulse-like GMRs is selected to specifically investigate the seismic performance 

of highway bridge structures under such shakings.  

The pulse-like GMRs are identified by their pulse period (TP) in the NGA-West2 flat 

file (Ancheta et al., 2014). These GMRs are filtered considering a seismic hazard 

scenario similar to suite #1 (i.e. 5.0 ≤ MW ≤ 6.0 and R ≤ 30km) to select 20 GMRs for 

this study. Information of these GMRs, known as suite #4 hereafter, are summarised in 

Table A.4 (see Appendix A). Due to insufficiency of the number of GMRs within the 

considered range of seismic hazard scenario, only one GMR selected for suite #4 has a 

magnitude higher than 6.0. The MW-RRUP distribution and response spectra for GMRs in 

suite #4 are illustrated in Figure 4.11. The red solid line and the dashed blue lines show 

the mean and variances of the response spectra of GMRs in suite #4, respectively.  

 

  

(a) Distribution of MW over RRUP (b) Acceleration response spectra 

Figure 4.11 Characteristics of GMRs in suite #4 
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4.5. Nominated Intensity Measures (IM) 

In general, an IM is categorised either as a scalar or a vector value IM (Ebrahimian, 

Jalayer, Lucchini, Mollaioli, & Manfredi, 2015). To identify the optimal IM, here, the 

focus is only put on the scalar IM values. A scalar IM either is a site-specific quantity, 

directly measured from the GMR time-history (e.g. PGA), or a structure-specific 

quantity, calculated by the GMR response spectra (e.g. Sa). In this study, the nominated 

site-specific scalar IMs include the peak ground acceleration (PGA) and the peak 

ground velocity (PGV). Both of these quantities are presented for the GMRs selected in 

suites #1 to #4 through Tables A.1 to A.4, respectively. One structure-specific IM 

nominated herein is the spectral acceleration at the elastic period of the mode of interest 

Sa(T*). For frame buildings, this mode is normally a lateral one (i.e. the first mode; T* = 

T1) since it dominates the dynamic behaviour of the structures. For highway bridge 

structures, however, the longitudinal mode shapes have been reported to be dominant 

(Nielson & DesRoches, 2007). As such, for highway bridges, T* should be the period of 

the first longitudinal mode. Thus, Sa(T*) can be evaluated for each GMR using the 

acceleration response spectra presented in Figures 4.8b to 4.11b, correspondingly. 

Note that, Sa(T*) indicates the elastic spectral response, and is it not attributed to the 

structural behaviours in nonlinear phases. In this regard, it has been reported that bridge 

piers subjected to large deformations and, thus, nonlinearities due to concrete cracking, 

bar yielding and residual deflections, are highly prone to the modal period elongation 

(Abo-Shadi, Saiidi, & Sanders, 2000). Such behaviours are also expected to occur in 

bridge piers subjected to strong GMRs (Ghalami Sfahani, Guan, & Loo, 2014). Despite 

some past efforts for prediction of the inelastic modal period (Massumi & Moshtagh, 
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2013), reliable determination of this quantity is a multi-parametric task which contains 

both the epistemic and aleatory uncertainties (Katsanos & Sextos, 2015). Nevertheless, 

to interpret an approximate definition for spectral response at elongated periods, in this 

study, the idea is raised that the dominant mode shapes of structures may change with 

high structural nonlinearity. For the highway bridge structures under investigation, this 

is interpreted by assuming that the dominant longitudinal mode shape may be converted 

into a transverse mode shape. The following equation is recommended to approximate 

such an elongated period  

𝑇𝑒
∗ = 𝑇𝑗 ( ∑

𝑇𝑖−1 − 𝑇𝑖

𝑇𝑖

𝑛

𝑖=𝑗+1

) (4.5) 

where j is the sequence number of the first longitudinal mode (i.e. Tj = T*) and n is the 

sequence number of the first transverse mode of the highway bridge. The following 

equation is also recommended to be used for evaluating the IM influenced by period 

elongation  

𝑆𝑎𝑒 = √𝑆𝑎 (𝑇∗) 𝑆𝑎 (𝑇𝑒
∗)𝛼 (4.6) 

where α is a power which highlights the weight of Sa(Te
*). In principle, the same weight 

as applied to Sa(T*) is assigned to Sa(Te
*) (i.e. α =1). Note that, as described in Section 

3.2.1, one reason for the hardening and/or weaving behaviours along IDA curves, at 

high scaled IM levels, is supposed to be also the modal period elongation. Therefore, α 

can be a function of the applied scale factors. 
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4.6. Summary  

In this chapter, the background and history of the seismicity in Australia was critically 

reviewed. Specifically, southeast Queensland was considered as the site of interest for 

PSHA. Subsequently, seismic hazard curves were generated for this area based on the 

seismic data provided by the Australian seismic catalogues and design Standards. In 

addition, the uniform hazard spectra (UHS) are developed for the Brisbane CBD and 

greater metropolitan area considering different subsoil classes. These UHS were then 

compared with the response spectra evaluated based on the Australian GMPE models. 

The GMRs selected for performing NTHA and seismic fragility assessment were 

also presented in this chapter. In this regard, specific provisions were recommended and 

applied for record selection, consistent with the Cloud analysis requirements. Moreover, 

three additional GMR suites were selected based on the CMS, CS and pulse-like 

shaking criteria to investigate the effects of record selection on analysis results. Finally, 

four scalar IMs are nominated for investigation and identification of the optimal choice 

of IM, including PGA, PGV, Sa(T*) and Sae. The GMRs selected in this chapter are 

used to perform NTHA of the bridge models developed in Chapter 5 and seismic 

fragility assessment in Chapter 6. 
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Chapter 5          

 

Development of RC Highway Overpass 

Models 

 

5.1. General Remarks 

Highway overpasses have an essential role in the mobility of an environment through 

reducing level crossings, enhancing emergency routes and minimising traffic jams. A 

multi-span concrete overpass is a common class of highway bridge in every road 

network. The cost-efficiency and simplicity of the design and construction of these 

bridges have made them very popular in many transportation networks. These bridges 

are generally constructed of prefabricated decks supported on reinforced concrete (RC) 

piers in the middle of the bridge, and abutments at the bridge ends, with various 

configurations. The deck superstructures are often connected to the bridge substructures 

(i.e. piers and abutments) via fixed and expansion bearings or alternatively they are 

constructed monolithically (Ghalami Sfahani, Guan, Lu, & Loo, 2015).  
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Highway overpasses supported on RC pier walls are a common configuration of such 

bridge structures in Australia. While much research has been undertaken on the seismic 

behaviour and fragility of highway bridges constructed with conventional multi-column 

supports (Aviram, Mackie, & Stojadinovic, 2008; Cardone, Perrone, & Sofia, 2011; 

Choi, DesRoches, & Nielson, 2004; Ebrahimian, Jalayer, & Manfredi, 2015; Ghalami 

Sfahani et al., 2015; Kaviani, Zareian, & Taciroglu, 2014; Nielson & DesRoches, 2007; 

Padgett & DesRoches, 2008), only a few studies have dealt with bridges supported by 

pier walls. In this regard, Bignell and LaFave (2010) developed a finite element (FE) 

model of RC walls for seismic fragility assessment of such bridges, by using nonlinear 

shell elements with embedded steel reinforcement. In such modelling, which often is 

utilised for RC shear walls, the number of generated FE meshes depends on the number 

of embedded stripes of reinforcement considered in the model. This can dramatically 

increase FE meshes and, thus, the computational costs for large scale modelling, if each 

steel bar is modelled separately. On the other hand, the dynamic behaviour of highway 

bridges in their longitudinal direction makes the out-of-plane seismic responses of their 

piers critically important. It should be noted that estimation of such seismic responses 

using the abovementioned RC wall models would not be credible for bridge pier walls 

with thick sections. This is because, when the multiple reinforcing layers are simulated 

as an integrated grid in the middle of the wall section, the moment and shear capacities 

of this section would be underestimated in the out-of-plane direction. It should be 

mentioned that another study was also carried out for seismic fragility assessment of 

highway bridges with pier wall (Siddiquee, 2015). However, in that study, the RC walls 

were modelled by nonlinear fibre beams which fail to capture the strong shear 

behaviour of pier walls in the in-plane direction. 

https://scholar.google.com.au/citations?user=MzT8WAMAAAAJ&hl=en&oi=sra
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In order to analytically evaluate the seismic fragility of a highway bridge at its 

system-level, the utilised structural model needs to represent a high degree of fidelity 

which can only be achieved by encompassing all the major force-resisting bridge 

components in the structural modelling (Nielson & DesRoches, 2007). In this study, 

analytical models of bridge components are developed using the OpenSees analysis 

software (McKenna, Fenves, Jeremic, & Scott, 2015) to simulate the three-dimensional 

dynamic behaviours of an entire highway overpass structure. Furthermore, the open-

source licensing and the strong material and element library of OpenSees have made it 

an appealing and practical platform for various structural and geotechnical engineering 

applications. The modelling approach which is utilised herein consists of employing 

either a numerical or an analytical model of significant force-resisting highway overpass 

components. In particular, a multi-layered shell model is utilised to represent the RC 

pier wall in the entire bridge model. Then, the configuration and specific geometry of 

highway overpasses existing in southeast Queensland are statistically analysed to 

develop the representative bridge models for this study. Moreover, the seismic 

responses of the bridge component models and the modal behaviour of the entire bridge 

models are numerically investigated to identify the load and displacement capacities of 

the developed models of highway overpasses. Furthermore, to practise the seismic 

fragility assessment of highway overpasses in southeast Queensland, three bridge 

performance levels are recommended, along with nominating alternative LS values at 

each performance level and specifying the bridge collapse criteria.   
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5.2. Modelling of Highway Overpass Components in OpenSees 

5.2.1. Superstructure 

The superstructures of highway overpasses mainly consist of composite decks for long 

spans or, alternatively, RC slabs for short spans. The composite decks are often 

constructed by steel or prestressed concrete girders (e.g. I, box or channel girders) 

integrated with a concrete slab at the top. The stiffness of this combination is largely 

greater than any other bridge component which cause the superstructures to behave like 

rigid elements in the numerical analysis (Nielson & DesRoches, 2007). Observations of 

the bridge damage in previous earthquakes also indicate that superstructures are not 

critical to dominate the overall seismic response of highway bridge systems (Karim & 

Yamazaki, 2001). Therefore, the use of a linear model for the superstructure of highway 

overpasses is valid and sufficient.  

Three approaches can be adopted to model the bridge superstructure in the OpenSees 

software. The first approach is to utilise a rigid panel for the bridge superstructure. Such 

an approach does not require the evaluation of deck stiffness as the whole superstructure 

is assumed to be rigid. As such, all deck nodes will remain in the same plane during 

numerical analyses, and only rigid beam elements are used to model the four sides of a 

deck panel, as illustrated in Figure 5.1a. The lumped mass of the superstructure should 

then be defined and assigned to the master node in this model. This model is valid for 

superstructures of short span bridges where flexural deck behaviour is insignificant. One 

important limitation of this model is failing in considering the effects of the vertical 

component of ground motions. This is because the boundary condition for the 

translational degree of freedom in the vertical direction is fixed at the master node. 
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(a) Rigid diaphragm model 

 

(b) Elastic shell model 

 

(c) Elastic beam model 

Figure 5.1 Alternative highway overpass deck models 

 

The second approach is modelling the bridge deck plate using shell elements, as 

shown in Figure 5.1b. In this case, the equivalent linear section properties of the deck 



Chapter 5 

 

85 
 

plate can be assigned to the elastic shell elements. These properties, including area, 

moments of inertia, modulus of elasticity, and Poisson ratio, can be calculated based on 

the geometry of the bridge decks. The advantage of this modelling approach lies in the 

simplicity of defining the deck geometry, in which the distributed deck mass can be 

defined without the need for a separate calculation of mass moment of inertia. Also, 

unlike the first bridge deck modelling option, the vertical component of ground motions 

can be taken into consideration in dynamic analyses. However, the use of shell elements 

increases the computational costs as the number of FE nodes are significantly increased 

in the linear deck region. 

The third approach is modelling the bridge deck as a linear elastic beam in the 

longitudinal direction, as shown in Figure 5.1c. Similar to the second approach, in this 

approach, the linear properties of the deck section can be assigned to the section of 

beam model. However, the number of FE nodes will significantly be lower since the 

entire bridge deck can even be efficiently modelled using only one beam element. Note 

that, in this case, distributed mass must be defined for the bridge deck. Alternatively, a 

number of nodes can be generated along the deck length for simulating the lumped mass 

at these nodes. To define the geometry of the superstructure in the transverse direction 

for this model, rigid beam elements are defined perpendicular to the elastic beam at the 

deck ends. Some nodes are also generated along these rigid beam elements for defining 

the decks’ bearing system. In case the bridge is skewed, the skewness angle, α, can be 

applied to the conjunction of linear and rigid beam elements. Also, similar to the second 

modelling approach, the vertical components of ground motions can be considered in 

the analysis by the elastic beam model. Consequently, the third approach is utilised and 

applied for bridge deck modelling in this study.    
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5.2.2. Substructure 

5.2.2.1. Conventional modelling of bridge piers in OpenSees 

In general, the piers of highway overpasses consist of a RC cap beam, known as 

headstock, which provides a seating length for deck girders, and RC columns bearing 

the cap beam. The configuration of RC columns is very diverse in the bridge 

construction where it can be in form of an individual hammerhead column, multiple 

circular or rectangular columns, steel bent, cast-in-place-piles, or an individual wall 

structure (Chen & Duan, 2014). The configuration of wall-shape piers are also different 

such as, solid wall, dual columns integrated with a web wall and tapered wall piers. The 

conventional method for modelling RC bridge piers in OpenSees is the use of nonlinear 

force-based beam-column elements with fibre sections (Spacone, Filippou, & Taucer, 

1996). The schematic overview of such a model for wall piers is shown in Figure 5.2.  

 

 

Figure 5.2 Schematic overview of RC beam element with fibre section 

 

In this modelling approach, uniaxial steel and concrete material properties are 

defined for the confined and unconfined RC fibre sections. For this purpose, the Kent-
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Scott-Park and the Giuffré-Menegotto-Pinto models can be utilised for the nonlinear 

behaviour of concrete and steel materials, respectively. These materials are identified in 

OpenSees as “Concrete01” and “Steel02”, correspondingly. The stress-strain 

relationships of these materials are shown in Figure 5.3. As seen, the Concrete01 

material model (see Figure 5.3a) only works in compression as its tensile strength is 

considered to be zero. The stress-strain parameters including the compressive strength, 

fˊc, compressive strain, εc, crushing stress, fˊcr, and crushing strain, εcr, should be 

determined for the unconfined concrete fibre section. For the confined concrete fibre 

section, these stress-strain parameters (i.e. fˊcc, εcc, fˊcrc, and εcrc as shown in Figure 5.3a) 

can be adjusted based on the modified Kent-Park relation (Priestley, Seible, & Calvi, 

1996). The steel02 model, shown in Figure 5.3b, has a simple mechanism which is 

defined by an initial elastic tangent (i.e. modulus of elasticity) followed by isotropic 

strain hardening and yielding by a post-yield tangent.  

 

  

(a) Concrete01 (b) Steel02 

Figure 5.3 Uniaxial reinforced concrete materials in OpenSees 

0 
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The nonlinear force-based beam-column element can be defined using either 

distributed or concentrated plasticity (Scott & Fenves, 2006). The length of the plastic 

hinge LP, which is likely to be developed at the RC column ends, can be calculated by 

the following equation  

𝐿𝑃 = 0.2(
𝑓𝑢
𝑓𝑦

− 1)𝐿𝐶 + 0.022𝑓𝑦𝑑𝑏𝑙 ≥ 0.044𝑓𝑦𝑑𝑏𝑙 (5.1) 

where LC is the distance from the critical section (e.g. column base) to the point of 

contra-flexure in the column and dbl, fu and fy are the diameter, ultimate strength and 

yield strength of the longitudinal reinforcing steel, respectively (Priestly et al. 1996). 

Note that, the use of beam elements would neglect the shear behaviour of RC piers. 

Therefore, in order to account for the lateral and torsional shear deformations, elastic 

materials are defined and integrated with the beam element fibre section. This can be 

done in OpenSees by “aggregating” a fibre beam section with the total elastic resisting 

shear forces in the lateral and/or torsional directions, which are calculated as follows 

𝑓𝑙𝑎𝑡𝑒𝑟𝑎𝑙 = 𝐺𝑐𝑜𝑛𝑐𝑟𝑒𝑡𝑒 × 𝐴𝑐 

𝑓𝑡𝑜𝑟𝑠𝑖𝑜𝑛𝑎𝑙 = 0.2 × 𝐺𝑐𝑜𝑛𝑐𝑟𝑒𝑡𝑒 × 𝐽𝑐 
(5.2) 

where G is the elastic shear modulus of concrete and Ac and Jc are the area and the polar 

moment of inertia of RC pier cross section, respectively. The reduction factor of 0.2 is 

applied to the torsional stiffness due to cracking issues (Aviram et al., 2008). This 

procedure is valid and can be applied for modelling both the headstock beam and the 

columns of RC piers of highway bridges. However, where the height of the bridge pier 
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is more than double of the bridge deck width, modelling headstock beams by elastic 

beam elements is also valid (Ebrahimian et al., 2015). It is noteworthy to mention that 

the influences of bar-slip and lap splice are not captured by the beam model for RC 

elements. This is because these failures can cause rigid body rotation of the bridge pier 

which cannot be accounted for in a flexural analysis using beam elements. However, 

previous research showed that the use of nonlinear forced-based beam-column element, 

as the model of RC piers, can also be credible for seismic fragility assessment of 

highway bridges (Cardone et al., 2011; Ebrahimian et al., 2015; Kaviani et al., 2014; 

Nielson, 2005). 

  

5.2.2.2. Layered shell model for bridge pier walls 

A novel approach which is utilised for modelling the bridge pier walls, in this study, is 

using a multi-layered plate section (Lu, Xie, Guan, Huang, & Lu, 2015) integrated with 

a nonlinear four-node shell element (Dvorkin & Bathe, 1984) in OpenSees. This 

combination is schematically illustrated in Figure 5.4. Based on this approach, the RC 

wall depth can be divided into several layers with various thicknesses and material 

properties. As such, different rebar layers in the wall can be modelled separately (i.e. are 

not smeared into a single grid). This is particularly appropriate for simulating the RC 

pier walls’ out-of-plane behaviour where the accuracy of seismic responses can be 

improved by increasing the number of section layers, without increasing the FE nodes. 

Figure 5.4 illustrates the local and global coordinate systems and the degrees of freedom 

for such a shell element. The stresses and strains at the in-plane integration points are 

obtained from interpolation of the nodal deformations and rotations. It should be noted 
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that, the shell layers are fully-bonded in the walls thickness direction in which no slip 

occurs between these layers.  

 

 

Figure 5.4 Multi-layer shell element in OpenSees 

 

The plane-stress constitutive material model is utilised to capture the nonlinear 

behaviours of concrete due to cracking, crushing and/or aggregate interlocking in the 

layered shell model. This is established based on the damage mechanics and smeared 

cracking concepts, which is expressed by the following equation 

𝜎𝑐 =́ [
1 − 𝑑1

1 − 𝑑2
] 𝐷𝑒𝜖�́� (5.3) 

where σˊc and εˊc are the stress and strains tensors, respectively, and De is the elastic 

constitutive matrix. The damage parameters d1 and d2 are calculated from the concrete 

damage evolution curves under tension (Løland, 1980) and compression (Mazars, 

1986), respectively. In this layered shell model, the concrete shear strength is assumed 
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to decrease after cracking and, as such, the relation between the deteriorated shear 

stress, τ, and shear strain, γ, is accounted by  

𝜏 = 𝛽𝐺𝛾 (5.4) 

where G is the elastic shear modulus of concrete and β is the shear cracking retention 

factor (Rots, Nauta, Kuster, & Blaauwendraad, 1985). Once Eqs (5.3) and (5.4) have 

been formulated in the local coordinates, they are transformed to the global coordinates 

using the following equation: 

 𝐷 = 𝑅𝑇�́�𝑅 

𝑅 = [

cos2 𝜑 cos2 𝜑 sin𝜑 cos𝜑

sin2 𝜑 cos2 𝜑 −sin𝜑 cos𝜑

−2 sin𝜑 cos𝜑 2 sin𝜑 cos𝜑 cos2 𝜑 − sin2 𝜑

] 

(5.5) 

where D and D' are the constitutive matrices in the global and local coordinates, 

respectively, R is the transformation matrix and φ is the angle between the global and 

local coordinates. Similar to the modelling approach described for the fibre beam 

element, the effects of confined concrete can be accounted for by adjusting the stress-

strain parameters, based on the modified Kent-Park relation (Priestley et al., 1996), 

according to the ratios of the lateral reinforcements and cross-ties. In addition to the 

concrete compressive strength fˊc, the concrete tensile strength, ft, can also be assigned 

to the layered shell model (i.e. ft ≤ 0.1fˊc). The shear retention factor for unreinforced 

concrete can be taken to be β ≤ 0.1  (Rots & Blaauwendraad, 1989). To define the 

concrete material, the abovementioned material properties are allocated to the 
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“PlaneStressUserMaterial” option in OpenSees. Then, this option is aggregated with 

the concrete elastic shear modulus, G, for considering shear behaviour in the out-of-

plane direction through the “PlateFromPlaneStress” material option.  

The nonlinear behaviours of the steel material consist of the yielding and the 

Bauschinger effects. These are implemented to the reinforcement layers by defining a 

uniaxial steel material (e.g. “Steel02”) in OpenSees which is then converted into the 

“PlateRebar” material option. In this regard, separate reinforcement layers are defined, 

for the longitudinal and lateral reinforcement, by evaluating the equivalent thickness of 

steel layers at both faces of the pier walls. This is done by defining the corresponding 

orientation for each reinforcement steel layer. As such, the shear resistance of the lateral 

reinforcement, which was neglected in the fibre beam element model, is included in this 

modelling. Finally, the developed concrete and steel materials are assigned to the 

“LayeredShell” section which is utilised by the ‘ShellMITC4” element in OpenSees.  

 

5.2.2.3. Validation of layered shell model for bridge RC pier wall  

The accuracy of the layered shell model described above was validated in the in-plane 

direction, for the core tube shear walls of high-rise buildings (Lu et al., 2015). However, 

highway overpasses are mostly recognised as having dominant longitudinal mode 

shapes (Nielson & DesRoches, 2007) which underline the importance of out-of-plane 

seismic responses of bridge pier walls. In this regard, Abo-Shadi et al. (2000) conducted 

an experimental program to evaluate the behaviour of bridge pier walls, by testing RC 

wall specimens subjected to slow out-of-plane cyclic loads.  
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(a) Specimen #1 (b) Specimen #2 

  

(c) Specimen #3 (d) Specimen #4 

  

(e) Specimen #5 (f) Specimen #6 

Figure 5.5 Validation of the out-of-plane behaviour of layered shell model with 

experimental results  
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Detailed information of this experimental program including the detailing of 

specimens, material properties, setup of instrumentations and test programs can be 

found in the study of Abo-Shadi et al. (2000). For the purpose of this study, multi-

layered shell models of these wall specimens are created in OpenSees with identical 

geometry, material properties and boundary conditions. Subsequently, these models are 

analysed under lateral cyclic loads with the same load pattern applied in the 

experimental program. Figure 5.5 illustrates the numerical simulation results of the 

layered shell model (i.e. load-displacement of the top of the RC walls) in comparison to 

the experimental results presented by Abo-Shadi et al. (2000). As seen, the numerical 

simulation results are highly consistent with the experimental results as both the initial 

stiffness and the peak lateral loads are in remarkable agreements. One difference 

between these results is that the numerical load cycles seem to be symmetric while the 

experimental ones look asymmetric. This observation can be due to some inaccuracy in 

the experimental measurements. For example, once bending deformations emerge in the 

out-of-plane direction, in the RC wall specimens, the gravity loads are no longer applied 

to the same point at top of the walls where it displaces at each load step. Another 

difference is the larger load cycles in the experimental results which indicate the higher 

dissipated energy in the hysteretic loops. Note that, the utilised layered shell model 

cannot capture the effects of lap-splice, bar slipping and reinforcement buckling. As 

such, while the RC wall specimens continue bearing more load cycles, the numerical 

non-convergence may interrupt the load cycles after a certain number of loops.  

In the numerical analyses, the isotropic hardening parameters for the steel material 

(i.e. “Steel02” in OpenSees library) are taken as a1 = -0.06, a2 = 1.0, a3 = 0.06 and a4 = 

1.0. The analyses using these parameters are found to agree satisfactorily with the 
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experimental results. The layered sections are developed by six layers for the core 

concrete and three layers at each face of the pier walls including the cover concrete, 

longitudinal reinforcement and transverse rebar layers. The largest FE mesh size along 

the wall height without, losing the accuracy of numerical results, can be taken to be 

double that of the wall section’s depth. This can be taken as few as four FE meshes 

along the wall width.   

 

5.2.3. Abutment and foundation  

The seismic responses of highway overpasses with relatively short spans and stiff 

superstructures can largely be affected by the behaviour of their abutments (Aviram et 

al., 2008). In bridge construction, abutments may be constructed either as the seat type 

abutment or the diaphragm type abutment integrated with the bridge decks. Figure 5.6 

demonstrates the general configuration of a typical U-shape seat-type abutment for 

highway overpasses. Alternative bridge abutment shapes are the gravity, spill-through 

and pile-bent types (Chen & Duan, 2014). These abutments have different 

configurations but they mostly consist of the similar structural components as shown in 

Figure 5.6.  

The seismic behaviours of abutments can separately be investigated in the bridge 

longitudinal passive (pushing the earth), longitudinal active (pulling the earth), 

transverse (lateral) and vertical directions. In each of these directions the seismic 

response of abutments is dominated by the interaction between a number of force-

resisting factors: (a) bearing devices, abutment’s back wall height and width, expansion 

joint gap and active soil compressive strength in the longitudinal direction; (b) soil shear 
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strength, shear keys, length and width of abutment wing walls and bridge skewness 

angle in the transverse direction; and (c) bearing’s rigidity and embankment stiffness in 

the vertical direction (Kaviani et al., 2014). In addition, the presence of piles in the 

bridge abutment increases the seismic resistance of the abutment in all the above-

mentioned directions (DesRoches, Leon, & Dyke, 2003).  

 

 

Figure 5.6 Configuration of a U-shape seat-type abutment 

 

Although the use of a large FE model of the abutment structure in interaction with 

the surrounding soil facilitates a more precise investigation of seismic behaviour of an 

entire highway overpass, it would dramatically increase the computational costs as the 

analytical fragility assessment becomes inefficient. To address this issue, in this study, a 

simplified abutment modelling approach is adopted by establishing analytical models 
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(springs), in OpenSees. These models simulate the force-deformation responses of the 

aforementioned seismic resistant factors of an abutment in different directions. These 

springs can then be combined, in parallel or in series, based on their corresponding 

behaviours in bridge abutments. The set-up of such an analytical abutment model is 

schematically illustrated in Figure 5.7 in terms of the representative nodes, mass and 

spring systems for the abutment behaviour in the bridge longitudinal and transverse 

directions.  

 

 

(a) Longitudinal direction  (b) Transverse direction 

Figure 5.7 Analytical model of abutment  

 

In the bridge longitudinal direction of this set-up (Figure 5.7a), the seismic response 

of abutments is expressed by two distinct stages of deformation demands. The first stage 

is up until the onset of the closure of the expansion joint gap (EXJ), when the 

superstructure deck mass forces are transmitted from the deck end (SN1) to the back 

wall (SN2) through the bearing stiffness (SP1). The excessive deformations at this stage 

are transmitted from SN2 to the earth (SN3) through the pile stiffness (SP2). The total 
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mass of the abutment can be modelled as a lumped mass and is assigned to SN2. It is 

noteworthy to mention that the sharing nodes (SN1, SN2, and SN3) are assumed to have 

the same coordinates, in the analytical model, and the nonlinear springs are defined 

through the “zeroLength” element option in OpenSees. In the first stage, the abutment 

behaviour is identical in both the longitudinal active (pulling) and passive (pushing) 

directions. This stage corresponds to less deformation demands in the abutments where 

all the active force-resistant springs (SP1 and SP2) are in series. The nonlinear 

behaviours of expansion joints (EXJ) and bearings (SP1) are explained in Section 5.2.4. 

The contribution of the pile (SP2) can be evaluated by determining the equivalent 

stiffness of piles at the abutment nodes. In this regard, based on Caltrans (2013) 

recommendation, the lateral stiffness of a single standard 400mm cast-in-drilled-hole 

(CIDH) pile is assumed to be 7.0kN/mm and the behaviour of the pile is perfectly-

plastic after reaching a yield deformation of 25.4mm. These recommendations are used 

in this study to simulate the equivalent stiffness of the pile groups in bridge abutments. 

Subsequently, a nonlinear hysteretic analytical model is utilised for such piles in the 

form of the backbone curve shown in Figure 5.8a. It is also assumed that the pile’s 

stiffness degrades linearly, after reaching a ductility level of 2. 

In the second stage, after the closure of the expansion joint gap due to excessive 

deformations, the bridge superstructure collides with the abutment back wall which 

mobilises the full passive backfill soil pressure. Subsequently, the abutment behaviour 

changes in the passive direction as the resistance of SP1 is eliminated and, instead, the 

backfill soil compressive resistance (SP3) comes into effect (see Figure 5.7a). The 

initial passive stiffness of abutments can be approximated by the following empirical 

equation (Stewart et al., 2007): 
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(a) Standard 400 mm CIDH pile (b) Schematic response of backfill  

Figure 5.8 Analytical backbone curves representing the nonlinear behaviour of 

abutment components 

 

𝑘𝑎𝑏𝑢𝑡 (𝑘𝑁/𝑚𝑚) = 14.34 × 𝑤 × (
ℎ

1.7
) (5.6) 

where h is the height of the back wall and w is the back wall width (i.e. almost equals 

the deck with), both measured in meters. Based on the Caltrans (2013) recommendation, 

the backfill behaviour is assumed to be elastic-perfectly-plastic (EPP), as schematically 

shown in Figure 5.8b. The initial gap, Δgap, denotes the expansion joint gap (EXJ) 

associated with SP3 shown in Figure 5.7a. The yield load, Py, can then be evaluated by 

the following empirical equation as suggested by Caltrans (2013) 

𝑃𝑦  (𝑘𝑁) = 239 × 𝑤 × ℎ × (
ℎ

1.7
) (5.7) 
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If the abutment is skewed, these values should be assigned as linearly increasing 

from the obtuse corner to the actuate corner (Kaviani et al., 2014). In this circumstance, 

the variation of kabut and Py between these corners is  

𝛽 = 0.3 ×
𝑡𝑎𝑛 𝛼

𝑡𝑎𝑛 60°
 (5.8) 

where α is the skewness angle (Kaviani et al., 2014).  

The abutment behaviour in the bridge transverse direction (see Figure 5.7b) is similar 

to that in the longitudinal direction. The bearing (SP1) and pile (SP2) behave identically 

to that in the longitudinal direction. The isolator (ISO) demonstrated in Figure 5.7b 

represents the gap between bridge deck and shear keys in the transverse direction (in 

both sides) and it plays a similar role to EXJ in the longitudinal direction. As such, the 

mass-springs system works in two distinct stages, similar to those in the longitudinal 

direction, in which the system is shifted from the first stage to the second stage once the 

ISO closes the gaps. The resistance produced by the active pressure of the wing walls 

over the backfill soil, in the transverse direction (see Figure 5.6), is represented by the 

SP4 nonlinear analytical spring (see Figure 5.7b). SP4 is also evaluated in a similar way 

as for SP3 (using Eqs. 5.6 and 5.7) by considering a shape factor of two-third for the 

wing walls’ width (Aviram et al., 2008). To account for the resistance of shear keys 

constructed monolithically with the abutment, a nonlinear spring (SP5) can be defined 

in parallel to SP4. According to Bozorgzadeh et al. (2006), SP5 can be evaluated 

through a moment-curvature  analysis over the critical shear key section (i.e. shown by 

the dashed line in Figure 5.9) and the critical shear force, VCr, is evaluated from the 

resisting moment, M, as follows 
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𝑉𝐶𝑟 =
𝑀

ℎ + 𝑎
 (5.9) 

where a is the distance between the superstructure’s seating level and the impact force 

level and h is usually taken to be equal to a. 

 

 

Figure 5.9 Critical shear section in highway bridge abutments shear key 

 

Due to the high rigidity of the abutment-embankment-pile system in the vertical 

direction, seismic responses and nonlinear behaviour of abutments are assumed to be 

negligible in this direction and, therefore, the vertical boundary conditions are fixed. 

Also, the nonlinear behaviour of the pile-foundation, constructed under bridge piers, is 

neglected as the foundations are assumed to be infinitely rigid. This assumption is 

attributable to the low seismic vulnerability of the foundations, compared to piers 

(Cardone et al., 2011). The total linear stiffness for pile-footing foundation (see Figure 

5.10) in the in-plane lateral direction, kh,total, and the out-of-plane torsional direction,  

kr,total, are evaluated using Eq. (5.10)  
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(a) Top view (b) Side view 

Figure 5.10 Layout of pile-footing foundation 

 

𝑘ℎ,𝑡𝑜𝑡𝑎𝑙 = 𝑛. 𝑘ℎ 

(5.10) 
𝑘𝑟,𝑡𝑜𝑡𝑎𝑙 = 𝑛. 𝑘𝑟 + ∑ 𝑘𝑣. 𝑆𝑛,𝑖

2
𝑛

𝑖=1
 

where n is the number of piles at the footing cap and Sn is the distance of each pile from 

the centre of the footing cap. For a single standard 400mm CIDH pile in sand kv, kr and 

kh were suggested to be taken as  175kN/mm, 2.11e4kN·m/rad and 51.3kN/mm for the 

vertical, torsional and lateral stiffness, respectively, (DesRoches et al., 2003).  

 

5.2.4. Bearing and expansion joint 

In construction of highway overpasses, bearings are utilised to tie the superstructural 

decks to the bridge piers and abutments. The types of bearings in bridge construction 

are very diverse. This can be simple pads (e.g. elastomeric or fabric cottons), typical 

rocker/roller or pin bearings and/or the more sophisticated types such as pot, disk and 

spherical bearings (Chen & Duan, 2014). Similar to the bridge abutments, in this study, 

analytical models are established for the highway overpass bearings. The seismic 
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responses of these bearings are classified either as sliding, frictional, yielding or 

hysteretic behaviours (Cardone et al., 2011). The schematic analytical backbone curves 

of these behaviours are demonstrated in Figure 5.11. For example, the responses of 

rollers and steel pendulum bearings are considered to be sliding (Figure 5.11a); cotton 

ducks and masonry pedestals are frictional (Figure 5.11b); steel rockers and elastomeric 

neoprene pads are yielding (Figure 5.11c); and steel dowels and hinges are hysteretic 

(Figure 5.11d) (Cardone et al., 2011; DesRoches et al., 2003). 

 

  

(a) Sliding behaviour (b) Frictional behaviour 

  

(c) Yielding behaviour (d) Hysteretic behaviour 

Figure 5.11 Schematic analytical backbone curves of different bearing behaviours 
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The schematic setup of the analytical model of such bearings in the highway bridge 

system is illustrated in Figure 5.12, for the bearing devices placed between the bridge 

pier’s tip (SN3) and deck ends (SN1 and SN2). Note that, the sharing nodes (SN1, SN2 

and SN3) are assumed to have the same coordinates. Two separate analytical bearing 

models are defined in this setup: one for the fixed bearings (SP1) created by the 

nonlinear springs SP11 in parallel with the SP12, and another for expansion bearings 

(SP2) consists of SP21 in parallel with SP22. For complex bearing systems such as the 

elastomeric rubber pad combined with steel dowels, the seismic response of the pad 

works in parallel with the dowels (Choi et al., 2004). In this regard, the presence of 

multiple springs for defining a single bearing in Figure 5.12 (e.g. SP11 in parallel with 

SP12 for SP1) facilitates modelling of such bearing systems.  

 

 

Figure 5.12 Arrangement of bearings and expansion joint between decks and pier 

nodes 

 

The simply-supported boundary condition of bridge decks is provided by defining 

the fixed and expansion bearings separately. The difference between the analytical 

models of bearings can be distinguished in Figure 5.12 by the presence of an isolator 
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(ISO) attached to the expansion bearing. The role of ISO is to allow the movement of 

expansion bearing in the horizontal direction for the definite expansion gap. As such, 

the ISO works in the form of a fuse for the expansion bearings which postpones the 

reaction of these bearings with respect to the fixed ones. Depending on the type of 

bearing, the ISO may be modelled as an initial gap or a friction force. Note that, the 

stiffness of analytical spring models are calculated based on the geometrical values. 

Poundings of adjacent bridge decks and/or decks to abutments under seismic loads 

can lead to de-bonding of the bridge superstructure from its substructure (DesRoches et 

al., 2003). In order to account for this behaviour, an “ImpactMaterial” model, proposed 

by Muthukumar and DesRoches (2006), is defined in the expansion joints (EXJ) 

between SN1 and SN2 in Figures 5.12 and 5.7a. The analytical backbone curve of this 

element is shown in Figure 5.13. This model works in the form of an initial gap, Δgap, 

which represents the expansion joints (EXJ), followed by a bilinear spring working in 

compression only. 

 

 

Figure 5.13 Analytical backbone curve for the impact between adjacent bridge decks 
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5.2.5. Mass and damping 

Defining distributed mass for the bridge components facilitates the analytical bridge 

modelling procedure by avoiding a separate calculation for mass moment of inertia. In 

case where lumped mass is defined, the nodal mass moment of inertia should also be 

calculated and applied based on the following expressions (Kaviani et al., 2014): 

𝑀𝑠𝑢𝑝 =
𝑀𝐷𝑤

2

12
 

(5.11) 

𝑀𝑝𝑖𝑟 =
𝑀𝑅𝑐𝑜𝑙

2

2
 

where Msup and Mpir are the rotational mass moments of inertia for the superstructure 

and the pier column, respectively, M is the lumped translational mass, DW is the 

superstructure width and Rcol is the radius of the pier column. Moreover, the “Rayleigh” 

damping is recommended, for the analytical bridge modelling, as 5% of the critical 

damping in the first two modes of vibration. In this regard, the classical damping 

matrix, [D], is proposed as a linear combination of the mass, [M], and stiffness, [K], 

matrices (Clough & Penzien, 1994), with coefficients to be calculated as follows 

[𝐷] = 𝛼𝑀[𝑀] + 𝛼𝐾[𝐾] 

(5.12) 

𝛼𝑀 = 2𝜉
𝜔1. 𝜔2

𝜔1 + 𝜔2
  ,   𝛼𝐾 = 2𝜉

1

𝜔1 + 𝜔2
 

where ξ and ωi are the damping coefficient and the frequencies associated with the 

modes of vibration, respectively.  
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5.3. Developed Analytical Highway Bridge Models for this Study 

5.3.1. Statistical data analysis of bridge inventory in southeast Queensland  

To study the seismic fragility of highway overpasses in southeast Queensland, it is 

necessary to have an understanding of the bridge inventory in this region. This 

necessary bridge information is attained for this study by the statistical analysis and 

sampling from the bridge data provided by the Queensland Department of Transport and 

Main Road (TMR). The proportions of common types of bridge RC piers, existing in 

the TMR inventory, are illustrated in Figure 5.14a. As seen, the pier wall is the second 

most common type of highway bridge pier configuration, by representing 21% of the 

total bridges in use. Also, according to the chart shown in Figure 5.14b, the majority of 

Queensland bridges are constructed with the simply-supported deck systems which are 

mostly provided by the elastomeric pad combined with steel dowels bearings. 

 

  

(a) RC pier configuration (b) Decks’ bearing system 

Figure 5.14 Proportion of different configurations of highway bridge piers and bearing 

and constructions in the TMR inventory 
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To investigate the variation of the gross geometrical dimensions of highway bridges 

in the TMR inventory, the empirical cumulative distribution functions (ECDF) of the 

major bridge dimensions are presented in Figure 5.15. Also, the statistical parameters of 

these ECDFs are summarised in Table 5.1. It should be mentioned that different number 

of spans for highway bridges with identical material properties, configurations and 

geometrical dimensions can change the modal characteristics of bridges (Nielson & 

DesRoches, 2007). 

 

  

(a) Number of spans (b) Span length 

  

(c) Span width (d) Under-clearance 

Figure 5.15 Empirical CDF of the gross geometrical data of TMR bridges  
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Table 5.1 Statistics of the geometrical dimensions of highway overpasses existing in 

the TMR inventory 

Gross geometry Mode Mean Median Standard Deviation 

Number of spans (#) 5 5.4 5 3.5 

Span length (m) 21 22.9 21.5 7.4 

Span width (m) 10 13.5 10.9 5.2 

Under-clearance (m) 6.2 6.8 6.3 1.9 

 

The length of bridge spans is also an influential parameter as it is highly correlated 

with the deck mass and stiffness. The sensitivity of the seismic responses of highway 

bridges to the span width is negligible since the bridge piers are designed proportional 

to the span width. However, the importance of modelling the deck width lies in the 

significance of using a three-dimensional bridge model, as utilised for this study, to 

identify the influences of seismic responses in the bridge transverse direction. The 

seismic responses of highway overpasses are also highly sensitive to the height of RC 

piers as it determines whether the shear failure of bridge piers is likely or not. This 

height is expressed in terms of the bridge under-clearance in the TMR bridge inventory. 

 

5.3.2. Layout of the bridge models 

Two layouts are adopted for developing the analytical models of highway overpasses 

with pier walls in this study. These include a set of three “seed” bridge models for 

investigating and verifying the fragility assessment methods discussed in Chapter 3. In 

addition, another set of forty “sampled” bridge models are generated (see Section 5.3.3) 

as the representatives of highway bridge stock in southeast Queensland. It should be 

noted that, the seismic fragility assessment for the sampled bridge models is only 
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performed by using the extended Cloud analysis (ECA) method proposed in this study. 

The gross geometrical information of the three developed seed bridge models (known as 

Models A, B and C, hereafter) are summarised in Table 5.2. The dimensions presented 

for these bridge models are adopted based on a 5-span highway overpass with RC pier 

walls existing in southeast Queensland. The developed seed bridge model B utilises an 

identical configuration and dimensions to this highway overpass, and for models A and 

C only the number of spans is altered. 

 

Table 5.2 Geometrical properties of the analytical seed bridge models 

Seed bridge 

model 

Number of 

spans (#) 

Span length 

(m) 

Span width 

(m) 

Under-clearance 

(m) 

A 2 15 10 7.2 

B 5 15 10 7.2 

C 9 15 10 7.2 

 

The overall configuration of these models is shown in Figure 5.16a. These bridges 

are symmetric with respect to the Y axis and, thus, only a symmetrical half model is 

presented in this figure. Figure 5.16b demonstrates the arrangement of bridge deck 

section over the RC pier wall (i.e. Section A-A in Figure 5.16a). The composite deck as 

shown in this figure consists of a RC slab combined with 15 prestressed concrete box 

girders laterally post-tensioned by steel rods. This combination is modelled according to 

the third approach explained in Section 5.2.1. As such, the deck is modelled by a linear 

elastic beam along the bridge longitudinal direction and the deck ends are modelled by 

perpendicular rigid beam elements.  
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(a) General overview (dimensions are in mm) 

 

(b) Pier configuration (dimensions are in mm) 

Figure 5.16 Configuration of highway overpass models with pier walls  
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The equivalent properties of the bridge deck section calculated for the section of 

elastic beam model are the deck sectional area, Adeck = 3.78 m2, moments of inertia, 

IZdeck = 0.14 m4 and IYdeck = 103 m4, modulus of elasticity, Edeck = 33470 MPa and the 

Poisson’s ratio, νdeck = 0.2. The total mass per each deck span is taken to be 300 tonnes.  

Ten nodes are defined along the elastic beam model of bridge deck to assign the lumped 

deck mass to these nodes. The mass moment of inertia corresponding to each node is 

calculated using Eq. (5.11). 

Figure 5.17 demonstrates RC cross sections adopted for the seed bridge models. 

These RC sections are also adopted from the drawings of the existing highway overpass 

in southeast Queensland. It should be noted that these sections are identical for all the 

bridge spans and different seed models. The bridge pier is modelled based on the multi-

layered shell approach described in Section 5.2.2.2. For this purpose, a linear layered 

section is utilised for the headstock beam (Figure 5.17a), due to the high concrete 

confinement and reinforcement ratio, and a nonlinear layered shell section is used for 

the pier walls (Figure 5.17b). Distributed mass model is utilised for the bridge RC piers. 

The abutments and footings of the highway overpass are analytically modelled 

consistent with the approach described in Section 5.2.3. As shown in Figure 5.16, six 

standard 400mm CIDH piles are utilised under abutments and footings. The width and 

height of the abutment back wall are assumed to be equal to the bridge deck width (i.e. 

10m) and height (i.e. 770mm), respectively. The height of the wing wall is taken to be 

identical to the back wall height and the width the wing wall is half of the back wall 

width (i.e. 5m). Monolithic shear keys are not modelled, for the abutment since these 
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were not constructed for the considered existing highway overpass. The lumped masses 

of abutments and footings are estimated to be 120 and 12.6 tonnes, respectively.  

 

 

(a) Pier headstock (section C-C in Figure 5.16b) (dimensions are in mm) 

 

(b) Pier wall (section D-D in Figure 5.16b) (dimensions are in mm) 

Figure 5.17 RC cross sections of the bridge piers 

 

The bridge decks utilise simply-supported bearings through an elastomeric rubber 

pad combined with two M24 steel dowels under the ends of each girder. The 

arrangement of this combined bearing system is illustrated in Figure 5.18. This bearing 

system is analytically modelled based on the approach described for the complex 

bearing systems, in Section 5.2.4 and the setup shown in Figure 5.12. Note that a 
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yielding behaviour was mentioned for the elastomeric pads (see Figure 5.11c). As such, 

the elastic stiffness, ke, of the pad is calculated as follows 

𝑘𝑒 =
𝐺𝐴

ℎ𝑟
 (5.13) 

where G = 1.3 MPa is the shear modulus and, A and hr are the area and thickness of the 

pad (DesRoches et al., 2003). The yield force of the elastomeric rubber pads, Fy, is 

taken to be equal to the frictional resistance between the rubber and concrete girder 

which can be estimated by the following empirical equation 

𝜇 = 0.05 +
0.4

𝜎𝑛
 

(5.14) 

𝐹𝑦 = 𝜇𝑁 (5.15) 

where μ is the coefficient of friction, and σn and N are the normal stress and normal 

force over the pad, respectively (Scharge, 1981). The pad is assumed to behave as 

perfectly-plastic after yielding. 

 

 

Figure 5.18 Configuration of the bridge deck bearing system (detail B in Figure 5.16b) 
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For the pair of M24 steel dowels, Choi et al. (2004) proposed the hysteretic backbone 

curves shown in Figure 5.19, which are adopted for this study. The difference between 

the fixed and expansion bearings is distinguished in the analytical model through adding 

an initial 25mm gap (i.e. ISO shown in Figure 5.12) to the hysteretic response of 

expansion dowels. The expansion joint in the impact model (see Figure 5.13) is also set 

to be Δgap = 25 mm. 

 

 

Figure 5.19 Hysteretic behaviour of two M24 steel dowels 

 

5.3.3. Uncertainty of the developed bridge models  

To elaborate the seismic fragility assessment of highway overpasses, the epistemic 

uncertainty in the developed bridge models is accounted for through sampling from the 

modelling parameters. As such, eight uncertain modelling parameters are considered for 

this purpose aand summarised in Table 5.3, to represent the diversity of configuration of 

highway overpasses existing in southeast Queensland. The types and the parameter 
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values of the distributions allocated to RC material properties and damping ratio are 

adopted from the available information in the published literature (Nielson & 

DesRoches, 2007). For those parameters in which no such information is available, 

uniform distributions are assigned. In this regard, the upper and lower uniform 

distribution values for the number of piles and span length are 150% and 50% of the 

deterministic value assigned for the seed bridge model (i.e. six piles), respectively. 

These values are evaluated for the number of spans and under-clearance as the mean 

value in the TMR inventory (see Table 5.1) plus/minus one standard deviation.  

 

Table 5.3 Uncertain parameters in analytical bridge modelling  

Uncertain parameters Distribution Distribution parameters Unit 

Concrete compressive strength Normal μ = 33.8 σ = 4.3 MPa 

Steel yielding strength Lognormal η = 6.13 β = 0.08 MPa 

Deck mass Uniform UB = 110 LB = 90 % 

Damping ratio Normal μ = 4.5 σ = 1.25 % 

Number of piles Uniform UB = 9 LB = 3 # 

Number of spans  Uniform UB = 9 LB = 2 # 

Span length Uniform UB = 22.5 LB = 7.5 m 

Under-clearance Uniform UB = 8.7 LB = 4.9 m 

μ: Normal mean σ: Normal standard deviation 

η: Lognormal mean (normal median) β: Lognormal standard deviation 

UB: Upper bound LB: Lower bound 

 

In this study, the technique which is used to sample from the uncertain parameters is 

the Latin Hypercube Sampling (LHS) (Ayyub & Lai, 1989). The advantage of using 

LHS, compared to the traditional sampling methods such as the Monte Carlo Simulation 

(MCS), is reducing the number of required simulations by “stratification” of the 

cumulative density function (CDF) of the uncertain parameters. This is performed in the 
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Table 5.4 Samples of uncertain parameters of highway overpass models  

Sampled 

bridge 

model 

Uncertain bridge modelling parameters 

Concrete 

compressive 

strength 

MPa 

Steel 

yielding 

strength 

MPa 

Deck 

mass 

 

% 

Damping 

ratio 

 

% 

Number 

of piles 

 

# 

Number 

of 

spans 

# 

Span 

length 

 

m 

Under- 

clearance 

 

m 

1 36.21 501.36 91.75 6.42 4 6 14.4 5.4 

2 28.58 449.05 109.75 3.98 3 5 17.1 6.3 

3 40.40 421.02 90.25 3.89 3 2 20.8 4.9 

4 39.63 424.65 103.75 6.02 7 7 15.6 5.2 

5 43.44 519.43 100.25 4.86 6 5 17.4 6.1 

6 34.20 465.25 93.25 2.98 5 7 22.3 6.6 

7 32.29 486.46 93.75 4.46 7 8 9.2 6.5 

8 31.39 472.55 100.75 3.71 5 4 9.6 7.3 

9 32.00 416.94 107.75 4.22 9 8 17.8 8.0 

10 29.99 453.69 101.25 2.58 6 3 18.6 5.8 

11 29.57 436.66 101.75 3.14 9 5 20.1 8.2 

12 30.73 493.23 97.75 5.29 2 6 8.1 6.4 

13 36.53 446.69 90.75 4.14 8 6 21.2 5.7 

14 31.07 506.27 106.25 4.38 2 9 16.3 5.6 

15 30.37 406.37 108.25 4.78 3 6 9.9 8.7 

16 31.70 462.91 92.25 4.30 9 4 11.8 7.5 

17 38.03 470.06 105.25 4.54 3 9 16.7 8.4 

18 29.11 444.28 99.75 4.62 7 7 18.9 6.2 

19 39.02 427.96 96.75 6.20 8 6 15.9 7.8 

20 36.87 512.09 109.25 5.11 3 5 14.1 5.9 

21 33.40 384.02 106.75 7.30 4 5 12.6 7.2 

22 38.49 497.07 97.25 3.27 5 4 13.3 7.1 

23 34.75 549.67 92.75 5.50 7 3 20.4 6.9 

24 32.85 398.44 94.75 5.39 5 8 14.8 7.7 

25 33.93 431.03 95.75 4.94 5 2 21.9 7.4 

26 35.60 477.76 95.25 2.27 2 4 8.8 7.6 

27 27.97 529.77 98.25 3.80 4 2 19.7 6.7 

28 35.31 451.38 108.75 5.86 8 8 7.7 7.9 

29 35.90 489.71 102.25 3.39 6 4 21.6 7.0 

30 35.03 458.29 98.75 4.70 4 7 8.4 5.3 

31 37.61 475.11 102.75 3.50 6 8 10.3 5.1 

32 24.16 412.19 104.75 5.73 8 6 18.2 8.5 

33 27.20 480.51 94.25 2.80 5 8 10.7 5.0 

34 33.12 467.64 96.25 5.61 8 9 12.9 8.6 

35 37.23 455.99 99.25 5.02 7 3 15.2 6.8 

36 26.14 433.92 107.25 4.06 6 3 19.3 8.3 

37 34.48 441.82 91.25 5.20 6 3 11.4 6.0 

38 33.67 483.40 103.25 6.73 8 5 12.2 5.5 

39 41.46 439.28 105.75 3.61 3 7 13.7 6.8 

40 32.57 460.59 104.25 1.70 4 3 11.1 8.1 
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the LHS by dividing the CDF of uncertain modelling parameters into equally spaced 

intervals and, then, randomly sampling from each interval. For this study, forty sampled 

analytical bridge models are generated for seismic fragility assessment of highway 

overpasses with pier walls, in southeast Queensland. The generated samples of these 

uncertain parameters are summarised in Table 5.4. 

 

5.4. Seismic Responses of Highway Overpass Components  

5.4.1. Seismic responses of superstructure  

Examples of possible seismic damage to bridge superstructures, observed in the past 

earthquakes, are demonstrated in Figure 5.20. In general, six seismic responses can be 

investigated for bridge decks including the rigid body displacements in the bridge 

longitudinal and transverse directions, in-plane rotation, vertical and transverse flexures, 

and torsional distortion (Kaviani et al., 2014).  

 

   

(a) Longitudinal unseating; 

1999 Duzce, Turkey 

earthquake; sources: (Chen 

& Duan, 2014) 

(b) Transvers unseating; 

2010 Chile earthquake; 

sources: (Yashinsky, 

Oviedo, Ashford, Fargier-

Gabaldon, & Hube, 2010) 

(c) In-plane rotation; 2011 

Christchurch, New 

Zealand earthquake; 

sources: (Wood, Chapman, 

& Prabhaharan, 2012) 

Figure 5.20 Likely seismic damage to highway overpass superstructures 
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Note that, the nonlinear behaviour due to flexure and distortion cannot be captured 

by the linear elastic beam model used to simulate the bridge decks. Nevertheless, these 

nonlinear behaviours are negligible as the seismic vulnerability of bridge decks is 

mainly dominated by the in-plane displacements, as demonstrated in Figure 5.20. For 

the developed highway overpass models, the transient and residual responses of these 

deformations are monitored during the nonlinear time-history analysis (NTHA). 

 

5.4.2. Seismic responses of RC pier wall  

The seismic performance of highway bridge structures is essentially dependent on the 

inelastic capacity of the bridge RC piers. Possible seismic damage to bridge piers, 

observed in past earthquakes, is demonstrated in Figure 5.21. Spalling of the cover 

concrete, as shown in Figure 5.21a, is the most likely damage to bridge RC piers. 

However, the determinative seismic responses of the bridge piers are the excessive 

flexural deformations (Figure 5.21b) and base shear forces (Figure 5.21c). 

 

   
(a) Pier concrete spalling; 

2011 Christchurch, New 

Zealand earthquake; 

sources: (Wood et al., 

2012) 

(b) Flexural damage to  

pier wall; 2010 Chile 

earthquake; sources: 

(Yashinsky et al., 2010) 

(c) Pier columns shear 

failure; 2010 Chile 

earthquake; sources: 

(Yashinsky et al., 2010) 

Figure 5.21 Possible damage to highway bridge RC piers  
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5.4.2.1. Flexural responses 

To investigate the flexural performance of the bridge pier wall, nonlinear static 

pushover (SPO) analysis is performed in both the in-plane and out-of-plane directions of 

the pier wall. To perform SPO analysis, an individual pier wall, as developed in Section 

5.3.2, is subjected to the increasing monotonic loads in the abovementioned directions. 

The results of this SPO analysis is presented in Figure 5.22, where the onsets of yield, 

peak and ultimate capacities are marked on the SPO curves. To clarify, the yield points 

correspond to the yielding of the most outer longitudinal reinforcing bars of the RC pier 

wall. It should be noted that this point is identified through visual inspection of the SPO 

curve to find the load step corresponding to the yielding of reinforcing bars. Also, the 

peak point is simply referred to as the maximum base shear capacity. Finally, the 

ultimate point is set to a 20% drop in the load bearing capacity of the pier walls (i.e. 

80% of the peak point) on the SPO curve, as suggested by Abo-Shadi et al. (2000).  

 

  

(a) Out-of-plane flexure (b) In-plane flexure 

Figure 5.22 Flexural responses of bridge pier wall subjected to the SPO analysis 
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For this study, displacement ductility is defined as the transient drift divided by the 

yield value. Therefore, the yield drift ratios (i.e. 0.43% and 0.13%, for the pier wall’s 

out-of-plane and in-plane directions, respectively) represent ductility levels equal to 

unity. Also, the ductility values corresponding to the peak points are 3.3 and 2.1 for the 

out-of-plane and in-plane directions, respectively. As recognised from Figure 5.22a, the 

pier wall is more ductile in the out-of-plane direction, up to the peak point, which is due 

to the slenderness of the RC wall. However, the trend observation of the SPO curves in 

Figure 5.22b indicates that the RC pier wall shows a larger ductility in the in-plane 

direction after reaching the peak value towards the ultimate point. The ultimate ductility 

in the out-of-plane and in-plane directions is 4.5 and 6.7, respectively. The importance 

of this observation is that seismic responses of the pier wall in a single direction cannot 

be dominant and both directions must be considered. As such, for the developed bridge 

models in this study, the flexural behaviour of the bridge pier walls is tracked through 

monitoring the transient drift responses of walls in both the in-plane and out-of-plane 

directions.   

 

5.4.2.2. Shear responses 

Seismic responses of short RC bridge piers with low aspect ratio (i.e. pier’s height 

divided by its depth) is mainly dominated by their shear behaviour rather than flexure 

(e.g. see Figure 5.21c). The shear failure of the developed pier wall models in the in-

plane direction seems to be unlikely due to the high shear resistance in this direction. 

However, in the out-of-plane direction, shear failure may occur in the RC pier walls due 

to the poor lateral reinforcement. Figure 5.23 shows five possible shear behaviours for 
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RC columns, as proposed by Seltzer and Sezen (2008). The Vn, Vy and Vp, shown in 

Figure 5.23, are the lateral forces corresponding to the shear, yield and flexural peak 

strengths of a RC columns, respectively. In this figure, Cat. I represents the behaviour of 

a RC column which fails in shear while the flexural behaviour remains linear (i.e. Vy > 

Vn). Cat. II columns also fail in shear while demonstrating some inelastic flexural 

deformations (i.e. Vy ≤ Vn < 0.95 Vp). For Cat. III, the shear and flexural strengths are 

equivalent as both fails concurrently (i.e. 0.95 Vp ≤ Vn ≤ 1.05 Vp). Cat. IV contributes to 

columns with large shear strength which fail in flexure (i.e. 1.05 Vp ≤ Vn ≤ 1.4 Vp) and 

the shear failure may only occur at high ductility levels. Finally, for columns in Cat. V, 

the shear strength is very large (i.e. Vn > 1.4 Vp) in which the column fails in flexure 

whereas the shear behaviour remains elastic. 

 

 

Figure 5.23 Different shear strength categories for RC columns; sources: (Setzler & 

Sezen, 2008) 
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Vy and Vp can be evaluated through a moment-curvature  analysis over the column 

section and Vn is obtained from the following equation 

𝑉𝑛 = 𝑘

[
 
 
 
 

(

 
 0.5  √�́�𝑐

𝑎/𝑑 √
1 +

𝑃

0.5  √�́�𝑐   𝐴𝑔
)

 
 

0.8 𝐴𝑔 +
𝐴𝑠𝑣 𝑓𝑦𝑣 𝑑

𝑠

]
 
 
 
 

  (5.16) 

where Ag and Asv are the gross and stirrups cross sectional areas (mm2), respectively; f ́c 

and fyv are the yield stresses (MPa) of concrete and lateral reinforcing steel (stirrups), 

respectively; s is the stirrup spacing (mm); d is the effective depth of the cross section 

(mm); a/d is the aspect ratio of the column; P is the gravity load (kN); and k is a factor 

related to the displacement ductility defined as the ratio of the maximum displacement 

to the yield displacement (Sezen & Moehle, 2004). k is unity for displacement ductility 

less than 2, it is k = 0.7 for displacement ductility greater than 6, and it varies linearly 

between these displacement ductility levels (Setzler & Sezen, 2008).  

To identify the shear behaviour of the bridge pier wall developed in this study (see 

Section 5.3.2), Vy and Vp are evaluated through performing a moment-curvature 

analysis for the RC wall section, shown in Figure 5.17b, and Vn is calculated for this 

section using Eq. (5.16). The results of this analysis are illustrated in Figure 5.24 to 

identify the shear behaviour of the utilised RC pier. As seen in Figure 5.24a, the shear 

strength in the pier’s in-plane direction is very large in which the shear strength 

indicates Cat. V column and, thus, shear failure is unlikely. In the out-of-plane direction 

(Figure 5.24b), the estimated shear values are Vn = 406kN, Vy = 258kN and Vp 308kN, 

which indicate the Cat. IV shear behaviour in this direction. As such it seems that shear 

failure is not probable for the RC pier walls in use. 
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(a) In-plane direction (b) Out-of-plane direction 

Figure 5.24 Moment-curvature analysis and shear strength of the bridge RC pier wall 

 

However, it is important to note that the shear strength degrades whilst the ductility 

increases. According to Seltzer and Sezen (2008), shear failure may even occur for the 

RC columns in Cat. IV once the flexural strength is reached. Consequently, in this 

study, the out-of-plane base shear of RC pier walls is monitored through the NTHA of 

the developed bridge models, to identify possible shear failures.  

 

5.4.3. Seismic responses of abutment  

Inspection of damaged highway bridges in previous earthquakes showed that the bridge 

abutments are highly susceptible to seismic damage. Figure 5.25 demonstrates possible 

seismic damage to bridge abutments observed in the past seismic events. This includes 

abutment shear key failure due to excessive lateral movement of bridge decks (see 

Figure 5.25a), lateral spreading in the bridge longitudinal-active direction (i.e. pulling 

the earth; see Figure 5.25b), and rotation and/or settlement of the abutment due to large 
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deformations in the longitudinal-passive direction (i.e. pushing the earth; see Figure 

5.25c). 

 

   

(a) Shear key failure; 2010 

Chile earthquake; sources: 

(Yashinsky et al., 2010) 

(b) Lateral spreading; 

2011 Christchurch, New 

Zealand earthquake; 

sources: (Wood et al., 

2012) 

(c) Settlement and rotation; 

2011 Christchurch, New 

Zealand earthquake; sources: 

(Wood et al., 2012) 

Figure 5.25 Likely seismic damage to highway bridge abutments 

 

The load-displacement behaviour of the analytical model developed and utilised for 

the highway bridge abutments (see Section 5.3.2) subjected to cyclic loads is illustrated 

in Figure 5.26. In the bridge transverse direction (see Figure 5.26a), the behaviour of 

this model is identical in the positive and negative directions. The yield displacement 

capacity (green circle) is 25.4mm, and the ultimate displacement capacity (red square) is 

64mm which corresponds to the perfectly-plastic behaviour. In the longitudinal-active 

direction (i.e. positive direction; see Figure 5.26b), the abutment behaviour is similar to 

the transverse direction. However, the stiffness in this direction is slightly less than that 

in the transverse direction due to absence of abutment piles. In the longitudinal-passive 

direction (i.e. negative direction; see Figure 5.26b), the initial stiffness of the abutment 

is larger than the other directions due to the passive resistance of abutment back wall. 
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The yield displacement in this direction is 38.6mm and the ultimate displacement is 

64mm. In order to monitor the seismic responses of abutments, the load-displacement 

responses corresponding to these analytical models are recorded during NTHA. 

 

  

(a) Transverse direction (b) Longitudinal direction 

Figure 5.26 Load-displacement behaviour of the developed analytical model for bridge 

abutment subjected to cyclic loads 

 

5.4.4. Seismic responses of bearing and expansion joint 

Expansion joints and bearings are recognised as the most vulnerable components of 

multi-span simply-supported highway overpasses in response to seismic loads (Nielson 

& DesRoches, 2007). Figure 5.27 demonstrates likely seismic damage to bridge 

expansion joint and bearing, observed in previous seismic events. Excessive 

displacements in these bridge components may lead to sliding, impacting, concrete 

spalling, and unseating of bridge decks. 
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(a) Bearing displacement, 2011 

Christchurch, New Zealand earthquake; 

sources: (Wood et al., 2012) 

(b) Closure of expansion joint, 2011 

Christchurch, New Zealand 

earthquake; sources: (Wood et al., 

2012) 

Figure 5.27 Likely seismic damage to bearing and expansion joint of highway bridges 

 

The aggregated load-displacement behaviour of the analytical models utilised for the 

bridge bearings, consisting an elastomeric pad combined with two steel dowels, and the 

expansion joints are shown in Figure 5.28. As seen in Figures 5.28a and 5.28b, the 

hysteretic responses of the steel dowels (i.e. the pulse-like load cycles) are terminated 

once the dowels are completely degraded. For the fixed bearing (see Figure 5.28a), this 

happens at a displacement of 5.6mm, prior to reaching the total deformation capacity of 

the elastomeric pads. The yield displacement of the elastomeric pad is 13mm. Due to 

the presence of a 25.4mm initial gap, the dowels’ hysteretic behaviour in the expansion 

bearings is participated once the total deformation capacity of the pad is reached (see 

Figure 5.28b). As such, the steel dowels in the expansion bearing show a higher loading 

capacity than the fixed bearing. The maximum displacement corresponding to the 

termination of the hysteretic responses of the steel dowels in the expansion bearing is 

31mm.  
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(a) Fixed bearing (b) Expansion bearing 

 

(c) Expansion joint 

Figure 5.28 Load-displacement responses of the analytical models developed for bearings 

and expansion joint in the longitudinal direction of highway overpasses 

 

In the transverse direction, the behaviour of the analytical models of both the fixed 

and expansion bearings is identical to behaviour of the fixed bearing in the longitudinal 

direction (Figure 5.28a). The load-displacement behaviour of the analytical model 

utilised for the expansion joints is also shown in Figure 5.28c, which demonstrates 

severe hardening after the closure of expansion joint gaps. 
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5.4.5. Modal responses 

To investigate the dynamic behaviour of the developed highway overpass models at 

their entirety, modal analyses are performed for the seed bridge models (i.e. models A, 

B and C in Section 5.3.2). The numerical results of these analyses are summarised in 

Table 5.5. In order to comprehend the dominant modal behaviours, the sequence of the 

modal shapes and values are presented for each bridge model, in this table, up until the 

occurrence of the first longitudinal, vertical and transverse mode shapes. 

 

Table 5.5 Modal analysis results of the seed analytical bridge models 

No. of 

Mode 

Model A Model B Model C 

Period (s) Mode shape Period (s) Mode shape Period (s) Mode shape 

1st 0.4406 Longitudinal 0.6080 Longitudinal 0.7381 Longitudinal 

2nd 0.4075 Vertical 0.4077 Vertical 0.4078 Vertical 

3rd 0.4072 Vertical 0.4076 Vertical 0.4077 Vertical 

4th 0.3047 Transverse 0.4074 Vertical 0.4076 Vertical 

5th 0.1632 Transverse 0.4072 Vertical 0.4075 Vertical 

6th 0.1531 Vertical 0.4071 Vertical 0.4074 Vertical 

7th 0.1529 Vertical 0.1726 Transverse 0.4073 Vertical 

8th 0.0960 Vertical 0.1582 Transverse 0.4072 Vertical 

9th Inf N/A 0.1532 Vertical 0.4072 Vertical 

10th Inf N/A 0.1531 Vertical 0.4071 Vertical 

11th Inf N/A 0.1530 Vertical 0.1660 Transverse 

Dominant 

period 

T* = T1 = 0.4406 (s) T* = T1 = 0.6080 (s) T* = T1 = 0.7381 (s) 

Te
* = 0.5663 (s) Te

* = 1.1257 (s) Te
* = 1.6711 (s) 

 

As seen, the first and second mode shapes of the seed bridge models are a 

longitudinal and a vertical mode, respectively. An important observation regarding the 

longitudinal modal period value is that the growth in the number of bridge spans 

increases this quantity. Also, the dominancy of the longitudinal mode shape seems to be 

amplified, in this way, since the period of the second vertical mode remains constant 
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with the growth in the number of bridge spans. Consequently, it reveals that the seismic 

behaviour of highway overpasses with pier walls is dominated by their longitudinal 

seismic responses. As such, the elastic period of the mode of interest, T*, is taken as the 

period value of the first longitudinal mode, T1. The dominant vertical mode (i.e. 2nd 

mode) shapes and values are insensitive to the number of bridge spans indicating that 

this mode is only influenced by the characteristics and configuration of decks. However, 

the transverse mode of the highway bridges with pier walls seems also to be influenced 

by the number of bridge spans. In this regard, a transverse mode shape appears later for 

bridges with more spans, in the sequence of considered mode shapes in Table 5.5. In 

addition, the period value of the transverse mode is slightly decreasing with the growth 

in the number of bridge spans. Using the values of various identified mode shapes, the 

elongated modal period, Te
*, can be evaluated for the seed bridge model by Eq. (4.5). 

The dominant longitudinal, vertical and transverse modes of the analytical seed bridge 

models are demonstrated through Figures 5.29 to 5.31. 
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(a) First longitudinal mode: 1st mode 

 

(b) First vertical mode: 2nd mode 

 

(c) First transverse mode: 4th mode 

Figure 5.29 Deformed modal shapes of the seed analytical bridge model “A” 
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(a) First longitudinal mode: 1st mode 

 

(b) First vertical mode: 2nd mode 

 

(c) First transverse mode: 7th mode 

Figure 5.30 Deformed modal shapes of the seed analytical bridge model “B” 
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(a) First longitudinal mode: 1st mode  

 

(b) First vertical mode: 2nd mode 

 

(c) First transverse mode: 11th mode 

Figure 5.31 Deformed modal shapes of the seed analytical bridge model “C” 
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5.5. Performance-Based Seismic Assessment of Highway Bridges 

In the performance-based earthquake engineering (PBEE), specific structural 

performance levels are targeted for the seismic design in order to preserve the desired 

performances of structures at given seismic hazard levels (Ghalami Sfahani, Guan, & 

Loo, 2016; Günay & Mosalam, 2013). These structural performance levels are usually 

codified qualitatively for the common types of civil structures and infrastructure. Such 

guidelines have not been established in the Australian seismic codes (AS1170.4, 2007; 

AS5100.2, 2004), yet. Therefore, for the purpose of this study, three bridge performance 

levels are developed based on the available recommendations for seismic performance 

assessment of bridge structures (Aviram et al., 2008; Caltrans, 2013; Cardone et al., 

2011; Choi et al., 2004; DesRoches et al., 2003; Ebrahimian et al., 2015; Kaviani et al., 

2014; Nielson & DesRoches, 2007). 

 

5.5.1. Bridge performance levels 

In the PBEE, the structural performance levels are represented by specifying structural 

damage measures to each level. The threshold values of these specified damage 

measures are technically known as the limit-states (LS), which the seismic fragility is 

defined as the probability of meeting or exceeding such LSs. In this regard, one 

significant task is nomination of quantitative and definite LS values for seismic 

responses of different structural components, to represent the qualitative performance 

levels. In this regard, when several successive structural performance levels are taken 

into consideration (e.g. four performance levels recommended by FEMA 356, 2000), 

specifications of these LSs to the intermediate performance levels become more 
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subjective rather than the initial (no damage) and/or the final (fully damaged) 

performance levels. As such, for the purpose of this study, the highway overpass 

performance levels are defined considering only a single intermediate level. Therefore, 

three performance levels are recommended for highway overpasses namely the 

Operational (OPL), Damaged (DPL) and Unstable (UPL) performance levels. These 

bridge performance levels are correspondingly recommended in relation to the 50%, 

10% and 2% probability of occurrence in 50 years seismic hazard levels. Figure 5.32 

demonstrates this relationship and the targeted performance objectives.  
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Figure 5.32 Recommended bridge performance levels and desired objectives 

 

Detailed explanations of these bridge performance levels are summarised in Table 

5.6. For each performance level, the consequences and material behaviours are 

explained and descriptions of the associated LSs are also defined. The OPL denotes 

slight structural damage to the highway bridges in which no or only minor of structural 



Chapter 5 

 

136 
 

repairs will be required. Consequently, while highway overpasses would remain 

functional with no traffic interruption, any demanded rehabilitation operation can be 

performed at a later time after the seismic event. In the DPL, the bridge seismic damage 

ranges from moderate to extensive damage levels but a notable margin would remain 

against the partial and/or global collapse. As a result, essential rehabilitation operations 

and temporary road closures are inevitable in which the downtime may last a few days 

up to some weeks, depending on the required rehabilitation level. 

 

Table 5.6 Descriptions of recommended bridge performance levels and limit-states 

Operational level (OPL) Damaged level (DPL) Unstable level (UPL) 

General explanations and estimated consequences 

Slight structural damage; 

minor or no structural 

repair; no traffic 

interruption; road 

networks remain 

functional 

Moderate to extensive 

structural damage; bridge 

rehabilitation is necessary; 

temporary road closure and 

detours are required 

Total loss of the bridge 

lateral resistance; slight 

margin to absolute 

collapse; substantial 

rehabilitation; long road 

networks blockage 

Bridge components and material behaviour 

Linear behaviour in 

structural and material 

properties; some concrete 

cracking but elastic stress-

strain response of 

reinforcing steel; linear 

contact between structural 

assemblies 

Notable residual 

deformation in bearings; 

propagation of shear and 

flexural cracking leading to 

significant plastic rotation 

of piers; initial lateral 

spreading and shear keys 

failure in abutments 

Initial de-bonding 

between decks and piers 

and/or abutments; 

reinforcement bar 

slipping and piers’ initial 

buckling; shear failure of 

RC piers; rotation and 

settlement of abutments 

Representative LS and seismic capacity 

Maximum friction force 

and/or yield deformation 

in bearings; yield strain in 

bridge piers’ longitudinal 

reinforcement; closure of 

expansion joint gaps; piles 

yield deformation 

 

Displacement capacity of 

bearings; piers’ 50% 

ultimate flexural ductility; 

active displacement 

resistance of abutments 

(pulling action); ultimate 

deformation capacity of 

shear keys 

Initial unseating of  

bridge decks; flexural 

ductility corresponding 

to peak resisting shear 

force; shear resistance of 

RC piers; passive 

displacement resistance 

of abutments (pushing 

action) 
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The UPL contributes to the total loss of the lateral resistance where the highway 

overpass would only continue to support the gravity dead loads. No significant margin 

would remain to prevent failure at this stage and the absolute collapse may occur due to 

aftershocks. Although the bridge may be repairable, the cost of rehabilitation would be 

high. Therefore, long road closures are unavoidable. The indicative bridge component 

responses and material behaviours corresponding to each of these performance levels 

are also presented in Table 5.6.  

 

5.5.2. Limit-states and collapse criteria 

In this study, the components’ LSs for different highway bridge performance levels are 

allocated based on a prescriptive approach. This is an approach where the functional 

level and damage states of a bridge are prescribed based on the physics of the system 

(Nielson & DesRoches, 2007). For this purpose, the component LS values for each 

bridge performance level, described in Table 5.6, are correspondingly specified 

considering the seismic responses of these components discussed in Section 5.4. The 

considered bridge component responses and the assigned LS values are summarised in 

Table 5.7. Note that, these values represent the median of the specified LS values. 

 

Table 5.7 Median values of specified limit-states to different bridge performance levels 

Bridge component response OPL DPL UPL 

Longitudinal displacement ductility of pier walls, pirL 1.0 2.3 3.3 

Longitudinal  deformation of abutments, abtL 25mm 50.1mm -64mm 

Longitudinal deformation in bearings, brgL 29mm 104mm 136mm 

Transverse displacement ductility of pier walls, pirT 1.0 2.1 3.4 

Transverse deformation of abutments, abtT 25mm 50.1mm 61mm 

Transverse deformation in bearings, brgT 29mm 91mm 142mm 
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The LS values assigned for the pier walls seismic responses in the OPL corresponds 

to the pier’s yield displacement ductility in flexure (see Section 5.4.2.1). For the DPL 

and UPL, the allocated LS values are the 50% of ultimate and the peak ductility values, 

respectively. The LSs of the bridge abutments are the yield deformation of abutment 

piles for the OPL, maximum deformation prior to degrading hysteretic responses for the 

DPL and the ultimate deformation capacity in the UPL. The negative value for the 

longitudinal direction indicates the deformation in the passive direction (i.e. pushing the 

earth). For the bridge bearings, the LSs are assigned according to the Bayesian updated 

values suggested for such devices (Nielson, 2005). The uncertainty of these prescriptive 

LS values is accounted for through a subjective manner. For this purpose, it is assumed 

that the component LSs of different bridge models follow a lognormal distribution with 

the median values, summarised in Table 5.7, and a standard deviation. The coefficients 

of variation, COV, for the bridge performance levels OPL, DPL and UPL are assumed 

to be increasing and equal to 0.3, 0.45 and 0.6, respectively. Subsequently, the standard 

deviation of the lognormal distribution is evaluated using the following equation 

(Benjamin & Cornell, 1970) 

𝛽𝐿𝑆 = √𝑙𝑛(1 + 𝐶𝑂𝑉2) (5.17) 

The simple semi-analytical models developed for this study, by the OpenSees 

software, are not capable to simulate every feasible seismic collapse mechanism for 

highway overpasses with pier walls. An example of such mechanism is the sequential 

collapse scenario in the form of domino effect in failure of pier walls as observed in the 

2010 Chile earthquake (Yashinsky et al., 2010). For this study, the collapse criteria are 

defined by upper cut-off bounds for seismic responses, where the utilised bridge models 
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are considered to be invalid beyond that. In response to this, three collapse criteria are 

nominated including decks’ unseating, pier walls’ flexural failure and pier walls’ shear 

failure. The threshold values of these collapse criteria are presented in Table 5.8. 

 

Table 5.8 Collapse criteria for highway overpasses 

Collapse criterion Threshold value 

Deck unseating, in longitudinal direction 387 mm 

Pier wall displacement ductility, in longitudinal direction 4.5 

Pier wall displacement ductility, in transverse direction 6.7 

Pier wall section base shear, in longitudinal direction 310kN 

 

In Table 5.8, decks’ unseating corresponds to the transient displacements of the 

bridge superstructures, in the longitudinal direction, larger than the provided seating 

length. This is simply determined as the available seating length for the deck ends (two 

adjacent decks) on top of the headstock beams. It is to note that the unseating 

displacement is measured as the relative displacement of the superstructure to the 

substructure (i.e. identical to bearings’ deformation). The threshold of the collapse 

criterion for the piers’ displacement ductility is identified based on the results of SPO 

analysis of the bridge pier wall (see Section 5.4.2.1). As such, the ultimate displacement 

ductility (see Figure 5.22) is assumed to correspond to the flexural failure of the pier 

wall. Finally, according to the investigated shear behaviour for the utilised bridge pier 

walls in the out-of-plane direction (see Section 5.4.2.2), the base shear force equivalent 

to the ultimate shear capacity is also nominated as a collapse criterion.  
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5.5.3. Seismic performance assessment at system-level  

To evaluate the seismic fragility of a highway bridge at the system-level, it is essential 

to account for all the key bridge components and possible failure mechanisms. This is 

because neglecting a likely mechanism may lead to the misrepresentation of the system-

level seismic fragility. In this regard, several methods can be found in the literature (see 

Section 2.5.2). The method which is adopted for the highway overpasses in this study is 

the application of the “cut-set” concept. In the context of structural reliability analysis, a 

“cut-set” is defined as any set of structural components which their joint failure implies 

the overall failure of the structural system (Ditlevsen & Madsen, 1996). A “cut-set” is 

normally formulated as the critical seismic demand normalised by the corresponding LS 

value, denoted by YLS, as follows 

𝑌𝐿𝑆 = 𝑚𝑎𝑥𝑖
𝑁𝑚𝑒𝑐ℎ𝑚𝑖𝑛𝑗

𝑁𝑒𝑙𝑒
𝐷𝑗𝑖

𝐶𝑗𝑖(𝐿𝑆)
 (5.18) 

where Nmech is the number of considered potential failure mechanisms, Nele is the 

number of components taking part in the ith failure mechanism and, Dji and Cji (LS) are 

the seismic demand and limit-state capacity, respectively, evaluated for the jth 

component with the ith mechanism. This “cut-set” formulation (Eq. 5.18) is appropriate 

for structures with force-resisting elements working in parallel. For example, for a 

moment resisting frame, the failure of each story is considered as a potential failure 

mechanism and the columns in that story are the participating elements in the failure 

mechanism. As such, the use of Eq. (5.18) implies that at the system-level a building 

performance level is met once all the columns in the softest story exceed the LS 

corresponding to that performance level. To investigate the system-level seismic 
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fragility of multi-span highway bridges, where the force-resisting elements work in 

series, a modified “cut-set” formulation was suggested (Franchin & Pinto, 2009), as 

follows 

𝑌𝐿𝑆 = 𝑚𝑎𝑥𝑖
𝑁𝑚𝑒𝑐ℎ𝑚𝑎𝑥𝑗

𝑁𝑒𝑙𝑒
𝐷𝑗𝑖

𝐶𝑗𝑖(𝐿𝑆)
 (5.19) 

The difference between Eq. (5.18) and Eq. (5.19) lies in that the second function is 

altered from the “min” in Eq. (5.18) to the “max” in Eq. (5.19). Eq. (5.19) indicates that 

the system-level performance of a multi-span highway bridge structure is met once the 

seismic responses of a single bridge component, contributed to any bridge spans, 

exceeds the corresponding LS value of that performance level. One advantage of using 

Eq. (5.19) for seismic fragility assessment is that it simply links the seismic responses 

of bridge components to the system-level performance. The analytical non-collapse 

seismic fragility at the system-level of highway overpasses is evaluated by using Eq. 

(3.9) and substituting EDP with YLS, as follows 

𝐺𝑌𝐿𝑆|𝐼𝑀,𝑁𝐶(1|𝑥) = 𝑃 [𝑌𝐿𝑆 ≥ 1|𝑁𝐶, 𝐼𝑀 = 𝑥] = 𝛷 (
𝑙𝑜𝑔 𝜂𝑌𝐿𝑆|𝐼𝑀=𝑥

𝛽𝑌𝐿𝑆|𝐼𝑀=𝑥
) (5.20) 

Note that, by substituting YLS (i.e. Eq. 5.19) into Eq. (3.9), and using the seismic 

demand and capacity which are normalised by the corresponding LS values, the LS 

value in Eq. (3.9) turns into unity. Consequently, Eq. (3.9) can be simplified in the form 

of Eq. (5.20). 
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5.6. Summary 

In this chapter, a performance-based seismic assessment method was described and 

presented for bridge structures. In particular, a detailed approach was explained for 

modelling of the highway overpass class of bridge structures by using the OpenSees 

analysis software. This approach includes developing either a numerical or an analytical 

model for the individual bridge components. The components considered in the entire 

highway overpass models included the RC pier walls, abutments, piles, footings, 

bearings and expansion joints. For each bridge component, the available modelling 

options and the one being adopted were explained and discussed in details. Specifically, 

a nonlinear layered shell model was described and utilised for simulating the seismic 

behaviour of RC pier walls. The use of this layered shell model allows the precise 

simulation of the pier wall stiffness in the both in-plane and out-of-plane directions.  

A statistical analysis was carried out on the bridge data provided by TMR and the 

common construction and geometrical configurations of highway overpasses existing in 

southeast Queensland were identified. Subsequently, three three-dimensional seed 

bridge models were developed for investigation of different seismic fragility assessment 

methods discussed in Chapter 3. Also, forty highway overpass models were developed 

based on sampling from the uncertain material properties, modelling and geometrical 

parameters. These forty bridge models are treated as the representative highway 

overpasses with pier walls existing in the southeast Queensland which are utilised to 

develop analytical seismic fragility curves. 

A numerical study was carried out to investigate the seismic behaviour and 

performance of the highway bridge components. In particular, SPO and moment-
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curvature analyses were performed to identify the flexural and shear behaviour of the 

RC pier walls, respectively. For the other bridge components, a numerical cyclic load-

displacement test was performed to investigate their seismic behaviours. In addition, a 

modal analysis was also accomplished to identify the overall dynamic behaviour of the 

developed bridge models, dominant mode shapes and modal periods.  

In this study, three performance levels were recommended for highway overpasses 

and are considered for the seismic fragility assessment. Detailed explanations, including 

the general consequences after the seismic event, material properties and components 

seismic responses, and examples of the associated LSs were described for each of these 

performance levels. In addition, prescriptive LS values and collapse criteria were 

nominated to facilitate the seismic fragility assessment. A system-level reliability 

analysis method was also described which is used for seismic fragility assessment of 

highway overpass systems at their entirety. 

The bridge models developed in this chapter are used for NTHA along with the 

ground motion records selected in Chapter 4. The numerical results are then utilised for 

seismic fragility assessment using the methods described in Chapter 3. Detailed results 

of these analyses are presented in Chapter 6.  
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Chapter 6          

 

Seismic Fragility Assessment of 

Highway Overpasses 

 

6.1. General Remarks 

To deal with complex structural dynamics problems to which an analytical solution is 

unavailable or a manual calculation is impossible, numerical methods can be an 

effective alternative. In this regard, the nonlinear time-history analysis (NTHA) is such 

an alternative for evaluating the transient dynamic structural responses under time-

dependent loads. In this study, NTHA is utilised to investigate the seismic responses 

and dynamic behaviour of highway overpasses. To this end, a total of 14000 NTHA are 

performed on the analytical bridge models developed in Chapter 5, using the three-

component ground motion records (GMR) selected in Chapter 4.  

To numerically evaluate the different fragility assessment methods investigated in 

Chapter 3, twelve different cases are studied considering the three seed bridge models 

developed in Chapter 5 paired with the four GMR suites selected in Chapter 4. For each 
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case, the original Cloud analysis (OCA) is first performed to evaluate the parameters of 

fragility function (see Section 3.3). Then, these parameters are utilised to scale the 

GMRs, through the developed stripe, transition, mapping and sorting scaling approaches 

(see Section 3.4.2), for performing scaled Cloud analysis (SCA). Subsequently, the 

proposed extended Cloud analysis (ECA) method for seismic fragility assessment (see 

Section 3.4.3) is performed by using the SCA data in combination with the OCA data. 

To verify the OCA, SCA and ECA methods, the incremental dynamic analysis (IDA) 

method is also performed (see Section 3.2) as the most rigorous method for 

benchmarking the seismic fragility results. To this end, NTHA is performed for the seed 

bridge models at fifteen intensity measures (IM) (i.e. 0.1, 0.2, 0.3, 0.4, 0.5, 0.6, 0.7, 0.8, 

0.9, 1.0, 1.1, 1.3, 1.5, 1.75, 2.0g) of each GMR.  

To assess the seismic vulnerability of highway overpasses ubiquitous in southeast 

Queensland, a fragility study is performed based on the ECA method. This study is 

carried out using the forty analytical bridge models sampled in Chapter 5 and the total 

of one hundred GMRs selected in Chapter 4 (suites #1 to #4). As such, representative 

analytical fragility curves are generated for the three non-collapse bridge performance 

levels (i.e. operational, OPL, damaged, DPL, and unstable performance level, UPL; see 

Section 5.5) and the absolute collapse state of the highway overpasses existing in 

southeast Queensland. The representative numerical fragility results evaluated for the 

bridge system-level are validated with the analytical and the empirical bridge fragility 

results published in the literature. 
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6.2. Examination of OCA Data for Seismic Fragility Assessment  

6.2.1. Evaluation of the distribution of collapse IM levels 

The number of identified collapse cases by the OCA is summarised in Table 6.1, for 

different combinations of the seed bridge models and GMR suites. As seen, a higher 

number of collapse cases occurs when using suite #4. This observation is not surprising 

given the intensive pulse-like time-history and destructiveness of the GMRs in this 

suite. On the other hand, no collapse case is identified when suite #3 is applied, which 

indicates this suite contains the weakest selected GMRs. Note that the seed bridge 

models A, B and C were developed by 2, 5 and 9 deck spans, respectively. Comparison 

of these models reveals that highway bridges with more spans (i.e. higher modal period 

values; see Table 5.5) are more susceptible to seismic failure. To further investigate the 

adequacy of OCA in evaluating the collapse probability, PC|IM, the collapse fragility 

curves are generated using the logistic regression, for the twelve different combinations 

presented in Table 6.1. A number of these curves are shown in Figure 6.1. The 

distribution of collapse IM levels, IMC, and the complementary illustrations of these 

collapse fragility curves are presented in Appendix B, through Figures B.1 to B.12. The 

curves generated for the GMR suite #3 (red dotted line) may overlap with those 

generated for other suites. 

 

Table 6.1 Number of identified collapse cases based on OCA  

Suite Model A Model B Model C 

#1 0 1 1 

#2 1 3 4 

#3 0 0 0 

#4 6 8 8 
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(a) Model A, IM = PGA (b) Model A, IM = Sae 

  

(c) Model B, IM = PGA (d) Model B, IM = Sae 

  

(e) Model C, IM = PGA (f) Model C, IM = Sae 

Figure 6.1 Collapse fragility curves for the seed bridge models based on the OCA  
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Note that a practical IM displays higher seismic fragility (see Section 2.4.1). In 

Figures B.1 to B.12, the upper bound on the IM axis is limited to the maximum IM 

values in the corresponding GMR suite, so that, the evaluated collapse fragility can be 

compared for the nominated IMs over the ranges of interest. Based on comparison of 

different nominated IMs in these figures, it appears that the spectral acceleration at the 

elongated period (Sae) displays a higher collapse probability. On the other hand, it is 

also significant to consider the importance of different IMs in achieving stable logistic 

regressions for generating collapse fragility curves (see Section 3.4.1). An example of 

such a stable curve is the collapse fragility curve generated for GMR suite #4 shown in 

Figure 6.1a (magenta dash-dot line). In this regard, investigation of Figures B.1 to B.12 

shows that the use of peak ground acceleration (PGA) results in a greater number of 

stable collapse fragility curves than the other nominated IMs. As such, both Sae and 

PGA are adopted to reproduce the collapse fragility curves generated based on OCA, as 

illustrated in Figure 6.1. It should be noted that even the use of Sae or PGA, as seen in 

this figure, cannot guarantee generating a stable collapse fragility curve by the OCA 

data. 

 

6.2.2. Optimal choice of IM  

The probability distribution parameters of non-collapse cases (i.e. median fit, ηEDP|IM, 

and standard deviation, βEDP|IM) are determined based on OCA data and summarised in 

Appendix B, through Tables B.1 to B.24, considering different nominated IMs and 

engineering demand parameters (EDP). The matrix of correlation of different EDPs is 

also evaluated and summarised in these tables. These EDPs include the longitudinal 
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responses of bridge pier walls, pirL, bearings, brgL, and abutments, abtL, as well as the 

transverse responses of these bridge components (i.e. pirT, brgT and abtT, respectively).  

To identify the optimal choice of IM, an IM is considered to be more efficient if it 

yields lower βEDP|IM values. In addition, a more practical IM results in higher values of 

the regression parameter “b” (i.e. slope of ηEDP|IM line in logarithmic scale, see Eq. 

3.11). These parameters can be compared for the nominated IMs and EDPs through the 

bar graphs shown in Figures 6.2 and 6.3. In terms of efficiency, Figure 6.2 demonstrates 

that Sae and PGA produce lower βEDP|IM values and, thus, are more efficient than the 

peak ground velocity (PGV) and the spectral acceleration at the elastic period (Sa). In 

particular, it appears that Sae is more efficient when the longitudinal responses of the 

bridge components are investigated. This trend can similarly be observed for the 

practicality of Sae, through comparison of the bar graphs presented for the parameter 

“b” in Figure 6.3. Note that the higher practicality of Sae has also been affirmed based 

on displaying higher PC|IM (see Section 6.2.1). The significance of this observation for 

Sae is the confirmation of the importance of period elongation for highway overpasses 

with RC pier walls. On the other hand, taking the transverse responses of the bridge 

components into consideration, PGA seems to be slightly more efficient and practical 

than the Sae. In addition, PGA is more hazard-compatible (Giovenale, Cornell, & 

Esteva, 2004) since the current seismic maps and curves in the Australian hazard 

catalogue (Leonard, Burbidge, & Edwards, 2013) are only available in terms of PGA 

and some discrete Sa values. Therefore, finding an exclusive IM being practical and 

efficient considering all different EDPs under investigation appears to be unlikely and, 

thus, both the Sae and PGA are considered for further investigations and seismic 

fragility assessment in this study. 
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(a) Model A, GMR suite #1 (b) Model A, GMR suite #2 

  

(c) Model B, GMR suite #1 (d) Model B, GMR suite #2 

  

(e) Model C, GMR suite #1 (f) Model C, GMR Suite #2 

Figure 6.2 Standard deviation of regression, βEDP|IM, using the non-collapse OCA data 

for the seed bridge models 
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(g) Model A, GMR suite #3 (h) Model A, GMR suite #4 

  

(i) Model B, GMR suite #3 (j) Model B, GMR suite #4 

  

(k) Model C, GMR suite #3 (l) Model C, GMR suite #4 

Figure 6.2 Standard deviation of regression, βEDP|IM, using the non-collapse OCA data 

for the seed bridge models (cont’d) 
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(a) Model A, GMR suite #1 (b) Model A, GMR suite #2 

  

(c) Model B, GMR suite #1 (d) Model B, GMR suite #2 

  

(e) Model C, GMR suite #1 (f) Model C, GMR suite #2 

Figure 6.3 Regression parameter “b” based on the non-collapse OCA data for the 

seed bridge models 
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(g) Model A, GMR suite #3 (h) Model A, GMR suite #4 

  

(i) Model B, GMR suite #3 (j) Model B, GMR suite #4 

  

(k) Model C, GMR suite #3 (l) Model C, GMR suite #4 

Figure 6.3 Regression parameter “b” based on the non-collapse OCA data for the 

seed bridge models (cont’d) 
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6.2.3. Scattered non-collapse data points and evaluated GMR scaling factors 

To assess the adequacy of the distribution of non-collapse cases evaluated by OCA, the 

scattered IM-EDP data points (red circle marks) around the median fit line (blue solid 

line) are illustrated in Figure 6.4, in the logarithmic space. For this purpose, the focus is 

placed on the Sae and pirL as the choices of optimal IM and critical EDP, respectively. 

The adoption of pirL is because bridge piers are considered to be the main source of 

nonlinearity during strong seismic actions and the stability of highway bridges critically 

depends on their RC piers performance. The LS line (green dotted line) shown in Figure 

6.4 indicates a displacement ductility level equal to unity (i.e. pirL = 1.0), which 

corresponds to the yielding of the most outer longitudinal reinforcement bar in the RC 

pier walls. This line separates the non-collapse linear seismic responses (i.e. pirL < 1.0) 

from the nonlinear ones (i.e. pirL > 1.0). The SaeLS line (orange dashed line) illustrated in 

Figure 6.4 represents the median Sae level, at the intersection of the median fit and LS 

lines. The SaeLS values are determined based on the pirL responses for the twelve 

different combinations of seed bridge models and GMR suites, and are summarised in 

Table 6.2. The quality of the illustrated Clouds of IM-EDP data points in  

 

Table 6.2 Median Sae values calculated based on the pirL responses using OCA data for 

the seed bridge models 

GMR 

suite 
Model A Model B Model C 

#1 0.471 g 0.194 g 0.101 g 

#2 0.273 g 0.144 g 0.099 g 

#3 0.576 g 0.187 g 0.112 g 

#4 0.298 g 0.142 g 0.118 g 
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(a) Model A, GMR suite #1 (b) Model A, GMR suite #2 

  

(c) Model B, GMR suite #1 (d) Model B, GMR suite #2 

  

(e) Model C, GMR suite #1 (f) Model C, GMR suite #2 

Figure 6.4 Distribution of the Sae-pirL OCA data in the neighbourhood of the median fit 

and LS lines for the seed bridge models 



Chapter 6 

 

156 
 

  

(g) Model A, GMR suite #3 (h) Model A, GMR suite #4 

  

(i) Model B, GMR suite #3 (j) Model B, GMR suite #4 

  

(k) Model C, GMR suite #3 (l) Model C, GMR suite #4 

Figure 6.4 Distribution of the Sae-pirL OCA data in the neighbourhood of the median fit 

and LS lines for the seed bridge models (cont’d) 
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Figure 6.4, for seismic fragility assessment, can be visually determined based on the 

adequacy of distribution of these data points with respect to the median fit, LS and SaeLS 

lines. This can be characterised based on the achieved balance between the linear and 

nonlinear data points, dispersion of the data points from the median fit, and coverage of 

the IM range of interest by these data points.  

In Figure 6.4, the Clouds of IM-EDP data points obtained using GMR suite #1 (see 

Figures 6.4a, 6.4c and 6.4e) show an approximate balance between the number of linear 

and non-linear seismic responses. However, this data produces large dispersions from 

the median fit (see Figures 6.2a, 6.2c and 6.2e for the corresponding βEDP|IM values). 

The data points obtained using GMR suite #2 also provide a sufficient balance between 

the linear and nonlinear responses (see Figures 6.4b, 6.4d and 6.4f). In addition, due to 

the specific record selection criteria utilised for this suite, the lowest dispersion appears 

to be achieved by GMR suite #2. However, the range of covered IMs by this suite is too 

narrow compared to other GMR suites. In contrast to the GMR suites #1 and #2, the 

balance between the linear and nonlinear seismic responses is lacking for the Clouds of 

IM-EDP data points obtained by suites #3 and #4. The majority of the non-collapse data 

points obtained using GMR suite #3 are linear (see Figures 6.4g, 6.4i and 6.4k) and no 

collapse cases are identified by this suite (see Table 6.1), indicating that it contains the 

weakest selected GMRs. On the other hand, only a few linear seismic responses are 

identified using GMR suite #4 and the majority of obtained IM-EDP data points are 

either in the nonlinear region (see Figures 6.4h, 6.4j and 6.4l) or a collapse case (see 

Table 6.1). This demonstrates that suite #4 contains the strongest selected GMRs.  
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In view of the abovementioned descriptions, it becomes evident that the use of OCA 

data can be insufficient for seismic performance assessment of highway overpasses. 

Note that the investigated insufficiencies correspond to the performance level at the 

threshold of structural nonlinearity and, thus, such insufficiencies would become more 

evident once a structural performance level with higher nonlinearity is investigated. In 

addition, the sufficiency of OCA data for evaluation of the probability distribution of 

collapse cases (see Section 6.2.1) has also been recognised to be inadequate. To 

overcome these limitations of the OCA method, the proposed ECA method is utilised 

herein for seismic fragility assessment. To this end, SCA is carried out by the proposed 

stripe, transition, mapping and sorting GMR scaling approaches. The scaling factors 

evaluated based on these approaches (see Section 3.4.2) and using the median Sae 

values are summarised in Table 6.2. The evaluated scaling factors for the utilised GMRs 

are summarised in Tables A.5 to A.8, Appendix A.  

 

6.3. Seismic Fragility Assessment based on ECA 

6.3.1. Estimation of collapse probability  

The number of collapse cases identified by SCA, using the stripe, transition, mapping 

and sorting scaling approaches, are summarised in Table 6.3. Compared to the collapse 

cases identified by OCA (see Table 6.1), it appears that SCA moderates the balance 

between the number of collapse and non-collapse cases. This can be confirmed 

considering the average growth in the number of identified collapse cases using the 

GMR suites #1, #2 and #3 and the reduction of this number using suite #4. Note that 

transition, mapping and sorting SCA data can separately be utilised to generate collapse 
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fragility curves through the logistic regression. Such curves are shown in Figure 6.5. 

The stripe scaling approach is excluded from this figure since all the GMRs utilised by 

this approach have an identical IM level which prevents performing logistic regression 

analysis. The SCA collapse fragility curves generated using the nominated IMs are 

illustrated through Figures C.1 to C.12, in Appendix C. Visual examination of these 

fragility curves shows that the use of Sae facilitates stable logistic regressions as a 

greater number of stable curves can be achieved. As such, only the fragility curves 

generated by IM = Sae are reproduced in Figure 6.5. As seen, compared to only five 

stable fragility curves obtained using the OCA data (see Figures 6.1b, 6.1d and 6.1f), 

two, four and nine stable curves are achieved using the mapping (blue dashed line; 

Figures 6.5d and 6.5i), sorting (red dotted line; Figures 6.5b, 6.5d, 6.5h and 6.5i) and 

transition (green solid lines; Figures 6.5a, 6.5b, 6.5d, 6.5f, 6.5h, 6.5i, 6.5j, 6.5k and 6.5l) 

SCA data, respectively. This reveals that the transition scaling approach is more useful 

for collapse fragility assessment by the SCA. However, as seen in Figures 6.5c and 6.5e, 

even the use of transition SCA data and Sae would not guarantee achieving a stable 

collapse fragility curve through the logistic regression. As such, the ECA is developed 

in this study by combining the SCA data with the OCA data. 

 

Table 6.3 Number of identified collapse cases based on SCA  

GMR 

suite 

Scaling approach 

Stripe Transition Mapping Sorting 

    Seed bridge model     

A B C A B C A B C A B C 

#1 3 3 4 3 1 2 3 3 3 2 4 5 

#2 6 4 3 7 5 3 0 4 7 1 5 5 

#3 7 3 7 4 3 5 1 1 1 1 1 4 

#4 6 6 6 4 5 5 5 5 3 1 1 1 
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(a) Model A, GMR suite #1 (b) Model A, GMR suite #2 

  

(c) Model B, GMR suite #1 (d) Model B, GMR suite #2 

  

(e) Model C, GMR suite #1 (f) Model C, GMR suite #2 

Figure 6.5 Collapse fragility curves based on the SCA for the seed bridge models 
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(g) Model A, GMR suite #3 (h) Model A, GMR suite #4 

  

(i) Model B, GMR suite #3 (j) Model B, GMR suite #4 

  

(k) Model C, GMR suite #3 (l) Model C, GMR suite #4 

Figure 6.5 Collapse fragility curves based on the SCA for the seed bridge models 

(cont’d) 
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The paired SCA-OCA data are categorised, for performing ECA, and summarised in 

Table 6.4. Note that, Cat. I contains non-collapse cases (IM-EDP)NC paired with the 

collapse ones (IM-EDP)C; Cat. II contains the pairs of non-collapse cases (IM-EDP)NC; 

and Cat. III contains the pairs of collapse cases (IM-EDP)C. This combined dataset can 

be used to evaluate the cumulative distribution function (CDF) of IMC levels of the 

utilised GMRs, consistent with the procedure specified for the ECA method (see 

Section 3.4.3). The ECA collapse fragility curves are then generated through curve 

fitting by the maximum likelihood (MLE) method (Baker, 2015), to fit a curve to this 

CDF. Figure 6.6 illustrates the ECA collapse fragility curves generated by using 

different SCA data. In this Figure, the collapse fragility curves generated by IDA, as the 

most rigorous method, are also demonstrated for benchmarking different ECA fragility 

curves. The closest match with the IDA indicates the best estimate by the ECA.  

 

Table 6.4 Number of paired SCA-OCA data in each category considering different 

GMR scaling approaches 

GMR 

suite 

Type of 

seismic 

data 

Scaling approach 

Stripe Transition Mapping Sorting 

    Seed bridge model     

A B C A B C A B C A B C 

#1 

Cat. I 3 2 3 3 0 1 3 2 2 2 3 4 

Cat. II 17 17 16 17 19 18 17 17 17 18 16 15 

Cat. III 0 1 1 0 1 1 0 1 1 0 1 1 

#2 

Cat. I 5 1 1 6 2 1 1 3 3 0 4 3 

Cat. II 24 26 26 23 25 26 29 25 23 29 26 26 

Cat. III 1 3 3 1 3 3 0 2 4 1 2 3 

#3 

Cat. I 7 3 7 4 3 5 1 1 1 1 1 4 

Cat. II 23 27 23 26 27 25 29 29 29 29 29 26 

Cat. III 0 0 0 0 0 0 0 0 0 0 0 0 

#4 

Cat. I 6 4 6 2 3 3 3 4 5 5 7 7 

Cat. II 11 11 10 14 12 12 13 12 12 16 12 12 

Cat. III 3 5 4 4 5 5 4 4 3 1 1 1 
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(a) Model A, GMR suite #1 (b) Model A, GMR suite #2 

  

(c) Model B, GMR suite #1 (d) Model B, GMR suite #2 

  

(e) Model C, GMR suite #1 (f) Model C, GMR suite #2 

Figure 6.6 Collapse fragility curves for the seed bridge models based on ECA  
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(g) Model A, GMR suite #3 (h) Model A, GMR suite #4 

  

(i) Model B, GMR suite #3 (j) Model B, GMR suite #4 

  

(k) Model C, GMR suite #3 (l) Model C, GMR suite #4 

Figure 6.6 Collapse fragility curves for the seed bridge models based on ECA (cont’d) 
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The complementary ECA collapse fragility curves are generated by different 

nominated IMs and illustrated through Figures C.13 to C.24, in Appendix C. Visual 

inspection of these curves shows that the use of Sae reduces the discrepancy between the 

ECA and IDA collapse fragility curves. Therefore, only the fragility curves generated 

by Sae are reproduced in Figure 6.6. As seen in this figure, the use of the ECA method 

for collapse fragility assessment eliminates the issues pertaining to the unstable logistic 

regression, which was a likely issue in the OCA and SCA methods. Compared to the 

IDA method, it is recognised that the ECA method overestimates the collapse 

probability to some extent. An underlying reason for this observation is the larger 

amount of Cat. II data in the combined ECA dataset (see Table 6.4). Note that, for 

GMRs in Cat. II, the IMC is approximated through linear extrapolations at the EDP cut-

off bounds using the non-collapse pairs of IM-EDP in the logarithmic space (see 

Section 3.4.3). In this regard, structures which exhibit hardening behaviour prior to the 

collapse stage (e.g. reinforced concrete) fail at IMC levels slightly higher than that 

estimated by such a linear extrapolation (see Figure 3.11). This interprets that the IMC 

levels estimated through the linear extrapolation for such structures (i.e. highway 

overpasses in this study) are conservative, to some extent. To further explain the 

discrepancies between IDA and ECA collapse fragility curves, it should be noted that 

while the successive GMR scaling and NTHA permits identification of the lowest IMC 

value for a single GMR by the IDA, the IMC value identified by the ECA for that GMR, 

in Cat. I or Cat. III, is not exclusively the lowest IMC value. Also, the truncated IMC 

values (see Section 3.4.3) considered for the curve fitting by the MLE method is another 

cause of the discrepancy between the ECA and IDA collapse fragility curves. The upper 

IM bounds for this purpose are the illustrated IM limits in Figures 6.6 and C.13 to C.24.  
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The numerical comparison of the ECA and IDA collapse fragility curves are carried 

out at the median Sae level (i.e. Sae level corresponding PC|Sae = 0.5), where the 

percentage differences between the estimated seismic fragilities are summarised in 

Table 6.5. The absolute values of the median Sae and other nominated IMs are 

summarised in Tables C.1 to C.12, in Appendix C. In these tables, the bold texts 

indicate the GMR scaling approach which produces the lowest discrepancy between the 

median ECA fragility and the IDA one. Through comparison of the numerical data 

summarised in these tables and visual inspection of the collapse fragility curves 

illustrated in Figures 6.6 and C.13 to C.24, it becomes evident that those ECA curves 

which are generated with the aid of the mapping scaling approach (blue dashed line) 

overestimate the collapse seismic fragility to a large extent. Note that, the uselessness of 

mapping SCA data has also been observed in evaluation of the collapse probability 

through the logistic regression (see Figure 6.5). As such, it reveals that the mapping 

scaling approach is inadequate for seismic fragility assessment when the ECA method is 

used.  

 

Table 6.5 Variation of the median collapse seismic fragilities evaluated by the ECA and 

the IDA methods considering Sae for the seed bridge models 

GMR 

scaling 

approach 

Bridge model A Bridge model B Bridge model C 

GMR suite 

#1 #2 #3 #4 #1 #2 #3 #4 #1 #2 #3 #4 

Stripe 37% 7% 43% 29% 48% 35% 41% 25% 37% 60% 22% 17% 

Transition 17% 7% 19% 21% 17% 30% 11% 17% 3% 28% 8% 5% 

Mapping 77% 57% 70% 48% 78% 46% 67% 41% 75% 54% 67% 36% 

Sorting 31% 14% 4% 18% 47% 51% 16% 23% 40% 40% 6% 19% 
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For a few combinations of the seed bridge models and GMR suites (e.g. models A 

with suites #2 and #3), a closer agreement can be obtained between the ECA and IDA 

collapse fragility curves by using the stripe (magenta solid line) or sorting (red dotted 

line) scaling approaches. However, for most other combinations the use of these 

approaches can cause very large discrepancies (see Table 6.5). Therefore, the most 

appropriate GMR scaling approach for collapse fragility assessment by the ECA method 

appears to be the transition scaling approach (green dash-dot line). The highest 

difference between the IDA and ECA collapse fragility results using the transition 

scaling approach, at the median Sae level, is less than 30% (see Table 6.5). The 

usefulness of transition SCA data has also been affirmed based on collapse fragility 

assessment by the logistic regression. As such, it is concluded that the transition scaling 

approach is the most useful for seismic fragility assessment. Therefore, investigation 

and verification of the non-collapse probability distribution parameters are carried out 

only using the transition scaling approach and Sae. 

 

6.3.2. Non-collapse probability distribution parameters 

The parameters of the non-collapse probability distributions (i.e. ηEDP|IM and βEDP|IM) are 

evaluated based on the ECA method only by using the transition scaling approach and 

IM = Sae. Comparisons of these parameters with those evaluated by the OCA, SCA and 

IDA fragility assessment methods are illustrated in Figures 6.7 and 6.8 for a few 

selected seismic responses. The complimentary illustrations of ηEDP|IM and βEDP|IM for 

different EDPs are presented through Tables C.13 to C.24 and Figures C.25 to C.48, in 

Appendix C.  
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(a) GMR suite #1 (b) GMR suite #2 

  

(c) GMR suite #3 (d) GMR suite #4 

Figure 6.7 Comparison of the regression parameter “b” estimated by the different 

fragility assessment methods for EDP = pirL of the seed bridge models 

 

The bar graphs in Figure 6.7 compare the values of the regression parameter “b” 

evaluated by different fragility assessment methods. These values are calculated 

considering EDP = pirL. As seen, although there is some level of consistency between 

the OCA and SCA results with the IDA in Figures 6.7c and 6.8d, their discrepancy from 

IDA appears to be very large in Figures 6.7a and 6.8b. For the ECA method, however, 

the “b” value is evaluated in close agreement with the IDA results, considering all 
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different combinations of the seed bridge models and GMR suites, but for one exception 

(i.e. model B and GMR suite #2; see Figure 6.7b). This exception is believed to be due 

to the scaling factors evaluated by the transition approach for the GMRs in this suite 

(i.e. approximately unity; see Table A.6). Such scaling factors distribute the scaled IM 

levels in the vicinity of the original IM levels. As a consequence of such a distribution, 

the linear regression in logarithmic space by the pairs of the non-collapse Cat. II data 

becomes impractical since the two IM levels are matching. To further comprehend the 

difference between the ECA and IDA results, it should be noted that for all the twelve 

combinations under investigation, ηEDP|IM is evaluated based on the ECA method by 

using the Cat. II datasets (i.e. by Eq. 3.6; see Section 3.4.3) since they are larger than the 

Cat. I dataset (see Table 6.4). As such, the slight differences between the ECA and IDA 

methods in the other combinations can be interpreted as the effects of eliminating the 

GMRs in Cat. I and Cat. III. Considering Figure 6.7, it is recognised that when the 

GMR suite #3 is utilised, the values of regression parameter “b” obtained by the ECA 

method are more consistent with the IDA ones (see Figure 6.7c).  

Figure 6.8 illustrates the βEDP|IM evaluated by the OCA, SCA, ECA and IDA 

methods, for a number of selected seismic responses. As seen, while the OCA (green 

solid line) and SCA (red dotted line) methods display βEDP|IM as a constant quantity 

independent from IMs, the ECA method (blue dashed line) estimates βEDP|IM as a 

function of IM similar to the IDA method (black dash-dot line). The significance of 

evaluating this non-constant βEDP|IM is to improve the consistency between the non-

collapse ECA and IDA fragility results, which will be investigated in Section 6.3.3, as 

βEDP|IM increases at higher IM levels in both methods.  
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(a) Model B, GMR suite #1,  (b) Model A, GMR suite #2 

  

(c) Model C, GMR suite #3 (d) Model C, GMR suite #4 

Figure 6.8 Comparison of the βEDP|IM estimated by the different fragility assessment 

methods for a number of selective seismic responses of the seed bridge models 

 

It appears that while partial agreements hold between the ECA and IDA, complete 

agreements cannot be achieved for the entire range of IMs. One underlying reason for 

this observation is the absence of non-collapse analysis data in the Cat. I and Cat. III 

GMRs, when applying the ECA method, as discussed above. In addition, when the Cat. 

II is used dataset in the Eqs. (3.6) and (3.7) for the ECA method, the variance, σ2, of the 
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regression parameters ai and bi obtained for selected GMRs can be more sensitive to the 

utilised IM levels than the mean, μ, and the median, η, of these parameters. To describe 

this more in depth, it is worth noting that while several scaled derivatives of a GMR are 

considered to evaluate the parameters ai and bi in the IDA method, these parameters are 

calculated by the ECA method using only two IM-EDP data points. Due to the normal 

dispersion of the data points obtained by the scaled derivatives of an individual GMR in 

the IDA method, it is unlikely to find two IM-EDP data points for the ECA exactly 

situated over the IDA median fits for all the utilised GMRs. Note that this dispersion is 

eliminated in the IDA method since it is negligible compared to the σ2. Elimination of 

this dispersion allows estimation of the ai and bi parameters using as few as two IM-

EDP data points by the ECA method. In this circumstance, while the η and μ values of 

the ai and bi parameters are determined as being in close agreement for both the ECA 

and IDA methods, the difference between the σ2 values may be larger. As such, the 

level of consistency between the ECA and IDA methods observed for βEDP|IM (i.e. by 

Eq. 3.7) is less than that recognised for ηEDP|IM (i.e. by Eq. 3.6). Considering Figures 

C.37 to C.48, it is recognised that once the GMR suite #3 is utilised, the discrepancy of 

the βEDP|IM values between ECA and IDA decreases. 

 

6.3.3. Verification of generated fragility curves  

6.3.3.1. Collapse curves 

To verify the collapse fragility curves generated by OCA, SCA and ECA methods, for 

seed bridge models, the rigorous IDA method is performed for these models at fifteen 

IM levels (from 0.1 to 2.0g). These fragility curves are superimposed in Figure 6.9.  
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(a) Model A, GMR suite #1 (b) Model A, GMR suite #2 

  

(c) Model B, GMR suite #1 (d) Model B, GMR suite #2 

  

(e) Model C, GMR suite #1 (f) Model C, GMR suite #2 

Figure 6.9 Verification of the generated collapse fragility curves, based on different 

fragility assessment methods, for the seed bridge models 
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(g) Model A, GMR suite #3 (h) Model A, GMR suite #4 

  

(i) Model B, GMR suite #3 (j) Model B, GMR suite #4 

  

(k) Model C, GMR suite #3 (l) Model C, GMR suite #4 

Figure 6.9 Verification of the generated collapse fragility curves, based on different 

fragility assessment methods, for the seed bridge models (cont’d) 
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As seen in Figure 6.9, the main advantage of the ECA method (red dashed line) is 

elimination of the issues pertaining to the unstable logistic regression, which are 

common in the OCA (black dash-dot line) and SCA methods (green dotted line). This is 

because in the ECA method IMC can be estimated for all the GMRs in use, either by the 

identified IMC values for the GMRs in Cat. I and Cat. III or through the linear 

extrapolation for the GMRs in Cat. II. As a consequence, similar to the IDA method, an 

empirical CDF of estimated IMC values is developed for the collapse fragility curve 

fitting in the ECA method, which is not feasible in the OCA or SCA methods. Another 

alternative to resolve the unstable logistic regression issue could be more specific GMR 

selection in the range of IMC, however, without performing the NTHA such an IMC 

range could not be identified a priori. The proposed ECA method in this study 

overcomes this issue by pairing the OCA data, of the selected GMRs, with the 

corresponding SCA data.  

Even in cases where a stable collapse fragility curve can be generated by the OCA 

and/or SCA methods using the logistic regression (e.g. see Figures 6.7h, 6.7j and 6.7l), 

application of the ECA method demonstrates an improved accuracy for the evaluated 

collapse fragility, consistent with the IDA method. Figure 6.10 compares the median 

collapse Sae levels (i.e. Sae value at PC|Sae = 0.5 in Figure 6.9) by different fragility 

assessment methods, for the twelve combinations of the seed bridge models (A, B and 

C) and GMR suites (#1 to #4). It appears that the ECA method provides a closer 

estimation to the IDA results. To further evaluate the accuracy of the OCA, SCA and 

ECA methods, the maximum deviation of collapse fragility estimations by these 

methods from the IDA results can be investigated over an IM range of interest. In this 

regard, in addition to the wide range of IMs illustrated in Figure 6.9 (i.e. Sae = 0‒2.0g),  
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Figure 6.10 Comparison of the median collapse Sae (g) levels estimated by different 

seismic fragility assessment methods 

 

a narrower range of IMs (i.e. Sae = 0‒0.5g) is also considered for the numerical 

comparison and evaluation of the accuracy of the fragility results, since this range of 

IMs is more relevant to the level of seismicity of Australia. The maximum deviations of 

the seismic fragility results over these ranges of IMs, in terms of the absolute difference 

in the collapse probability, are summarised in Table 6.6. Comparison of the numerical 

results presented in this table confirms that the ECA method improves the collapse 

fragility estimation, as it produces lower deviations than the OCA and SCA methods. In 

the range of Sae = 0‒2.0g, the maximum deviation between the ECA and IDA collapse 

fragility results is not more than 25% whereas this can surge up to more than 90% by 

the OCA or SCA methods. This level of improvement in collapse seismic fragility 

estimation by the ECA method is remarkable bearing in mind that the total number of 

NTHA and, hence, the computational time are only doubled compared to the OCA. In 

the range of Sae = 0‒0.5g, the maximum deviation between ECA and IDA decreases 

significantly for model A and slightly for models B and C. This observation confirms 

the validity of the ECA method for seismic fragility assessment over both the wide and 

narrow ranges of IMs. Also, it is significant to note that unlike the OCA and/or SCA, 
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the ECA method never underestimates the collapse fragility, as shown in Figure 6.9, 

which makes it appealing for an efficient and conservative seismic fragility assessment. 

Considering the illustrations presented in Figure 6.9 and 6.10 and the numerical results 

summarised in Table 6.6, it is recognised that the use of GMR suite #3 in the ECA 

method produces the minimum discrepancies as compared to the IDA method.  

 

Table 6.6 Maximum deviations of the OCA, SCA and ECA estimations from IDA 

results for collapse fragility assessment over different ranges of IMs 

GMR 

suite 

Model A Model B Model C 

OCA SCA ECA OCA SCA ECA OCA SCA ECA 

Maximum deviation from IDA over Sae = 0 ‒ 2.0g 

#1 83% 11% 17% 94% 94% 10% 99% 98% 6% 

#2 95% 52% 17% 51% 70% 25% 81% 79% 24% 

#3 84% 40% 19% 97% 37% 10% 100% 28% 4% 

#4 35% 48% 23% 29% 31% 24% 49% 28% 7% 

Maximum deviation from IDA over Sae = 0 ‒ 0.5g 

#1 5% 5% 2% 41% 40% 10% 70% 64% 6% 

#2 95% 4% 2% 51% 70% 25% 81% 79% 23% 

#3 7% 8% 1% 38% 22% 6% 71% 28% 4% 

#4 2% 4% 9% 14% 19% 14% 49% 28% 7% 

 

6.3.3.2. Non-collapse curves 

The non-collapse fragility, PEDP≥LS|Sae, is evaluated by substituting the ηEDP|IM and βEDP|IM 

parameters, determined by the OCA, SCA, ECA and IDA methods (see Section 6.3.2), 

into the fragility function (i.e. Eq. 3.8). For brevity in this section, the non-collapse 

fragility curves are generated in different bridge performance levels (i.e. OPL, DPL and 

UPL) only for EDP = pirL and using GMR suite #3, in Figure 6.11. The complementary 

non-collapse fragility curves for various EDPs and GMR suites are presented in 
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Appendix C, through Figures C.49 to C.60. Similar to the collapse fragility results, the 

accuracy of the non-collapse fragility curves generated by the OCA (black dash-dot 

line), SCA (green dotted line) and ECA (red dashed line) methods can be evaluated 

based on their agreement with the IDA curves (blue solid line). 

 

   

(a) Model A, OPL (b) Model A, DPL (c) Model A, UPL 

   
(d) Model B, OPL (e) Model B, DPL (f) Model B, UPL 

   
(g) Model C, OPL (h) Model C, DPL (i) Model C, UPL 

Figure 6.11 Verification of non-collapse fragility curves generated for EDP = pirL of the 

seed bridge models by different fragility assessment methods, using GMR suite #3 
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As illustrated in Figure 6.11, although the accuracy of the OCA and SCA methods 

for non-collapse fragility assessment seems to be higher than that achieved for collapse 

fragility assessment (see Figure 6.9), much closer agreement is noted between the ECA 

and IDA curves. In particular, this becomes more evident regarding the non-collapse 

fragility curves generated at the DPL (Figures 6.11b, 6.11e and 6.11h) and UPL 

(Figures 6.11c, 6.11f and 6.11i), where deviation of the OCA and SCA curves from 

IDA gets substantial while ECA keeps a remarkable agreement with IDA. To further 

verify the accuracy of the ECA method for non-collapse fragility assessment, the 

maximum deviations of the generated fragility curves are summarised in Table 6.7 for 

the three bridge performance levels. It should be noted that, although the numerical 

results are presented for two different ranges of IMs, the comparisons for the DPL and 

UPL in the range of Sae = 0‒0.5g may not be meaningful since the non-collapse fragility 

in these performance levels can be nil over this range (e.g. see Figure 6.11c). It can be 

recognised that the OCA method is only reliable for the non-collapse fragility 

assessment at the OPL, as deviation of this method from the IDA curve can go beyond 

30% at the DPL and UPL (see Table 6.7). In this regard, the accuracy of the SCA 

method is higher at different performance levels since it provides a more adequate 

distribution of non-collapse seismic data (i.e. IM-EDP) in the neighbourhood of 

corresponding performance LSs. This accuracy is further improved by performing the 

ECA method for non-collapse fragility assessment. The underlying reason for this 

improvement is estimation of βEDP|IM as a function of IMs similar to the IDA method, 

which is not achievable by the OCA and SCA methods. As seen in Figure 6.11, this 

feature of the ECA method facilitates a remarkable agreement to be maintained with the 

IDA curve to be maintained at different performance levels and over the entire ranges of 
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IMs. Therefore, it is concluded that the ECA method is more reliable for the non-

collapse fragility assessment of bridges with high structural nonlinearity and IM levels. 

 

Table 6.7 Maximum deviations of the OCA, SCA and ECA estimations from IDA 

results for non-collapse fragility assessment using EDP = pirL and GMR suite #3 

Performance 

level 

Seed bridge model A Seed bridge model B Seed bridge model C 

OCA SCA ECA OCA SCA ECA OCA SCA ECA 

Maximum deviation from IDA over the Sae = 0 ‒ 2.0g 

OPL 6% 6% 2% 11% 4% 3% 9% 7% 6% 

DPL 9% 15% 2% 22% 6% 2% 31% 9% 3% 

UPL 8% 12% 2% 22% 9% 2% 35% 11% 3% 

Maximum deviation from IDA over the Sae = 0 ‒ 0.5g 

OPL 3% 2% 2% 11% 4% 3% 9% 7% 6% 

DPL 0% 0% 0% 11% 2% 0% 31% 3% 3% 

UPL 0% 0% 0% 3% 1% 0% 31% 2% 3% 

 

6.3.3.3. Comparison of computational efficiency of different methods 

To compare the computational efficiency of the OCA, SCA, ECA and IDA fragility 

assessment methods, the number of NTHA required for the three seed bridge models 

subjected to one hundred GMRs are summarised in Table 6.8. This table also includes 

the computational time required for the NTHA by each method in OpenSees. It should 

be mentioned that, a 2.50-GHz Intel Core i5 2520M processor with 8 GB of 1333-MHz 

DDR3 RAM memory was used for all the analyses. Note that, OCA is the baseline 

method for the NTHA-based fragility assessment, meaning that the computational time 

cannot be further reduced below what is required by this method. The computational 

time of the SCA method is not very different from that required by the OCA. However, 

implementing SCA based on the proposed transition scaling approach requires the OCA 
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to be carried out in advance. Performing ECA approximately doubles the required 

computational time (i.e. the sum of OCA and SCA times). Nevertheless, as discussed, 

ECA enhances the accuracy of collapse fragility assessment and provides stable 

collapse fragility curves (i.e. not always achievable by OCA and/or SCA) which can be 

appealing for conservative structural reliability analyses. In addition, the non-collapse 

fragility estimation by ECA is in close agreement with the IDA results, in various 

ranges of IMs and different performance levels, which indicates the reliability of ECA 

method for fragility assessment with high structural nonlinearity. Note that ECA saves a 

remarkable computational time compared to the IDA method (i.e. almost 22 days) 

which is the most rigorous NTHA-based alternative for seismic fragility assessment.  

 

Table 6.8 Number of NTHA and, correspondingly, computational time required using 

different fragility assessment methods  

Fragility assessment method Number of required NTHA  Time (hr) 

OCA 300 45 

SCA (by transition scaling approach) 300 43 

ECA 600 87 

IDA 4500 616 

 

As described in this section, the efficiency and accuracy of the ECA method can be 

confirmed for both the collapse and non-collapse fragility assessments. Note that 

performing the ECA requires the OCA to be completed in advance. Therefore, in 

adopting the ECA for seismic fragility assessment, analysts are recommended to 

examine the adequacy of the distributions of IMC levels and non-collapse IM-EDP data 

points obtained based on the OCA, by the logistic and logarithmic regressions, 



Chapter 6 

 

181 
 

respectively. In this regard, the stability of the collapse fragility curves generated by 

OCA data and logistic regression is an important benchmark. Also, based on the 

experience obtained in this numerical study, at least 25% of the non-collapse OCA data 

(i.e. scatted IM-EDP data points in logarithmic space) should exceed a performance LS 

to attain reliable seismic fragility estimates for the corresponding performance level. In 

cases where these examinations indicate inadequacy of the OCA data for seismic 

fragility assessment, the ECA method is recommended as an efficient alternative rather 

than performing the rigorous IDA method.  

 

6.4. Seismic Fragility of Highway Bridges in Southeast Queensland  

To generate representative fragility curves for highway overpasses with pier walls 

ubiquitous in southeast Queensland, the ECA method is developed for the forty sampled 

analytical bridge models (see Section 5.3.3) subjected to all the one hundred selected 

GMRs. This is because these bridges are sparse in a wide geographical area (i.e. 

southeast Queensland) with various site conditions (e.g. soil and distance to seismic 

sources) and, thus, using GMRs selected based on a specific criterion (e.g. using a 

specific GMR suite) would not represent such conditions for the entire area. 

Subsequently, a total of 8000 NTHA are carried out at the original and scaled IM levels. 

For this purpose, the transition GMR scaling approach is adopted by using the pirL 

seismic responses as the choice of critical EDP. Note that, using Sae as an optimal IM 

requires identification of the elastic and elongated modal periods and, thus, it becomes 

impractical when a group of bridge structures are subjected to NTHA. Therefore, as 

suggested in the HAZUS seismic risk analysis software (FEMA, 2016), the spectral 
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acceleration at the period of one second, Sa (T = 1.0s), is utilised as an indicator of IM at 

the elongated period of vibration. The scale factors for combinations of the forty 

sampled bridge models and different GMR suites are evaluated using Sa (T = 1.0s) and 

pirL, based on the OCA, and are summarised in Table A.9, in Appendix A. However, 

due to seismic hazard-compatibility issues (Giovenale et al., 2004), PGA is also utilised 

to generate representative fragility curves for highway overpasses in southeast 

Queensland, in addition to Sa (T = 1.0s).  

Evaluation of a closed-form solution for the seismic fragility function is 

straightforward when an individual structure is taken into consideration (i.e. as 

discussed for the seed bridge models). However, when a set of structural models is 

considered to investigate the epistemic uncertainties, finding the closed-form solution 

can become troublesome, if not impossible. In this case, an alternative is to employ 

numerical techniques such as the Monte Carlo simulation (MCS). The MCS is a 

straightforward and simple numerical technique. It works by examining N random 

samples of the subject probability distribution and then determining the failure 

probability, IF, based on the Bernoulli random variables (i.e. an indicator function): 

𝐼𝐹𝑖
= {

1    𝑃(𝐸𝐷𝑃 ≥ 𝐿𝑆)

0    𝑃(𝐸𝐷𝑃 < 𝐿𝑆)
      𝑖 = 1, 2, … , 𝑁    (6.1) 

The probability density function (PDF) of failure, pF|IM, can then be estimated by the 

direct implementation of the following equation regardless of the complexity of the 

structural system 

𝑝𝐹|𝐼𝑀 =
∑ 𝐼𝐹𝑖

𝑁
𝑖=1

𝑁
    

(6.2) 



Chapter 6 

 

183 
 

Subsequently, the CDF of the probability of failure at the increasing IM levels, PF|IM, 

is treated as the seismic fragility curve of the system. For this purpose, a lognormal 

CDF is often used to fit a curve to the pF|IM evaluated at different IM levels, as follows 

𝑃𝐹|𝐼𝑀=𝑥 = 𝛷 (
ln(𝑥 𝜃⁄ )

𝛽
)    (6.3) 

where Φ(·) is the standard lognormal CDF, θ is the median IM level and β is the 

standard deviation of lnIMi values (Ibarra & Krawinkler, 2005). In this study, the 

various curve fitting methods are examined to identify θ and β based on the obtained 

NTHA data. These include the method of moments (MOM) (i.e. Method A in Porter et 

al., 2007), linear regression in logarithmic scale (LRL) (i.e. Method B in Porter et al., 

2007), minimising the sum of squared errors (SSE) (Baker, 2015) and the maximum 

likelihood method (MLE) (Baker, 2015).  

 

6.4.1. Collapse trend observation  

Figure 6.12 shows the generated collapse fragility curves based on the OCA and SCA, 

for the highway overpasses in southeast Queensland. To evaluate the collapse seismic 

fragility, the N random samples is taken to be the number of sampled analytical bridge 

models (i.e. forty models) and, then, the PDF of collapse, pC|IM, (green circle marks) is 

evaluated for the IM level of each utilised GMRs. The collapse fragility curves are then 

fitted to this PDF using the LRL (red dashed line), SSE (blue solid line) and MLE 

(black dotted line) methods. It is noteworthy to mention that, both the LRL and SSE 

methods are established based on the least-square technique, to minimise the sum of 

squared errors between the observed fractions of collapse (scattered data points) and the  
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(a) OCA, IM = Sa(T = 1.0s) (b) OCA, IM = PGA 

  

(c) SCA, IM = Sa(T = 1.0s) (d) SCA, IM = PGA 

Figure 6.12 OCA and SCA collapse fragility curves generated for highway overpasses 

in southeast Queensland  

 

collapse probability predicted by Eq. (6.3). The difference between these two methods 

is that the LRL minimises the errors in the logarithmic space while the SSE performs 

the same task in the arithmetic scale (Baker, 2015). For the MLE method, the likelihood 

of collapse observation at different IM levels are first evaluated to obtain the likelihood 

function and, then, the parameters of the fragility function are varied up until the 

likelihood function is maximised. A fundamental difference between the MLE method 
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and the least-square methods (e.g. LRL and SSE methods) is that the least-square 

methods ignore the variation in the dispersion of the seismic data (i.e. β is assumed to 

be constant) (Baker, 2015). As such, the seismic fragility assessment by curve fitting 

based on the MLE method is revealed to be more credible.       

Once the ECA is developed, forty IMC levels are identified for each GMR (i.e. one 

for each sampled analytical bridge model). In this case Eqs. (6.1) and (6.2) are no longer 

applicable and, thus, the median of the forty IMC values (i.e. the IMC levels with 50% 

probability of collapse) are nominated as the IMC levels of the utilised GMRs. Note that 

for collapse fragility assessment by other probability bounds (e.g. 5%, 16%, 84% and 

95%) the corresponding IMC values must be selected. Subsequently, one hundred IMC 

values are sampled from the collected data for the one hundred GMRs. By sorting these 

sampled IMC values, an empirical CDF of collapse can then be obtained, as shown by 

the green circle marks in Figure 6.13.  

 

  

(a) IM = Sa(T = 1.0s) (b) IM = PGA 

Figure 6.13 ECA collapse fragility curves generated for highway overpasses in 

southeast Queensland  



Chapter 6 

 

186 
 

To fit a fragility curve to the CDF of collapse, the parameters of the fragility 

function, θ and β, can be estimated by the MOM method (red dotted line) (Ibarra & 

Krawinkler, 2005), as follows 

ln 𝜃 =
1

𝑛
∑ ln 𝐼𝑀𝐶𝑖

𝑛

𝑖=1

 

𝛽 = √
∑ (ln(𝐼𝑀𝐶𝑖 𝜃⁄ ))2𝑛

𝑖=1

𝑛 − 1
 

 

(6.3) 

where n is the number of utilised GMRs and IMCi is the IMC value sampled for the ith 

GMR. When truncated IMC values are sampled for curve fitting (see Section 3.4.3), the 

MOM method can no longer be applied and, instead, the MLE method (blue dashed 

line) should be used (Baker, 2015). The bound of truncated sampled IMC values in 

Figure 6.13 is taken to be the illustrated IM levels (i.e. IM = 0‒2.0g). Nevertheless, 

when all the sampled IMC values are lower than this bound, the fragility curves 

generated by the MLE and MOM methods are equivalent (e.g. Figure 6.13a).  

The OCA, SCA and ECA collapse fragility curves generated by the MLE curve 

fitting method are superimposed in Figure 6.14 for the verification purposes. As seen, 

these curves appear to be consistent up to the median collapse fragility level (i.e. 50% 

probability). However, with the increasing nonlinearity in bridge models, due to the 

growth in the IM level, the OCA (dotted red line) and SCA (dashed blue line) fragility 

curves show lower collapse probability than the ECA ones (solid green line). The 

median collapse seismic fragility of highway overpasses in southeast Queensland is 

estimated to be Sa(T = 1.0s) = 0.25g and PGA = 0.35g, based on the ECA method. 
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(a) IM = Sa(T = 1.0s) (b) IM = PGA 

Figure 6.14 Comparison of collapse fragility curves generated based on different 

methods, for highway overpasses in southeast Queensland 

 

6.4.2. Probability of exceeding different bridge performance levels 

6.4.2.1. Seismic fragility of various components of highway overpasses  

The non-collapse fragility curves can be generated for different bridge components 

similar to the approach described for the collapse fragility curves. For this purpose, the 

Cat. II seismic datasets are investigated for each sampled bridge model to evaluate the 

IM levels at which the median fits meet the components’ LS (i.e. IMLS). The evaluated 

IMLS levels are then treated identical to the approach outlined for sampling and fragility 

curve fitting to the IMC levels (see Section 6.4.1). Figure 6.15 illustrates the 

representative non-collapse fragility curves generated for the significant components of 

highway overpasses in southeast Queensland. These curves are generated based on the 

ECA, by the MLE method, and they show the probability of exceeding the component 

LSs at different bridge performance levels.  
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(a) IM = Sa(T = 1.0s), EDP = pirL (b) IM = PGA, EDP = pirL 

  

(c) IM = Sa(T = 1.0s), EDP = brgL (d) IM = PGA, EDP = brgL 

  

(e) IM = Sa(T = 1.0s), EDP = abtL (f) IM = PGA, EDP = abtL  

Figure 6.15 Non-collapse fragility curves generated for different components of 

highway overpasses in southeast Queensland 
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(g) IM = Sa(T = 1.0s), EDP = pirT (h) IM = PGA, EDP = pirT 

  

(i) IM = Sa(T = 1.0s), EDP = brgT (j) IM = PGA, EDP = brgT 

  

(k) IM = Sa(T = 1.0s), EDP = abtT (l) IM = PGA, EDP = abtT  

Figure 6.15 Non-collapse fragility curves generated for different components of 

highway overpasses in southeast Queensland (cont’d) 
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As recognised from Figure 6.15, the highway overpasses with pier walls are more 

fragile with respect to their longitudinal seismic responses (Figures 6.15a to 6.15f) 

compared to the transverse responses (Figures 6.15g to 6.15l). In particular, this is 

apparent for the seismic responses of the bearing devices, brgL (Figures 6.15c and 

6.15d) and brgT (Figures 6.15i and 6.15j), in which failure due to excessive brgT 

responses seems to almost be improbable. On the other hand, it is recognised that the 

brgT fragility curves at different performance levels are overlapping. One reason for this 

observation is the subjective LS values adopted for the brgL and brgT. Note that, unlike 

the LSs specified for the bridge piers (pirL and pirT) and abutment (abtL and abtT) which 

were established based on a particular failure mechanism, the LS values for the brgL and 

brgT were prescribed based on the expert’s opinion (Nielson, 2005). As such, the 

fragility curves generated for brgL and brgT are subjective, to some extent. To facilitate 

comparison of the seismic fragility of different components of highway overpasses with 

pier wall, the OPL fragility curves shown in Figure 6.15 are reproduced in Figure 6.16.  

 

  

(a) IM = Sa(T = 1.0s) (b) IM = PGA  

Figure 6.16 Comparison of the non-collapse fragility curves generated for the 

components of highway overpasses in southeast Queensland 
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This makes it apparent that the highway overpasses are more fragile with respect to the 

seismic responses in the longitudinal direction rather than the transverse ones. It is also 

recognised that the bridge pier wall is the most vulnerable component in both directions. 

It seems that the seismic fragility trends of the pirL (red dotted line) and brgL (blue 

dashed line) in Figure 6.16 are identical. However, fragility of bridge bearing, brgL, is 

slightly higher at lower IM levels and at higher IM levels bridge pier, pirL, becomes 

more fragile. Seismic fragility of bridge abutment abtL (green dash-dot line) is 

apparently lower than that of bridge bearing, brgL, and pier wall, pirL, in longitudinal 

direction. Nevertheless, in the transverse direction the bridge abutment, abtT (asterisks 

with dashed line), is notably more fragile than the bridge bearing, brgT (squares with 

solid line). 

 

6.4.2.2. Seismic fragility of highway overpasses at system-level  

Seismic fragility assessment of the highway overpasses at their system-level is carried 

out in accordance with the approach described in Section 5.5.3. For this purpose, 

system-level cut-sets (see Eq. 5.19), YLS, are quantified at different bridge performance 

levels to be utilised instead of the component EDPs in the fragility function. The 

scattered data points in Figures 6.17 and 6.18 illustrate the distribution of these cut-sets. 

In these figures, the maximum value of different EDPs normalised by the corresponding 

component LSs is adopted as the non-collapse seismic responses of highway overpasses 

at the system-level. As such, less than 4000 non-collapse IM-EDP data points are 

sampled in each graph. To develop ECA and evaluate the system-level seismic fragility, 

PYLS≥LS|IM, each cut-set sampled from OCA data is paired with corresponding SCA data.  
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(a) OPL, OCA (b) OPL, SCA 

  

(c) DPL, OCA (d) DPL, SCA 

  

(e) UPL, OCA (f) UPL, SCA 

Figure 6.17 Distributions of the non-collapse cut-sets using IM = Sa(T = 1.0s) for different 

performance levels of the seed bridge models 
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(a) OPL, OCA (b) OPL, SCA 

  

(c) DPL, OCA (d) DPL, SCA 

  

(e) UPL, OCA (f) UPL, SCA 

Figure 6.18 Distributions of the non-collapse cut-sets using IM = PGA for different 

performance levels of the seed bridge models  
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Then, evaluating the IMLS values, sampling from these values and fragility curve fitting 

to the sampled IMLS values are performed consistent with the approach outlined for the 

highway overpass components (see Section 6.4.2.1). The total probability of meeting or 

exceeding different performance levels, PLS|IM, for highway overpasses at the system-

levels, is demonstrated through the fragility curves shown in Figure 6.19. PLS|IM is the 

sum of collapse fragility, PC|IM, and the non-collapse system-level fragility, PYLS≥LS|IM, 

multiplied by probability of no collapse, PNC|IM (i.e. 1-PC|IM). The curves shown in 

Figure 6.19 are generated through the MLE method and are considered to be the 

representative fragility curves for highway overpasses with pier walls in southeast 

Queensland. Based on these curves, the median seismic fragility (i.e. 50% probability of 

exceedance) of highway bridges in southeast Queensland is estimated to be Sa(T = 1.0s) = 

0.11g, 0.19g and 0.23g and PGA = 0.14g, 0.26g and 0.32g for OPL, DPL and UPL, 

respectively. 

 

  

(a) IM = Sa(T = 1.0s) (b) IM = PGA 

Figure 6.19 Total seismic fragility of highway overpasses for meeting different 

performance levels in southeast Queensland  
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6.4.3. Validation of bridge fragility results  

Verification of the ECA fragility curves generated for the highway overpass models by 

rigorous methods such as IDA would be computationally expensive. In fact, the ECA 

method was developed and applied in this study to minimise such high computational 

costs. In addition, it has already been demonstrated that the performance of the ECA 

method for seismic fragility assessment is close agreement with the IDA method (see 

Section 6.3). To verify the seismic fragility results obtained for highway overpasses in 

southeast Queensland, in this study, the system-level fragility of these bridges is 

compared with some relevant bridge fragility data available in the literature. In this 

regard, Figure 6.20 demonstrates the median system-level seismic fragility of highway 

overpasses investigated in this study and those from five other relevant studies. It should 

be noted that these studies have targeted different types of highway bridges with various 

number of spans, superstructural constructions, pier configurations and levels of seismic 

design. Also, the descriptive performance levels and the quantitative component LSs 

adopted for the bridges in the literature are not identical to those adopted for this study. 

Therefore, it is not the intention to discuss the exact numerical consistency of these 

bridge fragility results, but to confirm their resemblance. 

Figure 6.20b shows the seismic fragility results of a study by Basoz and Kiremidjian 

(1997) which were developed based on the empirical bridge damage data observed in 

the 1994 Northridge, California earthquake. They generated empirical fragility curves 

for three categories of highway bridges in California including the single-span (C1S2), 

continuous (C1M7) and multi-span bridges (C1M8), at three bridge performance levels 

(i.e. minor, moderate and major damage levels). Comparing Figures 6.20a and 6.20b, it 
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(a) This study (b) Basoz and Kiremidjian (1997) 

  

(c) Nielson and DesRoches (2007) (d) Bignell and LaFave (2009) 

  

(e) Cardone et al. (2011) (f) Siddiquee (2015) 

Figure 6.20 Comparison of the system-level median seismic fragility of highway 

overpass structures obtained from different studies 



Chapter 6 

 

197 
 

is recognised that the southeast Queensland bridges are more fragile than the 

Californian ones. One important factor which explains this discrepancy is that many of 

the damaged Californian bridges were seismically designed, while, the southeast 

Queensland bridges considered in this study were designed and constructed prior to  the 

introduction AS5100.2 (2004) for bridge seismic design in Australia. The actual 

measured IM levels experienced by the bridges damaged during the Northridge 

earthquake were uncertain, to some extent, which impact the reliability of the empirical 

fragility curves. However, it can be confirmed that the seismic fragility of multi-span 

highway overpasses considered for southeast Queensland is close to the multi-span 

C1M8 type Californian bridges (i.e. black bars in Figure 6.20b). 

A study was performed by Nielson and DesRoches (2007) to generate analytical 

bridge fragility curves for the common categories of highway bridges in central and 

southeast United States (CSUS). These bridges were different in the type of constructed 

superstructures but utilised identical multi-column concrete piers. The median seismic 

fragility results for these bridges are graphed in Figure 6.20c. The analytical fragility 

assessment for these bridges was carried out for the four performance levels outlined by 

FEMA 356 (2000), which prevents direct comparison of fragility results with those 

obtained in this study (i.e. three performance levels). It seems that the seismic fragility 

of the highway overpasses in southeast Queensland is only comparable to the lowest 

fragility level of CSUS bridges at different performance levels. In this regard, it should 

be noted that all the multi-span bridge models studied by Nielson and DesRoches 

(2007) were developed by three spans. This is while the higher seismic fragility of 

highway overpasses with more spans has been acknowledged in this study, as the 

sampled bridge models for southeast Queensland include bridges with up to nine spans. 
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Bignell and LaFave (2009) utilised nearly one hundred three-dimensional finite 

element (FE) models of highway bridges with pier wall to generate analytical fragility 

curves. Despite considering the uncertainties in the material and geometrical properties, 

all their FE models were created by two continuous spans supported on a single RC pier 

wall. In addition, due to the large number of FE nodes produced by the adopted 

modelling technique, static pushover (SPO) analysis was utilised to determine the 

bridge seismic responses. Moreover, the fragility assessment for these bridge models 

was also performed for the four performance levels outlined by FEMA 356 (2000) (see 

Figure 6.20d). A disparity in the bridge fragility results proposed by Bignell and LaFave 

(2009) with other studies investigated in this section is the use of Sa(T = 0.65s) instead of 

PGA. Nevertheless, assuming that PGA is an approximation of Sa, and knowing that at 

periods lower than 1.0s Sa produces normally accelerations higher than PGA, it can be 

deduced that fragility of these bridges with pier walls (see Figure 6.20d) is less than 

those constructed with multi-column piers (Figure 6.20c). This becomes more plausible 

knowing that the results of both studies, presented in Figures 6.20c and 6.20d, belong to 

the CSUS bridges with the same seismic design and hazard levels. Compared to the 

seismic fragility results of this study (Figure 6.20a), the wall-pier supported CSUS 

bridges (see Figure 6.19d) seems to be less fragile. The use of two-span bridge models 

for CSUS which are normally less vulnerable than the highway overpasses with 

numerous spans utilised in this study (i.e. up to nine spans) can be a reason for this 

observation. 

Cardone et al. (2011) carried out a case study for seismic fragility assessment of nine 

highway bridges located along a specific transportation route in Italy. These bridges 

have been constructed by various configuration of RC piers (i.e. single-column, multi-
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column and pier wall) and different numbers of spans (i.e. from two up to ten spans). 

The fragility results of this case study are shown in Figure 6.20e for different bridges. 

Similar to the present study, Cardone et al. (2011) have also performed the seismic 

fragility assessment at three bridge performance levels. Comparison of Figures 6.20a 

and 6.21e indicates a remarkable agreement between the seismic fragility results. The 

reason for this observation can be attributed to the sort of bridge structures considered in 

the work by Cardone et al. (2011), for being most similar to the highway overpasses 

investigated in this study.  

Finally, Siddiquee (2015) also performed seismic fragility assessment for highway 

overpasses with pier walls (see Figure 6.20f). The study was carried out considering 

three different subsoil classes and the bridge models were developed three spans. Also, 

four bridge performance levels were considered by Siddiquee (2015) comparable to 

those recommended by the FEMA 356 (2000) guidelines. However, the median bridge 

seismic fragility suggested by Siddiquee (2015) is not consistent with those studies 

which utilised four bridge performance levels (e.g. see Figures 6.20c and 6.20d). This is 

particularly apparent for the first performance level (i.e. minimal damage) as the median 

bridge seismic fragility was estimated by Siddiquee (2015) to almost be nil. One reason 

for this observation can be defining inadequate bridge performance levels or adoption of 

subjective component LSs for the bridges under investigation. 

In summary, the differences of the adopted seismic hazard levels, various utilised 

GMRs and developed bridge models and types of analyses performed in the 

abovementioned studies influence validation of the bridge fragility results developed in 

this study. Nevertheless, it can be revealed that the median seismic fragility of the 
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highway overpasses evaluated for southeast Queensland, in this study, is comparable to 

the bridge fragility results available in the literature. 

 

6.5. Summary  

In this chapter, different methods for seismic fragility assessment were numerically 

studied. Investigation of the OCA data showed that the use of PGA and Sae for 

generating collapse fragility curves result in a greater number of stable probability 

distributions by the logistic regression. Also, in terms of the practicality and efficiency 

of an optimal IM, the evaluated non-collapse probability distribution parameters 

indicated that Sae is the optimal IM with respect to the bridge seismic responses in the 

longitudinal direction while PGA shows higher proficiency in the transverse direction.  

Moreover, investigation of the SCA data confirmed the priority of Sae for developing 

stable collapse fragility curves. In this regard, the transition approach was found to be 

the most appropriate scaling approach. The advantages of using Sae and the transition 

scaling approach were also confirmed once the ECA was performed for the collapse 

fragility assessment. Through verification with the IDA fragility results, it was shown 

that ECA is a reliable method for estimating the collapse probability distribution over 

both narrow and wide ranges of IMs. In particular, the consistency between the ECA 

and IDA fragility curves was improved when the GMR suite #3 was utilised. Similarly, 

the non-collapse probability distribution parameters and fragility curves were generated 

by different methods. It becomes evident that the ECA fragility curves are more 

consistent with IDA curves over various ranges of IMs and in different performance 
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levels. In terms of computational efficiency, ECA reduced one-seventh of the NTHA 

required by the IDA method thereby saving a notable computational time. 

In addition, representative fragility curves were developed for the existing highway 

overpasses with pier walls in southeast Queensland. Instead of Sae which is impractical 

to use for a set of sampled structures, Sa(T = 1.0s) was utilised in the fragility functions. 

Different methods for fragility curve fitting were examined and it was concluded that 

the MLE method is more credible for this purpose. Investigation of the generated bridge 

fragility curves showed that the OCA and SCA methods underestimate the collapse 

probability, compared to the ECA results. The median collapse seismic fragility of the 

highway bridges in southeast Queensland was estimated to be Sa(T = 1.0s) = 0.25g and 

PGA = 0.35g. Comparison of the non-collapse seismic fragility curves generated for 

different bridge components indicated that pier walls and bearing devices are the more 

vulnerable in highway overpasses. Based on the ECA fragility assessment at the bridge 

system-level, the median seismic fragility of the highway bridges in southeast 

Queensland was estimated to be Sa(T = 1.0s) = 0.11g, 0.19g and 0.23g, and PGA = 0.14g, 

0.26g and 0.32g for the OPL, DPL and UPL, respectively. Validation of these fragility 

results with relevant studies published in the literature confirms the reliability of the 

bridge fragility curves generated for highway overpasses in southeast Queensland.   
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Chapter 7   

 

Conclusion and Future Work          

 

 

7.1. Summary of Completed Tasks 

In Australia, there is yet a large degree of aleatory uncertainty regarding seismicity. 

Despite the fact that Australia is categorised as a stable continental region (SCR), 

destructive earthquakes leading to casualties and property losses have occurred in the 

short urban lifespan within this country. This issue becomes more complicated taking 

into consideration the epistemic uncertainties associated with the current ground motion 

prediction equation (GMPE) models and seismic hazard maps of Australia. Therefore, 

forethoughtful provisions are required to prevent earthquake disasters and proceed 

toward a sustainable infrastructure development for the future. In this regard, reliable 

seismic risk estimation of civil infrastructure is a key element to ensure the operational 

performance of public assets and improve their resilience against disasters. Seismic 
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fragility assessment of highway bridge structures in Australia’s entire transportation 

network is one of the most significant tasks for this purpose. 

The main objective of this study was to extend an existing methodology to efficiently 

generate analytical seismic fragility curves of reinforced concrete (RC) bridge structures 

with pier walls, being a common class of highway bridges in Australia. Previous studies 

carried out for this purpose mostly relied on nonlinear time-history analyses (NTHA) 

through the incremental dynamic analysis (IDA) or the Cloud analysis methods. While 

IDA is known as a rigorous method, the Cloud analysis is more efficient 

computationally. However, it has some inherent limitations which can adversely impact 

on the seismic fragility assessment with high structural nonlinearity and intensity 

measures (IM). To overcome the shortcomings of the original Cloud analysis (OCA), 

the extended Cloud analysis (ECA) method was developed in this study. The ECA relies 

on the use of OCA data in combination with the scaled Cloud analysis (SCA) data. To 

this end, four ground motion record (GMR) scaling approaches were proposed (i.e. 

stripe, transition, mapping and sorting) to perform SCA. Subsequently, different SCA 

data was examined in combination with the OCA data to estimate the collapse IM 

levels, IMC, and the non-collapse probability distribution parameters (i.e. median, 

ηEDP|IM, and standard deviation of regression, βEDP|IM) for seismic fragility assessment. 

The advantage of the ECA method lies in that it can estimate the IMC level for all the 

GMRs in use, thereby eliminating difficulties associated with the logistic regression for 

generating collapse fragility curves by the OCA. In addition, the application of the ECA 

method results in a variable βEDP|IM, as a function of IM, similar to the IDA, which 

improves the accuracy of the estimated non-collapse fragility, particularly for high 

nonlinearity problems.  
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This study aimed to evaluate the seismic safety of road and transportation networks 

in Australia. In this regard, probabilistic seismic hazard analysis (PSHA) was performed 

for southeast Queensland, as the site of interest, and one hundred GMRs were selected 

based on four different methods and various seismic hazard scenarios. In addition, a 

comprehensive analytical modelling approach of highway overpasses was developed in 

the OpenSees analysis software, encompassing key bridge components. In particular, 

nonlinear multi-layered four-node shell elements were utilised to model the lateral 

behaviours of RC bridge pier walls. This shell model has the advantage of simulating 

the in-plane shear resistance of pier walls while representing the precise out-of-plane 

wall stiffness through a multi-layered section. Based on the statistics of the available 

geometrical data of highway overpasses existing in southeast Queensland, a total of 

forty-three analytical bridge models were developed through the Latin Hypercube 

Sampling (LHS) from the uncertain geometrical parameters. Performance of these 

bridge models were numerically studied under lateral loads through the static pushover 

(SPO), moment-curvature and/or pseudo-dynamic analyses for the bridge components 

and by the modal analysis of the entire bridge. To enable performance-based seismic 

assessment of highway bridge structures in the southeast Queensland road network, 

three bridge performance levels were developed, namely the operational (OPL), 

damaged (DPL) and unstable (UPL) performance levels. The collapse criteria and 

component limit-states (LS) associated with these performance levels were nominated 

based on the numerical performance assessment of the bridge models through a 

prescriptive approach. A cut-set formulation was utilised to link the component LSs to 

the system-level performances of highway overpasses. 
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In total, 14000 NTHA of the developed bridge models were carried out using the 

selected GMRs. The generated analysis results were then utilised for the probabilistic 

seismic demand analysis (PSDA) to evaluate the IMC levels, ηEDP|IM and βEDP|IM based 

on the OCA, SCA and ECA methods. These tasks were performed to identify the most 

optimal choice of IM, the most suitable scaling approach and the most appropriate GMR 

suite for seismic fragility assessment. In regards to the validation of these methods, IDA 

was carried out at fifteen IM levels (i.e. from 0.1 to 2.0g) and treated as the most 

rigorous method for benchmarking the seismic fragility results produced by the OCA, 

SCA and ECA methods. Consequently, representative fragility curves were generated 

for the sampled highway overpasses with pier walls existing in southeast Queensland. 

The curves generated for various bridge components were compared to identify those 

which are more susceptible to seismic damage at different performance levels. In 

addition, the representative seismic fragility curves were also derived for the bridge 

system-level and the median IM values (i.e. level corresponding to 50% probability of 

exceedance) were compared and validated with the bridge fragility results available in 

the literature.  

 

7.2. Conclusions and Key Findings 

Seismic fragility assessment is one of the essential requirements for long-term 

performance prediction of bridge structures. In this study, an existing methodology was 

extended (i.e. the ECA method) to efficiently generate representative and reliable 

seismic fragility curves for highway bridges ubiquitous in southeast Queensland. The 

outcome of this study provides a useful tool for the local bridge agencies and 
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transportation authorities in their maintenance, rehabilitation, and repair (MR&R) 

activities, in conjunction with relevant decision making tools for long-term bridge 

management. The most significant contribution of this study is the development of the 

ECA method for seismic fragility assessment. The integrity in simulation, efficiency in 

computation and versatility in application of the ECA method makes it an appealing 

tool for estimating the seismic fragility of different bridges, buildings and other civil 

engineering structures. The in-depth study of the seismic fragility of highway bridges in 

southeast Queensland utilising the ECA method has led to the following findings: 

• Performing ECA ensures the generated collapse fragility curves for the 

utilised highway overpass models are stable. In close agreement with the IDA 

collapse fragility analysis outcomes, precise ECA curves are produced more 

effectively using the SCA data obtained by the transition scaling approach. In 

particular, the GMRs which were selected based on the conditional spectra 

method (i.e. GMR suite #3 in this study) appear to result in the best 

agreement. 

• There is also a remarkable agreement between the non-collapse fragility 

curves generated by the ECA and the IDA methods. Importantly, this 

agreement was maintained over both narrow and wide ranges of IMs at the 

OPL, DPL and UPL. As such, the reliability of the ECA method for non-

collapse fragility assessment of bridges with high structural nonlinearity and 

IM levels, is confirmed.   

• The ECA is proven to be an efficient NTHA-based method for seismic 

fragility assessment, compared to the more rigorous IDA method. Employing 

the ECA method can reduce the computational time to one-seventh of that 
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required by IDA. This saved almost 24 days for the seismic fragility 

assessment of the three seed bridge models subjected to one hundred GMRs 

in OpenSees. 

• Based on the ECA method, the median collapse seismic fragility of the 

sampled highway bridges in southeast Queensland is estimated to be PGA = 

0.35g. The RC pier walls are found to be the most vulnerable bridge 

components which dominate the seismic response of the sampled bridges at 

the system-level. This dominance becomes more evident in the DPL and 

UPL, when the bridge structures are highly nonlinear. The median non-

collapse seismic fragility of these bridges at the system-level is estimated to 

be PGA = 0.14g, 0.26g and 0.32g in the OPL, DPL and UPL, respectively. 

 

7.3. Recommendations for Future Work 

Further to the tasks completed in this study, some recommendations are given below for 

future study:  

• When performing ECA, all the GMRs were identically scaled by the 

transition approach, without considering different types of OCA data (i.e. 

linear, nonlinear or collapse) identified by these GMRs. A more specific 

GMR scaling algorithm for ECA should be developed to further improve the 

accuracy of the ECA method. This can be done by examining the individual 

approaches (i.e. stripe, transition, mapping and sorting) in scaling different 

types of GMRs. 



Chapter 7 

 

208 
 

• Currently, individual analytical bridge models and the corresponding seismic 

fragility curves for conventional highway bridges (i.e. straight, curved and 

skewed) are available in the literature. However, no such models have been 

developed for highway interchange construction. In order to assess the 

seismic fragility of this popular type of bridge structure, the existing 

individual models are necessary to be combined. In developing the fragility 

function for highway interchanges, the existing function for conventional 

bridges should be reformulated taking into account the likelihood of complex 

failure mechanisms such as sequential collapse scenarios and/or domino 

effects. 

• To further develop the current Australian Standards toward the performance-

based structural design, it is necessary to define equivalent performance 

levels for common bridges, buildings and other structural systems in response 

to different natural hazards, including earthquakes, cyclones, scouring and 

impact loads. To codify such performance levels, large-scale experimental 

studies are expected to be undertaken. 

• The present study is based on a limited amount of real bridge data supplied 

by the Queensland Department of Transport and Main Roads (TMR) from 

highway bridges existing in the southeast region. As such, using the 

representative seismic fragility curves generated in this study for highway 

bridges existing in other regions within Australia could lead to uncertain 

outcomes. Therefore, similar fragility studies need to be carried out for those 

regions and bridges.   
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Appendix A 

 

Detailed Information of Selected 

Ground Motion Records (GMR) 

 

Detailed information of the selected ground motion records (GMR) utilised for this 

study is summarised in Tables A.1 to A.4. In addition, the scaling factors evaluated by 

different proposed approaches are presented through Tables A.5 to A.9. Descriptions of 

the terminologies utilised in these tables are given below. 

RSN: Record sequence number in the PEER NGA-West2 database  

MW:  Moment magnitude of earthquake 

RRUP:  Distance from the recording site to the ruptured area, km 

Vs30:  Average shear wave velocity between 0 and 30 m depth, m/s 

PGA:  Peak ground acceleration, g 

PGV:  Peak ground velocity, cm/s 

TP:  Pulse period, s 
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Table A.1 GMRs in suite #1 

RSN Event name Year MW RRUP  Vs30  PGA  PGV  

96 "Managua_ Nicaragua-02" 1972 5.2 4.98 288.77 0.24 22.00 

132 "Friuli_ Italy-02" 1976 5.91 14.75 412.37 0.24 9.50 

134 "Izmir_ Turkey" 1977 5.3 3.21 535.24 0.24 9.05 

154 "Coyote Lake" 1979 5.74 19.7 335.5 0.11 6.86 

248 "Mammoth Lakes-06" 1980 5.94 12.39 382.12 0.29 16.35 

405 "Coalinga-05" 1983 5.77 11.5 352.2 0.29 16.89 

445 "New Zealand-01" 1984 5.5 8.84 356.39 0.10 7.12 

485 "Bishop (Rnd Val)" 1984 5.82 22.75 359.23 0.10 2.16 

547 "Chalfant Valley-01" 1986 5.77 6.39 316.19 0.25 23.14 

565 "Kalamata_ Greece-02" 1986 5.4 5.6 382.21 0.19 16.96 

1099 "Double Springs" 1994 5.9 12.84 392.97 0.07 7.07 

1135 "Kozani_ Greece-04" 1995 5.1 10.29 511.16 0.23 14.62 

1646 "Sierra Madre" 1991 5.61 17.13 340 0.22 16.41 

1725 "Northridge-06" 1994 5.28 11.6 318.16 0.11 5.63 

1740 "Little Skull Mtn_NV" 1992 5.65 16.06 302.64 0.17 8.57 

2391 "Chi-Chi_ Taiwan-02" 1999 5.9 10.41 363.99 0.32 12.45 

3605 "Lazio-Abruzzo_ Italy" 1984 5.8 24.4 436.79 0.13 9.71 

3699 "Whittier Narrows-02" 1987 5.27 23.35 346.62 0.03 2.62 

4147 "Parkfield-02_ CA" 2004 6.0 9.41 466.12 0.40 20.12 

4348 "Umbria Marche_ Italy" 1997 6.0 17.28 293 0.13 12.61 
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Table A.2 GMRs in suite #2 

RSN Event name Year MW RRUP  Vs30  PGA  PGV  

26 "Hollister-01" 1961 5.6 19.56 198.77 0.08 10.16 

122 "Friuli_ Italy-01" 1976 6.5 33.4 249.28 0.08 9.38 

214 "Livermore-01" 1980 5.8 17.24 377.51 0.10 16.32 

302 "Irpinia_ Italy-02" 1980 6.2 22.69 574.88 0.10 11.38 

346 "Coalinga-01" 1983 6.36 29.94 308.84 0.13 15.94 

544 "Chalfant Valley-01" 1986 5.77 23.47 303.47 0.11 9.42 

793 "Loma Prieta" 1989 6.93 78.68 614.57 0.09 16.54 

797 "Loma Prieta" 1989 6.93 74.14 873.1 0.09 9.12 

930 "Big Bear-01" 1992 6.46 33.79 325.83 0.10 9.81 

981 "Northridge-01" 1994 6.69 42.2 316.02 0.10 8.40 

1026 "Northridge-01" 1994 6.69 39.91 311.86 0.11 8.96 

1266 "Chi-Chi_ Taiwan" 1999 7.62 51.12 453.05 0.09 14.38 

1267 "Chi-Chi_ Taiwan" 1999 7.62 52.18 576.55 0.09 12.78 

1268 "Chi-Chi_ Taiwan" 1999 7.62 51.11 578.11 0.08 11.04 

1280 "Chi-Chi_ Taiwan" 1999 7.62 51.46 602.29 0.10 17.32 

1296 "Chi-Chi_ Taiwan" 1999 7.62 53.27 313.9 0.09 20.36 

1784 "Hector Mine" 1999 7.13 118.5 384.66 0.07 12.57 

2107 "Denali_ Alaska" 2002 7.9 50.94 399.35 0.09 9.92 

2626 "Chi-Chi_ Taiwan-03" 1999 6.2 19.65 573.02 0.18 20.72 

2937 "Chi-Chi_ Taiwan-05" 1999 6.2 81.71 228.66 0.08 8.76 

3465 "Chi-Chi_ Taiwan-06" 1999 6.3 41.68 379.64 0.08 8.40 

3494 "Chi-Chi_ Taiwan-06" 1999 6.3 42.53 260.62 0.07 7.51 

3495 "Chi-Chi_ Taiwan-06" 1999 6.3 37.92 535.13 0.09 8.32 

3504 "Chi-Chi_ Taiwan-06" 1999 6.3 39.54 270.22 0.07 11.61 

3752 "Landers" 1992 7.28 45.34 436.14 0.10 9.24 

3867 "Chi-Chi_ Taiwan-06" 1999 6.3 48.43 538.69 0.09 12.31 

4013 "San Simeon_ CA" 2003 6.52 19.01 509.04 0.11 13.64 

4851 "Chuetsu-oki_ Japan" 2007 6.8 36.73 572.37 0.09 12.71 

5268 "Chuetsu-oki_ Japan" 2007 6.8 41.54 193.2 0.14 10.20 

6992 "Darfield_ New Zealand" 2010 7.0 79.53 561.04 0.09 11.28 
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Table A.3 GMRs in suite #3 

RSN Event name Year MW RRUP  Vs30  PGA  PGV  

34 "Northern Calif-05" 1967 5.6 28.73 219.31 0.17 11.52 

199 "Imperial Valley-07" 1979 5.01 15.42 196.25 0.14 10.22 

203 "Imperial Valley-07" 1979 5.01 11.23 205.63 0.25 12.91 

208 "Imperial Valley-07" 1979 5.01 10.58 202.89 0.17 13.09 

223 "Livermore-02" 1980 5.42 18.28 377.51 0.15 16.93 

383 "Coalinga-02" 1983 5.09 12.4 257.38 0.14 3.27 

385 "Coalinga-02" 1983 5.09 12.31 270.41 0.15 8.44 

411 "Coalinga-05" 1983 5.77 16.05 257.38 0.30 18.69 

497 "Nahanni_ Canada" 1985 6.76 5.32 605.04 0.21 5.07 

550 "Chalfant Valley-02" 1986 6.19 18.31 585.12 0.16 9.35 

600 "Whittier Narrows-01" 1987 5.99 23.99 437.5 0.23 10.65 

668 "Whittier Narrows-01" 1987 5.99 20.42 279.46 0.15 20.26 

1623 "Stone Canyon" 1972 4.81 11.98 425.11 0.51 14.09 

1825 "Hector Mine" 1999 7.13 105.2 296.97 0.07 15.17 

2623 "Chi-Chi_ Taiwan-03" 1999 6.2 22.53 468.14 0.16 8.50 

3186 "Chi-Chi_ Taiwan-05" 1999 6.2 58.49 379.64 0.17 4.59 

3217 "Chi-Chi_ Taiwan-05" 1999 6.2 38.91 511.18 0.39 10.74 

3905 "Tottori_ Japan" 2000 6.61 54.71 592.05 0.15 4.47 

3923 "Tottori_ Japan" 2000 6.61 46.75 610.22 0.13 7.05 

4083 "Parkfield-02_ CA" 2004 6 5.29 906.96 0.22 13.11 

4085 "Parkfield-02_ CA" 2004 6 12.97 357.35 0.18 6.88 

4177 "Niigata_ Japan" 2004 6.63 97.7 391.9 0.11 3.23 

4213 "Niigata_ Japan" 2004 6.63 25.82 654.76 0.34 25.39 

4336 "Umbria Marche_ Italy" 1997 5.7 21.31 519 0.19 5.18 

4395 "Umbria Marche_ Italy" 1997 4.3 1.06 405 0.37 11.59 

4870 "Chuetsu-oki_ Japan" 2007 6.8 34.51 561.59 0.18 8.28 

5292 "Chuetsu-oki_ Japan" 2007 6.8 59.61 625 0.08 5.03 

5649 "Iwate_ Japan" 2008 6.9 72.44 1269.8 0.06 2.61 

6239 "Tottori_ Japan" 2000 6.61 99.39 324.85 0.11 6.43 

8771 "14383980" 2008 5.39 26.25 265.59 0.11 14.50 
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Table 4.4 GMRs in suite #4 

RSN Event name Year MW RRUP  Vs30  PGA  PGV  TP  

147 "Coyote Lake" 1979 5.74 9.02 270.84 0.22 24.34 1.5 

148 "Coyote Lake" 1979 5.74 7.42 349.85 0.26 23.92 1.2 

149 "Coyote Lake" 1979 5.74 5.7 221.78 0.24 27.92 1.4 

150 "Coyote Lake" 1979 5.74 3.11 663.31 0.37 36.21 1.2 

316 "Westmorland" 1981 5.9 16.66 348.69 0.19 44.10 4.4 

566 "Kalamata_ Greece-02" 1986 5.4 5.6 382.21 0.21 19.62 0.8 

568 "San Salvador" 1986 5.8 6.3 489.34 0.55 2.52 0.8 

569 "San Salvador" 1986 5.8 6.99 455.93 0.47 65.96 1.1 

4065 "Parkfield-02_ CA" 2004 6 2.85 383.9 0.35 26.33 1.2 

4097 "Parkfield-02_ CA" 2004 6 2.99 648.09 0.27 39.47 0.9 

4098 "Parkfield-02_ CA" 2004 6 3 326.64 0.40 39.72 1.3 

4100 "Parkfield-02_ CA" 2004 6 3.01 173.02 0.48 22.77 1.1 

4101 "Parkfield-02_ CA" 2004 6 5.55 397.36 0.65 48.31 0.5 

4102 "Parkfield-02_ CA" 2004 6 3.63 230.57 0.44 25.42 1.0 

4103 "Parkfield-02_ CA" 2004 6 4.23 410.4 0.54 34.26 0.7 

4107 "Parkfield-02_ CA" 2004 6 2.51 178.27 0.71 30.10 1.2 

4113 "Parkfield-02_ CA" 2004 6 2.85 372.26 0.12 21.39 1.1 

4115 "Parkfield-02_ CA" 2004 6 2.65 265.21 0.29 14.79 1.2 

4126 "Parkfield-02_ CA" 2004 6 3.79 260.63 0.76 4.76 0.6 

8123 "Christchurch_ NZ" 2011 6.2 5.13 141 0.52 69.49 1.6 
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Table A.5 Scaling factors for the GMRs in suite #1 

RSN 

Scaling approach 

Stripe Transition Mapping Sorting 

    Seed bridge model     

A B C A B C A B C A B C 

96 1.05 0.98 0.65 2.25 1.80 1.64 1.11 0.78 0.8 1.13 0.82 0.55 

132 1.89 2.63 2.03 2.25 1.80 1.64 1.49 0.55 0.9 2.55 1.72 1.89 

134 3.98 5.89 6.20 2.25 1.80 1.64 0.81 0.48 0.43 3.41 3.51 3.43 

154 2.22 1.72 1.37 2.25 1.80 1.64 0.62 0.61 0.92 1.55 1.21 1.30 

248 1.22 1.03 0.94 2.25 1.80 1.64 0.97 1.07 1.04 0.98 1.07 1.03 

405 0.83 0.62 0.87 2.25 1.80 1.64 1.18 1.68 0.94 0.94 0.89 0.83 

445 3.55 3.68 2.85 2.25 1.80 1.64 14.8 11.8 13.2 26.1 21.4 16.9 

485 18.3 21.2 18.9 2.25 1.80 1.64 0.40 0.21 0.32 9.20 6.86 8.60 

547 0.76 0.83 0.79 2.25 1.80 1.64 1.01 0.98 0.95 1.01 0.82 0.76 

565 1.32 1.28 1.04 2.25 1.80 1.64 0.52 0.85 1.06 0.62 0.89 1.08 

1099 2.51 1.43 1.36 2.25 1.80 1.64 0.55 1.02 0.89 1.62 1.45 0.93 

1135 1.36 1.04 1.18 2.25 1.80 1.64 0.85 0.64 0.78 1.20 0.73 0.84 

1646 1.50 1.49 0.92 2.25 1.80 1.64 1.48 0.64 1.57 2.01 1.08 1.36 

1725 3.96 4.86 5.74 2.25 1.80 1.64 33.8 27.3 20.1 53.6 51.7 45.4 

1740 2.56 2.64 3.34 2.25 1.80 1.64 1.38 1.09 0.41 3.26 2.81 1.81 

2391 1.78 2.48 2.27 2.25 1.80 1.64 0.36 0.28 0.79 0.47 0.41 0.85 

3605 2.29 1.34 1.03 2.25 1.80 1.64 0.41 0.82 0.36 1.18 0.87 0.50 

3699 5.98 3.58 3.26 2.25 1.80 1.64 0.25 0.58 0.32 2.12 2.42 1.50 

4147 0.58 0.57 0.60 2.25 1.80 1.64 1.22 1.15 1.51 0.67 0.62 0.79 

4348 1.49 0.93 0.79 2.25 1.80 1.64 0.68 0.77 1.00 1.12 0.77 0.79 
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Table A.6 Scaling factors for the GMRs in suite #2 

RSN 

Scaling approach 

Stripe Transition Mapping Sorting 

    Seed bridge model     

A B C A B C A B C A B C 

26 1.06 0.85 0.95 2.04 0.99 0.82 1.13 1.21 1.12 1.17 0.98 1.09 

122 1.63 1.08 0.92 2.04 0.99 0.82 0.65 1.05 0.93 1.18 1.13 0.87 

214 1.32 0.84 0.69 2.04 0.99 0.82 0.89 0.58 0.80 0.91 0.56 0.59 

302 1.38 0.90 0.95 2.04 0.99 0.82 0.91 0.85 0.62 0.93 0.80 0.67 

346 0.87 0.50 0.65 2.04 0.99 0.82 0.95 1.10 1.16 0.84 0.54 1.11 

544 1.60 1.06 1.16 2.04 0.99 0.82 1.02 0.95 0.76 1.63 0.96 0.82 

793 1.31 0.82 0.72 2.04 0.99 0.82 1.11 1.19 1.28 1.41 0.93 0.86 

797 1.98 1.30 1.11 2.04 0.99 0.82 0.91 0.97 0.99 1.85 0.98 0.99 

930 1.37 1.06 0.87 2.04 0.99 0.82 1.26 0.92 0.90 1.64 0.94 0.81 

981 1.22 1.27 1.00 2.04 0.99 0.82 1.63 0.96 1.25 1.77 1.23 1.17 

1026 1.43 1.12 0.75 2.04 0.99 0.82 2.08 0.96 1.18 2.51 1.09 1.13 

1266 1.25 0.61 0.65 2.04 0.99 0.82 1.02 1.86 0.80 1.27 0.98 0.56 

1267 1.49 0.83 0.80 2.04 0.99 0.82 0.86 1.01 0.84 1.33 1.01 0.70 

1268 1.47 0.88 0.84 2.04 0.99 0.82 0.68 1.09 1.10 1.09 0.94 0.90 

1280 1.21 0.57 0.66 2.04 0.99 0.82 1.08 1.04 1.00 1.29 0.59 0.66 

1296 1.96 0.99 0.98 2.04 0.99 0.82 1.07 0.81 0.55 2.07 0.84 0.64 

1784 1.40 0.92 0.81 2.04 0.99 0.82 1.05 0.87 0.86 1.46 0.83 0.73 

2107 1.86 1.49 1.27 2.04 0.99 0.82 2.45 3.59 3.65 3.67 3.94 3.25 

2626 0.71 0.69 0.86 2.04 0.99 0.82 1.14 1.21 0.61 0.78 0.8 0.60 

2937 1.53 1.28 1.20 2.04 0.99 0.82 0.74 1.15 0.87 1.22 1.43 1.09 

3465 1.93 1.42 0.85 2.04 0.99 0.82 0.89 0.64 1.10 1.77 1.01 0.91 

3494 2.15 1.35 1.16 2.04 0.99 0.82 0.94 0.90 1.05 2.06 1.25 1.21 

3495 1.59 1.30 1.11 2.04 0.99 0.82 1.21 0.83 0.72 1.83 1.13 0.79 

3504 1.61 0.97 0.69 2.04 0.99 0.82 0.96 0.88 1.03 1.56 0.88 0.70 

3752 1.43 0.91 0.90 2.04 0.99 0.82 0.76 0.80 0.96 1.16 0.76 0.87 

3867 1.42 0.81 0.83 2.04 0.99 0.82 0.99 1.06 1.20 1.41 0.85 0.94 

4013 1.45 0.73 0.79 2.04 0.99 0.82 1.05 1.24 1.03 1.51 0.86 0.81 

4851 1.22 0.88 0.79 2.04 0.99 0.82 1.06 1.05 1.21 1.27 1.04 0.91 

5268 1.32 0.91 0.81 2.04 0.99 0.82 0.76 1.13 0.99 1.07 1.00 0.80 

6992 1.20 0.86 0.80 2.04 0.99 0.82 1.22 1.18 1.06 1.40 0.98 1.04 
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Table A.7 Scaling factors for the GMRs in suite #3 

RSN 

Scaling approach 

Stripe Transition Mapping Sorting 

    Seed bridge model     

A B C A B C A B C A B C 

34 2.85 1.47 1.51 3.8 2.83 2.71 0.56 0.99 0.87 1.5 1.45 1.32 

199 2.40 1.69 2.11 3.8 2.83 2.71 0.83 0.98 0.62 1.95 1.65 1.33 

203 2.31 1.91 1.93 3.8 2.83 2.71 1.12 1.46 1.31 2.62 2.93 2.49 

208 2.12 1.49 1.72 3.8 2.83 2.71 1.37 1.72 1.87 3.01 2.75 3.15 

223 2.26 1.24 1.32 3.8 2.83 2.71 0.73 0.57 0.68 0.70 0.53 0.69 

383 3.14 2.47 2.64 3.8 2.83 2.71 0.69 0.67 0.62 2.07 1.59 1.66 

385 3.17 2.31 2.53 3.8 2.83 2.71 1.28 1.13 0.97 4.18 2.64 2.47 

411 1.66 1.05 1.13 3.8 2.83 2.71 0.96 1.42 1.02 0.95 1.56 1.15 

497 12.8 5.54 3.44 3.8 2.83 2.71 0.59 1.02 0.58 7.13 5.66 2.04 

550 6.55 3.36 1.86 3.8 2.83 2.71 1.33 1.25 2.13 8.97 4.30 3.86 

600 2.50 2.52 2.73 3.8 2.83 2.71 1.70 1.02 1.08 4.52 2.56 2.95 

668 1.63 0.93 1.04 3.8 2.83 2.71 1.29 1.23 1.11 2.15 1.26 1.15 

1623 3.48 2.97 2.29 3.8 2.83 2.71 1.12 1.39 1.74 3.95 4.30 3.90 

1825 3.16 1.37 1.12 3.8 2.83 2.71 0.92 0.92 0.84 2.87 0.92 0.85 

2623 2.13 1.92 2.02 3.8 2.83 2.71 1.00 0.85 0.89 2.12 1.60 1.81 

3186 2.96 2.23 2.03 3.8 2.83 2.71 1.16 0.65 1.01 3.50 1.38 2.06 

3217 2.69 2.05 1.97 3.8 2.83 2.71 0.87 0.72 0.92 2.30 1.43 1.81 

3905 8.54 7.36 4.41 3.8 2.83 2.71 2.73 1.32 2.08 26.1 10.1 8.92 

3923 9.27 3.65 2.97 3.8 2.83 2.71 0.54 0.41 0.70 4.64 1.33 2.11 

4083 1.54 1.46 1.45 3.8 2.83 2.71 1.07 1.52 1.42 1.65 2.33 2.03 

4085 4.67 2.70 2.03 3.8 2.83 2.71 0.99 0.91 0.62 4.62 2.43 1.29 

4177 6.17 6.15 8.22 3.8 2.83 2.71 7.11 2.68 3.44 54.5 18.7 26.9 

4213 1.27 0.63 0.60 3.8 2.83 2.71 1.47 1.38 1.50 1.94 0.90 1.48 

4336 5.65 4.72 4.93 3.8 2.83 2.71 1.13 0.99 0.87 6.48 4.69 4.30 

4395 2.97 2.42 2.80 3.8 2.83 2.71 0.48 0.61 0.49 1.31 1.40 1.40 

4870 2.60 1.69 1.48 3.8 2.83 2.71 1.26 1.23 0.83 3.37 2.14 1.23 

5292 6.33 4.01 3.47 3.8 2.83 2.71 0.54 0.84 0.97 3.21 3.30 3.37 

5649 17.5 10.2 7.38 3.8 2.83 2.71 0.71 0.96 0.88 12.1 9.67 6.50 

6239 3.14 2.25 2.82 3.8 2.83 2.71 0.79 0.82 0.41 2.42 1.80 1.20 

8771 2.11 1.14 1.21 3.8 2.83 2.71 1.32 1.10 1.05 2.87 1.26 1.26 
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Table A.8 Scaling factors for the GMRs in suite #4 

RSN 

Scaling approach 

Stripe Transition Mapping Sorting 

    Seed bridge model     

A B C A B C A B C A B C 

147 1.11 0.75 0.74 0.62 0.36 0.47 1.43 1.07 1.12 1.73 0.82 1.11 

148 0.9 0.47 0.61 0.62 0.36 0.47 0.94 1.08 1.19 0.84 0.52 0.71 

149 0.62 0.45 0.54 0.62 0.36 0.47 1.09 1.18 1.23 0.69 0.56 0.65 

150 0.45 0.36 0.50 0.62 0.36 0.47 0.65 0.52 0.55 0.26 0.16 0.28 

316 0.59 0.45 0.41 0.62 0.36 0.47 1.26 0.98 0.78 0.78 0.44 0.33 

566 0.74 0.72 1.05 0.62 0.36 0.47 1.51 1.60 1.31 1.67 1.84 1.35 

568 0.25 0.18 0.18 0.62 0.36 0.47 0.72 0.63 1.11 0.17 0.10 0.20 

569 0.29 0.17 0.21 0.62 0.36 0.47 1.01 0.71 0.89 0.30 0.11 0.19 

4065 0.79 0.43 0.48 0.62 0.36 0.47 0.89 0.79 0.84 0.69 0.32 0.41 

4097 0.37 0.21 0.34 0.62 0.36 0.47 1.31 1.62 1.79 0.52 0.39 0.58 

4098 0.51 0.29 0.36 0.62 0.36 0.47 0.50 0.45 0.48 0.22 0.10 0.18 

4100 0.30 0.19 0.26 0.62 0.36 0.47 0.43 0.01 0.02 0.10 0.01 0.01 

4101 0.42 0.61 1.00 0.62 0.36 0.47 1.33 1.13 0.97 0.60 0.72 0.97 

4102 0.45 0.34 0.47 0.62 0.36 0.47 1.25 1.09 1.08 0.59 0.38 0.50 

4103 0.38 0.41 0.61 0.62 0.36 0.47 0.92 0.89 0.95 0.35 0.35 0.58 

4107 0.25 0.16 0.21 0.62 0.36 0.47 1.15 0.92 0.94 0.29 0.14 0.20 

4113 1.28 0.59 0.65 0.62 0.36 0.47 0.88 0.51 0.58 0.86 0.25 0.39 

4115 0.58 0.26 0.27 0.62 0.36 0.47 0.48 0.70 0.89 0.23 0.16 0.24 

4126 0.34 0.35 0.51 0.62 0.36 0.47 0.89 0.76 0.75 0.29 0.24 0.39 

8123 0.33 0.14 0.14 0.62 0.36 0.47 0.70 0.73 0.03 0.21 0.10 0.01 
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Table A.9 Scaling factors evaluated for the forty sampled analytical bridge models 

based on the transition scaling approach  

Sampled 

bridge 

model 

GMR suite 

#1 #2 #3 #4 

1 2.03 1.08 1.09 0.78 

2 1.37 1.07 1.04 1.19 

3 1.61 1.56 1.52 1.00 

4 4.38 1.00 1.04 0.40 

5 1.37 1.08 1.11 0.83 

6 1.53 1.23 1.22 1.45 

7 3.82 0.79 1.01 0.87 

8 3.07 1.10 1.06 0.80 

9 1.68 0.97 0.99 0.70 

10 3.97 0.68 0.98 0.88 

11 3.93 1.08 1.05 4.82 

12 3.68 0.78 1.00 0.89 

13 1.43 1.18 1.18 0.85 

14 1.33 1.20 1.10 1.28 

15 1.55 1.17 1.19 1.99 

16 1.52 1.37 1.24 1.52 

17 1.37 1.00 0.97 1.71 

18 1.89 1.04 1.07 0.81 

19 4.15 0.88 0.94 5.10 

20 1.48 1.22 1.15 1.36 

21 1.32 1.03 0.99 1.03 

22 3.86 1.01 1.03 0.39 

23 1.97 2.54 3.04 0.84 

24 1.29 0.98 0.91 1.25 

25 1.73 1.77 1.77 1.29 

26 1.55 1.23 1.24 1.13 

27 2.96 1.48 1.53 0.86 

28 4.00 0.72 1.09 0.91 

29 1.58 1.31 1.28 1.38 

30 1.48 1.11 1.13 1.43 

31 4.42 0.87 0.99 5.10 

32 1.49 1.24 1.17 1.32 

33 1.35 0.99 0.94 1.25 

34 1.32 1.10 1.05 1.20 

35 1.57 0.99 2.39 0.71 

36 1.68 0.82 2.57 0.72 

37 1.52 1.18 1.15 1.09 

38 1.54 1.28 1.19 1.24 

39 1.33 1.06 1.12 0.65 

40 1.54 1.32 1.26 1.24 
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Appendix B 

 

Probabilistic Seismic Demand Analysis 

Results using OCA Data 

 

B.1. Collapse Fragility Curves 

The probability of collapse, PC|IM, evaluated based on the original Cloud analysis (OCA) 

data is presented through Figures B.1 to B.12. These figures illustrate the collapse 

fragility curves for different combinations of the seed bridge models (A, B or C) and 

ground motion records (GMR) suites (#1 to #4). For each combination, four collapse 

fragility curves are generated using different nominated intensity measures (IM). These 

IMs are the peak ground acceleration (PGA), peak ground velocity (PGV), spectral 

acceleration at the elastic period (Sa) and spectral acceleration at the elongated period 

(Sae). For demonstrating these collapse fragility curves, the upper bound on the IM axis 

(i.e. horizontal axis) is limited to be the maximum IM value in the corresponding GMR 

suite. This allows the estimated collapse probability to be compared considering 
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different nominated IMs. Note that, all the collapse fragility curves shown in Figures 

B.1 to B.12 are generated by the logistic regression. 

 

  

(a) IM = PGA (g) (b) IM = PGV (cm/s) 

  

(c) IM = Sa (T = 0.44 s) (g) (d) IM = Sae (T = 0.57 s) (g) 

Figure B.1 Collapse fragility curves generated using the OCA data for the seed 

bridge model A and GMR suite #1 
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(a) IM = PGA (g) (b) IM = PGV (cm/s) 

  

(c) IM = Sa (T = 0.44 s) (g) (d) IM = Sae (T = 0.57 s) (g) 

Figure B.2 Collapse fragility curves generated using the OCA data for the seed 

bridge model A and GMR suite #2 
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(a) IM = PGA (g) (b) IM = PGV (cm/s) 

  

(c) IM = Sa (T = 0.44 s) (g) (d) IM = Sae (T = 0.57 s) (g) 

Figure B.3 Collapse fragility curves generated using the OCA data for the seed 

bridge model A and GMR suite #3 
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(a) IM = PGA (g) (b) IM = PGV (cm/s) 

  

(c) IM = Sa (T = 0.44 s) (g) (d) IM = Sae (T = 0.57 s) (g) 

Figure B.4 Collapse fragility curves generated using the OCA data for the seed 

bridge model A and GMR suite #4 
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(a) IM = PGA (g) (b) IM = PGV (cm/s) 

  

(c) IM = Sa (T = 0.61 s) (g) (d) IM = Sae (T = 1.13 s) (g) 

Figure B.5 Collapse fragility curves generated using the OCA data for the seed 

bridge model B and GMR suite #1 
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(a) IM = PGA (g) (b) IM = PGV (cm/s) 

  

(c) IM = Sa (T = 0.61 s) (g) (d) IM = Sae (T = 1.13 s) (g) 

Figure B.6 Collapse fragility curves generated using the OCA data for the seed 

bridge model B and GMR suite #2 
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(a) IM = PGA (g) (b) IM = PGV (cm/s) 

  

(c) IM = Sa (T = 0.61 s) (g) (d) IM = Sae (T = 1.13 s) (g) 

Figure B.7 Collapse fragility curves generated using the OCA data for the seed 

bridge model B and GMR suite #3 
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(a) IM = PGA (g) (b) IM = PGV (cm/s) 

  

(c) IM = Sa (T = 0.61 s) (g) (d) IM = Sae (T = 1.13 s) (g) 

Figure B.8 Collapse fragility curves generated using the OCA data for the seed 

bridge model B and GMR suite #4 
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(a) IM = PGA (g) (b) IM = PGV (cm/s) 

  

(c) IM = Sa (T = 0.74 s) (g) (d) IM = Sae (T = 1.67 s) (g) 

Figure B.9 Collapse fragility curves generated using the OCA data for the seed 

bridge model C and GMR suite #1 
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(a) IM = PGA (g) (b) IM = PGV (cm/s) 

  

(c) IM = Sa (T = 0.74 s) (g) (d) IM = Sae (T = 1.67 s) (g) 

Figure B.10 Collapse fragility curves generated using the OCA data for the seed 

bridge model C and GMR suite #2 
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(a) IM = PGA (g) (b) IM = PGV (cm/s) 

  

(c) IM = Sa (T = 0.74 s) (g) (d) IM = Sae (T = 1.67 s) (g) 

Figure B.11 Collapse fragility curves generated using the OCA data for the seed 

bridge model C and GMR suite #3 
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(a) IM = PGA (g) (b) IM = PGV (cm/s) 

  

(c) IM = Sa (T = 0.74 s) (g) (d) IM = Sae (T = 1.67 s) (g) 

Figure B.12 Collapse fragility curves generated using the OCA data for the seed 

bridge model C and GMR suite #4 
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B.2. Non-Collapse Probability Distribution Parameters  

Tables B.1 to B.24 summarise the evaluated non-collapse probability distribution 

parameters for the various combinations of the seed bridge models and GMR suites. For 

each combination, these parameters (i.e. median and standard deviation of regression) 

are calculated using different nominated IMs and engineering demand parameters 

(EDP). In addition, the matrices of correlation between the nominated EDPs are 

presented in the following. The descriptions of the terminologies utilised in Tables B.1 

to B.24 are given below. 

 

ηEDP|IM: Median of the lognormal probability distribution. 

βEDP|IM: Standard deviation of the lognormal probability distribution.  

pirL: Longitudinal displacement ductility of bridge pier walls. 

pirT: Transverse displacement ductility of bridge pier walls. 

abtL: Longitudinal  deformation of bridge abutments (mm). 

abtT: Transverse deformation of bridge abutments (mm). 

brgL: Longitudinal deformation of bridge bearings (mm). 

brgT: Transverse deformation of bridge bearings (mm). 
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Table B.1 Non-collapse probability distribution parameters evaluated using the OCA 

data for the seed bridge model A and GMR suite #1 

EDP 
IM = PGA (g) IM = PGV (cm/s) 

ηEDP|IM βEDP|IM ηEDP|IM βEDP|IM 

ln(pirL) 2.927 + 1.120 ln(IM)  1.52 0.018 + 1.510 ln(IM)  1.34 

ln(pirT) 3.068 + 1.380 ln(IM)  0.82 0.017 + 1.170 ln(IM)  0.93 

ln(brgL) 92.148 + 1.300 ln(IM)  1.62 0.278 + 1.500 ln(IM)  1.52 

ln(brgT) 2.526 + 1.310 ln(IM)  0.67 0.021 + 1.050 ln(IM)  0.82 

ln(abtL) 88.711 + 1.100 ln(IM)  1.50 0.475 + 1.400 ln(IM)  1.36 

ln(abtT) 33.713 + 1.370 ln(IM)  0.82 1.194 + 1.160 ln(IM)  0.93 

EDP 
IM = Sa (T = 0.44 s) (g) IM = Sae (T = 0.57 s) (g) 

ηEDP|IM βEDP|IM ηEDP|IM βEDP|IM 

ln(pirL) 1.899 + 1.230 ln(IM)  1.32 2.767 + 1.350 ln(IM)  1.27 

ln(pirT) 0.823 + 0.910 ln(IM)  0.94 0.929 + 0.890 ln(IM)  0.97 

ln(brgL) 39.265 + 1.150 ln(IM)  1.54 53.872 + 1.230 ln(IM)  1.52 

ln(brgT) 0.703 + 0.830 ln(IM)  0.82 0.774 + 0.800 ln(IM)  0.85 

ln(abtL) 53.195 + 1.140 ln(IM)  1.35 73.490 + 1.230 ln(IM)  1.32 

ln(abtT) 9.170 + 0.910 ln(IM)  0.94 10.360 + 0.880 ln(IM)  0.97 

 

Table B.2 Matrix of correlation between different EDPs using OCA data for the seed 

bridge model A and GMR suite #1 

EDP ln(pirL) ln(pirT) ln(brgL) ln(brgT) ln(abtL) ln(abtT) 

ln(pirL) 1.000 0.774 0.970 0.680 0.993 0.775 

ln(pirT) 0.774 1.000 0.806 0.976 0.800 1.000 

ln(brgL) 0.970 0.806 1.000 0.690 0.979 0.807 

ln(brgT) 0.680 0.976 0.690 1.000 0.702 0.976 

ln(abtL) 0.993 0.800 0.979 0.702 1.000 0.800 

ln(abtT) 0.775 1.000 0.807 0.976 0.800 1.000 
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Table B.3 Non-collapse probability distribution parameters evaluated using the OCA 

data for the seed bridge model A and GMR suite #2 

EDP 
IM = PGA (g) IM = PGV (cm/s) 

ηEDP|IM βEDP|IM ηEDP|IM βEDP|IM 

ln(pirL) 1.950 + 0.480 ln(IM)  0.41 0.171 + 0.530 ln(IM)  0.40 

ln(pirT) 2.901 + 1.150 ln(IM)  0.28 0.189 + -0.010 ln(IM)  0.34 

ln(brgL) 85.630 + 0.850 ln(IM)  0.43 3.229 + 0.520 ln(IM)  0.43 

ln(brgT) 2.688 + 1.180 ln(IM)  0.28 0.207 + -0.110 ln(IM)  0.35 

ln(abtL) 37.994 + 0.270 ln(IM)  0.39 4.560 + 0.600 ln(IM)  0.36 

ln(abtT) 32.268 + 1.150 ln(IM)  0.28 2.031 + 0.010 ln(IM)  0.34 

EDP 
IM = Sa (T = 0.44 s) (g) IM = Sae (T = 0.57 s) (g) 

ηEDP|IM βEDP|IM ηEDP|IM βEDP|IM 

ln(pirL) 1.770 + 0.640 ln(IM)  0.39 5.479 + 1.310 ln(IM)  0.33 

ln(pirT) 0.496 + 0.600 ln(IM)  0.32 0.504 + 0.600 ln(IM)  0.32 

ln(brgL) 33.618 + 0.670 ln(IM)  0.43 114.231 + 1.390 ln(IM)  0.36 

ln(brgT) 0.386 + 0.550 ln(IM)  0.33 0.373 + 0.520 ln(IM)  0.33 

ln(abtL) 54.880 + 0.630 ln(IM)  0.37 150.333 + 1.220 ln(IM)  0.31 

ln(abtT) 5.666 + 0.610 ln(IM)  0.31 5.809 + 0.620 ln(IM)  0.32 

 

Table B.4 Matrix of correlation between different EDPs using OCA data for the seed 

bridge model A and GMR suite #2 

EDP ln(pirL) ln(pirT) ln(brgL) ln(brgT) ln(abtL) ln(abtT) 

ln(pirL) 1.000 0.171 0.968 0.118 0.925 0.181 

ln(pirT) 0.171 1.000 0.245 0.981 0.103 0.999 

ln(brgL) 0.968 0.245 1.000 0.203 0.868 0.252 

ln(brgT) 0.118 0.981 0.203 1.000 0.047 0.981 

ln(abtL) 0.925 0.103 0.868 0.047 1.000 0.114 

ln(abtT) 0.181 0.999 0.252 0.981 0.114 1.000 
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Table B.5 Non-collapse probability distribution parameters evaluated using the OCA 

data for the seed bridge model A and GMR suite #3 

EDP 
IM = PGA (g) IM = PGV (cm/s) 

ηEDP|IM βEDP|IM ηEDP|IM βEDP|IM 

ln(pirL) 0.827 + 0.520 ln(IM)  0.78 0.044 + 0.920 ln(IM)  0.62 

ln(pirT) 1.951 + 1.040 ln(IM)  0.59 0.109 + 0.480 ln(IM)  0.73 

ln(brgL) 23.289 + 0.650 ln(IM)  0.63 1.275 + 0.800 ln(IM)  0.53 

ln(brgT) 1.981 + 1.090 ln(IM)  0.61 0.119 + 0.410 ln(IM)  0.78 

ln(abtL) 22.962 + 0.450 ln(IM)  0.73 1.680 + 0.840 ln(IM)  0.58 

ln(abtT) 21.098 + 1.030 ln(IM)  0.58 1.237 + 0.470 ln(IM)  0.72 

EDP 
IM = Sa (T = 0.44 s) (g) IM = Sae (T = 0.57 s) (g) 

ηEDP|IM βEDP|IM ηEDP|IM βEDP|IM 

ln(pirL) 1.424 + 0.880 ln(IM)  0.60 1.642 + 0.900 ln(IM)  0.58 

ln(pirT) 1.111 + 0.770 ln(IM)  0.61 1.066 + 0.690 ln(IM)  0.64 

ln(brgL) 29.294 + 0.850 ln(IM)  0.47 32.371 + 0.840 ln(IM)  0.46 

ln(brgT) 0.931 + 0.710 ln(IM)  0.68 0.864 + 0.610 ln(IM)  0.71 

ln(abtL) 41.451 + 0.840 ln(IM)  0.55 47.804 + 0.860 ln(IM)  0.52 

ln(abtT) 12.076 + 0.760 ln(IM)  0.60 11.756 + 0.680 ln(IM)  0.63 

 

Table B.6 Matrix of correlation between different EDPs using OCA data for the seed 

bridge model A and GMR suite #3 

EDP ln(pirL) ln(pirT) ln(brgL) ln(brgT) ln(abtL) ln(abtT) 

ln(pirL) 1.000 0.430 0.936 0.317 0.981 0.427 

ln(pirT) 0.430 1.000 0.516 0.966 0.412 1.000 

ln(brgL) 0.936 0.516 1.000 0.385 0.937 0.513 

ln(brgT) 0.317 0.966 0.385 1.000 0.272 0.967 

ln(abtL) 0.981 0.412 0.937 0.272 1.000 0.409 

ln(abtT) 0.427 1.000 0.513 0.967 0.409 1.000 
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Table B.7 Non-collapse probability distribution parameters evaluated using the OCA 

data for the seed bridge model A and GMR suite #4 

EDP 
IM = PGA (g) IM = PGV (cm/s) 

ηEDP|IM βEDP|IM ηEDP|IM βEDP|IM 

ln(pirL) 3.022 + 0.590 ln(IM)  0.44 2.446 + -0.150 ln(IM)  0.53 

ln(pirT) 1.760 + 0.850 ln(IM)  0.19 0.851 + -0.080 ln(IM)  0.48 

ln(brgL) 88.030 + 0.720 ln(IM)  0.67 76.058 + -0.220 ln(IM)  0.77 

ln(brgT) 1.239 + 0.740 ln(IM)  0.26 0.506 + 0.010 ln(IM)  0.47 

ln(abtL) 87.742 + 0.640 ln(IM)  0.52 46.265 + -0.050 ln(IM)  0.62 

ln(abtT) 19.061 + 0.830 ln(IM)  0.19 8.850 + -0.06 ln(IM)  0.48 

EDP 
IM = Sa (T = 0.44 s) (g) IM = Sae (T = 0.57 s) (g) 

ηEDP|IM βEDP|IM ηEDP|IM βEDP|IM 

ln(pirL) 2.451 + 0.760 ln(IM)  0.43 2.664 + 0.810 ln(IM)  0.41 

ln(pirT) 1.166 + 0.920 ln(IM)  0.29 1.116 + 0.770 ln(IM)  0.35 

ln(brgL) 72.097 + 1.030 ln(IM)  0.64 84.222 + 1.160 ln(IM)  0.59 

ln(brgT) 0.893 + 0.850 ln(IM)  0.30 0.878 + 0.750 ln(IM)  0.34 

ln(abtL) 66.395 + 0.760 ln(IM)  0.53 70.382 + 0.770 ln(IM)  0.52 

ln(abtT) 12.688 + 0.900 ln(IM)  0.29 12.118 + 0.750 ln(IM)  0.36 

 

Table B.8 Matrix of correlation between different EDPs using OCA data for the seed 

bridge model A and GMR suite #4 

EDP ln(pirL) ln(pirT) ln(brgL) ln(brgT) ln(abtL) ln(abtT) 

ln(pirL) 1.000 0.432 0.834 0.358 0.590 0.416 

ln(pirT) 0.432 1.000 0.304 0.923 0.296 0.999 

ln(brgL) 0.834 0.304 1.000 0.169 0.743 0.285 

ln(brgT) 0.358 0.923 0.169 1.000 0.185 0.931 

ln(abtL) 0.590 0.296 0.743 0.185 1.000 0.290 

ln(abtT) 0.416 0.999 0.285 0.931 0.290 1.000 
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Table B.9 Non-collapse probability distribution parameters evaluated using the OCA 

data for the seed bridge model B and GMR suite #1 

EDP 
IM = PGA (g) IM = PGV (cm/s) 

ηEDP|IM βEDP|IM ηEDP|IM βEDP|IM 

ln(pirL) 3.352 + 1.120 ln(IM)  1.58 0.011 + 1.570 ln(IM)  1.36 

ln(pirT) 1.358 + 1.320 ln(IM)  0.76 0.010 + 1.080 ln(IM)  0.86 

ln(brgL) 138.417 + 1.300 ln(IM)  1.55 0.393 + 1.510 ln(IM)  1.43 

ln(brgT) 2.982 + 1.320 ln(IM)  0.70 0.028 + 0.980 ln(IM)  0.87 

ln(abtL) 69.200 + 0.930 ln(IM)  1.44 0.745 + 1.220 ln(IM)  1.31 

ln(abtT) 25.215 + 1.350 ln(IM)  0.82 0.174 + 1.090 ln(IM)  0.93 

EDP 
IM = Sa (T = 0.61 s) (g) IM = Sae (T = 1.13 s) (g) 

ηEDP|IM βEDP|IM ηEDP|IM βEDP|IM 

ln(pirL) 4.813 + 1.390 ln(IM)  1.27 9.944 + 1.400 ln(IM)  1.15 

ln(pirT) 0.433 + 0.730 ln(IM)  0.95 0.549 + 0.670 ln(IM)  0.95 

ln(brgL) 107.044 + 1.220 ln(IM)  1.42 209.971 + 1.250 ln(IM)  1.33 

ln(brgT) 0.720 + 0.570 ln(IM)  0.98 0.868 + 0.530 ln(IM)  0.98 

ln(abtL) 75.295 + 1.030 ln(IM)  1.29 134.646 + 1.060 ln(IM)  1.21 

ln(abtT) 7.224 + 0.700 ln(IM)  1.03 9.457 + 0.660 ln(IM)  1.02 

 

Table B.10 Matrix of correlation between different EDPs using OCA data for the 

seed bridge model B and GMR suite #1 

EDP ln(pirL) ln(pirT) ln(brgL) ln(brgT) ln(abtL) ln(abtT) 

ln(pirL) 1.000 0.777 0.977 0.673 0.972 0.784 

ln(pirT) 0.777 1.000 0.809 0.975 0.809 0.994 

ln(brgL) 0.977 0.809 1.000 0.721 0.970 0.828 

ln(brgT) 0.673 0.975 0.721 1.000 0.717 0.979 

ln(abtL) 0.972 0.809 0.970 0.717 1.000 0.828 

ln(abtT) 0.784 0.994 0.828 0.979 0.828 1.000 



Appendix B 

 

248 
 

Table B.11 Non-collapse probability distribution parameters evaluated using the 

OCA data for the seed bridge model B and GMR suite #2 

EDP 
IM = PGA (g) IM = PGV (cm/s) 

ηEDP|IM βEDP|IM ηEDP|IM βEDP|IM 

ln(pirL) 5.527 + 0.700 ln(IM)  0.47 0.108 + 0.940 ln(IM)  0.41 

ln(pirT) 0.790 + 0.920 ln(IM)  0.19 0.074 + 0.080 ln(IM)  0.25 

ln(brgL) 283.235 + 0.930 ln(IM)  0.48 1.408 + 1.280 ln(IM)  0.37 

ln(brgT) 3.914 + 1.260 ln(IM)  0.23 0.179 + 0.030 ln(IM)  0.32 

ln(abtL) 62.312 + 0.360 ln(IM)  0.42 5.955 + 0.620 ln(IM)  0.39 

ln(abtT) 19.467 + 1.050 ln(IM)  0.21 1.712 + -0.030 ln(IM)  0.28 

EDP 
IM = Sa (T = 0.61 s) (g) IM = Sae (T = 1.13 s) (g) 

ηEDP|IM βEDP|IM ηEDP|IM βEDP|IM 

ln(pirL) 6.628 + 1.070 ln(IM)  0.39 12.651 + 1.310 ln(IM)  0.33 

ln(pirT) 0.154 + 0.320 ln(IM)  0.23 0.191 + 0.400 ln(IM)  0.23 

ln(brgL) 212.138 + 1.120 ln(IM)  0.40 507.029 + 1.470 ln(IM)  0.32 

ln(brgT) 0.285 + 0.220 ln(IM)  0.31 0.364 + 0.330 ln(IM)  0.31 

ln(abtL) 89.434 + 0.710 ln(IM)  0.37 104.731 + 0.720 ln(IM)  0.37 

ln(abtT) 2.671 + 0.300 ln(IM)  0.27 3.047 + 0.340 ln(IM)  0.26 

 

Table B.12 Matrix of correlation between different EDPs using OCA data for the 

seed bridge model B and GMR suite #2 

EDP ln(pirL) ln(pirT) ln(brgL) ln(brgT) ln(abtL) ln(abtT) 

ln(pirL) 1.000 0.280 0.915 0.125 0.801 0.196 

ln(pirT) 0.280 1.000 0.248 0.861 0.175 0.972 

ln(brgL) 0.915 0.248 1.000 0.186 0.705 0.182 

ln(brgT) 0.125 0.861 0.186 1.000 0.040 0.921 

ln(abtL) 0.801 0.175 0.705 0.040 1.000 0.135 

ln(abtT) 0.196 0.972 0.182 0.921 0.135 1.000 
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Table B.13 Non-collapse probability distribution parameters evaluated using the 

OCA data for the seed bridge model B and GMR suite #3 

EDP 
IM = PGA (g) IM = PGV (cm/s) 

ηEDP|IM βEDP|IM ηEDP|IM βEDP|IM 

ln(pirL) 0.700 + 0.220 ln(IM)  0.69 0.089 + 0.770 ln(IM)  0.53 

ln(pirT) 1.022 + 1.080 ln(IM)  0.50 0.044 + 0.570 ln(IM)  0.65 

ln(brgL) 24.521 + 0.360 ln(IM)  0.62 2.579 + 0.750 ln(IM)  0.47 

ln(brgT) 3.380 + 1.300 ln(IM)  0.41 0.135 + 0.450 ln(IM)  0.72 

ln(abtL) 26.387 + 0.310 ln(IM)  0.56 3.842 + 0.630 ln(IM)  0.44 

ln(abtT) 20.840 + 1.140 ln(IM)  0.47 0.843 + 0.550 ln(IM)  0.66 

EDP 
IM = Sa (T = 0.61 s) (g) IM = Sae (T = 1.13 s) (g) 

ηEDP|IM βEDP|IM ηEDP|IM βEDP|IM 

ln(pirL) 2.092 + 0.740 ln(IM)  0.48 4.439 + 0.890 ln(IM)  0.40 

ln(pirT) 0.457 + 0.560 ln(IM)  0.63 0.566 + 0.530 ln(IM)  0.65 

ln(brgL) 50.583 + 0.680 ln(IM)  0.43 95.154 + 0.800 ln(IM)  0.38 

ln(brgT) 0.662 + 0.310 ln(IM)  0.74 0.739 + 0.290 ln(IM)  0.74 

ln(abtL) 53.199 + 0.630 ln(IM)  0.38 94.807 + 0.730 ln(IM)  0.33 

ln(abtT) 7.615 + 0.510 ln(IM)  0.65 9.369 + 0.490 ln(IM)  0.67 

 

Table B.14 Matrix of correlation between different EDPs using OCA data for the 

seed bridge model B and GMR suite #3 

EDP ln(pirL) ln(pirT) ln(brgL) ln(brgT) ln(abtL) ln(abtT) 

ln(pirL) 1.000 0.337 0.932 0.179 0.953 0.324 

ln(pirT) 0.337 1.000 0.377 0.899 0.489 0.993 

ln(brgL) 0.932 0.377 1.000 0.266 0.895 0.368 

ln(brgT) 0.179 0.899 0.266 1.000 0.349 0.937 

ln(abtL) 0.953 0.489 0.895 0.349 1.000 0.479 

ln(abtT) 0.324 0.993 0.368 0.937 0.479 1.000 
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Table B.15 Non-collapse probability distribution parameters evaluated using the 

OCA data for the seed bridge model B and GMR suite #4 

EDP 
IM = PGA (g) IM = PGV (cm/s) 

ηEDP|IM βEDP|IM ηEDP|IM βEDP|IM 

ln(pirL) 2.080 + 0.100 ln(IM)  0.51 0.390 + 0.460 ln(IM)  0.49 

ln(pirT) 0.982 + 0.950 ln(IM)  0.20 0.340 + 0.640 ln(IM)  0.48 

ln(brgL) 79.985 + 0.320 ln(IM)  0.58 18.928 + 0.310 ln(IM)  0.59 

ln(brgT) 1.368 + 0.640 ln(IM)  0.25 0.204 + 0.330 ln(IM)  0.39 

ln(abtL) 25.580 + 0.280 ln(IM)  0.45 91.819 + -0.270 ln(IM)  0.46 

ln(abtT) 16.555 + 0.930 ln(IM)  0.23 0.779 + 0.560 ln(IM)  0.49 

EDP 
IM = Sa (T = 0.61 s) (g) IM = Sae (T = 1.13 s) (g) 

ηEDP|IM βEDP|IM ηEDP|IM βEDP|IM 

ln(pirL) 2.252 + 0.240 ln(IM)  0.50 4.502 + 0.770 ln(IM)  0.42 

ln(pirT) 0.433 + 0.430 ln(IM)  0.48 0.403 + 0.310 ln(IM)  0.50 

ln(brgL) 67.778 + 0.270 ln(IM)  0.58 140.136 + 0.820 ln(IM)  0.51 

ln(brgT) 0.664 + 0.090 ln(IM)  0.40 0.702 + 0.110 ln(IM)  0.40 

ln(abtL) 34.400 + -0.070 ln(IM)  0.47 53.740 + 0.340 ln(IM)  0.45 

ln(abtT) 6.900 + 0.320 ln(IM)  0.50 7.050 + 0.250 ln(IM)  0.51 

 

Table B.16 Matrix of correlation between different EDPs using OCA data for the 

seed bridge model B and GMR suite #4 

EDP ln(pirL) ln(pirT) ln(brgL) ln(brgT) ln(abtL) ln(abtT) 

ln(pirL) 1.000 0.416 0.960 0.166 0.727 0.163 

ln(pirT) 0.416 1.000 0.452 0.651 0.422 0.949 

ln(brgL) 0.960 0.452 1.000 0.017 0.727 0.214 

ln(brgT) 0.166 0.651 0.017 1.000 0.141 0.798 

ln(abtL) 0.727 0.422 0.727 0.141 1.000 0.209 

ln(abtT) 0.163 0.949 0.214 0.798 0.209 1.000 
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Table B.17 Non-collapse probability distribution parameters evaluated using the 

OCA data for the seed bridge model C and GMR suite #1 

EDP 
IM = PGA (g) IM = PGV (cm/s) 

ηEDP|IM βEDP|IM ηEDP|IM βEDP|IM 

ln(pirL) 2.275 + 0.860 ln(IM)  1.70 0.015 + 1.500 ln(IM)  1.46 

ln(pirT) 1.378 + 1.300 ln(IM)  0.74 0.011 + 1.080 ln(IM)  0.84 

ln(brgL) 107.577 + 1.060 ln(IM)  1.76 0.550 + 1.440 ln(IM)  1.61 

ln(brgT) 2.215 + 1.280 ln(IM)  0.66 0.022 + 0.980 ln(IM)  0.81 

ln(abtL) 46.304 + 0.700 ln(IM)  1.46 1.048 + 1.090 ln(IM)  1.33 

ln(abtT) 24.971 + 1.350 ln(IM)  0.82 0.158 + 1.130 ln(IM)  0.91 

EDP 
IM = Sa (T = 0.74 s) (g) IM = Sae (T = 1.67 s) (g) 

ηEDP|IM βEDP|IM ηEDP|IM βEDP|IM 

ln(pirL) 12.160 + 1.560 ln(IM)  1.16 27.765 + 1.450 ln(IM)  1.14 

ln(pirT) 0.579 + 0.730 ln(IM)  0.92 0.708 + 0.610 ln(IM)  0.95 

ln(brgL) 280.831 + 1.400 ln(IM)  1.45 617.778 + 1.310 ln(IM)  1.42 

ln(brgT) 0.702 + 0.570 ln(IM)  0.93 0.821 + 0.480 ln(IM)  0.95 

ln(abtL) 124.056 + 1.090 ln(IM)  1.20 232.614 + 1.030 ln(IM)  1.17 

ln(abtT) 10.208 + 0.750 ln(IM)  1.00 13.256 + 0.650 ln(IM)  1.02 

 

Table B.18 Matrix of correlation between different EDPs using OCA data for the 

seed bridge model C and GMR suite #1 

EDP ln(pirL) ln(pirT) ln(brgL) ln(brgT) ln(abtL) ln(abtT) 

ln(pirL) 1.000 0.735 0.965 0.636 0.960 0.763 

ln(pirT) 0.735 1.000 0.762 0.977 0.762 0.995 

ln(brgL) 0.965 0.762 1.000 0.681 0.970 0.801 

ln(brgT) 0.636 0.977 0.681 1.000 0.668 0.969 

ln(abtL) 0.960 0.762 0.970 0.668 1.000 0.800 

ln(abtT) 0.763 0.995 0.801 0.969 0.800 1.000 
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Table B.19 Non-collapse probability distribution parameters evaluated using the 

OCA data for the seed bridge model C and GMR suite #2 

EDP 
IM = PGA (g) IM = PGV (cm/s) 

ηEDP|IM βEDP|IM ηEDP|IM βEDP|IM 

ln(pirL) 2.448 + 0.310 ln(IM)  0.46 0.154 + 0.850 ln(IM)  0.40 

ln(pirT) 0.668 + 0.830 ln(IM)  0.20 0.075 + 0.080 ln(IM)  0.24 

ln(brgL) 113.436 + 0.450 ln(IM)  0.45 3.832 + 0.960 ln(IM)  0.39 

ln(brgT) 2.258 + 1.100 ln(IM)  0.31 0. 094 + 0.220 ln(IM)  0.36 

ln(abtL) 25.675 + 0.300 ln(IM)  0.35 19.652 + 0.140 ln(IM)  0.35 

ln(abtT) 14.081 + 0.920 ln(IM)  0.21 1.430 + 0.040 ln(IM)  0.26 

EDP 
IM = Sa (T = 0.74 s) (g) IM = Sae (T = 1.67 s) (g) 

ηEDP|IM βEDP|IM ηEDP|IM βEDP|IM 

ln(pirL) 6.535 + 0.940 ln(IM)  0.41 24.432 + 1.380 ln(IM)  0.38 

ln(pirT) 0.184 + 0.390 ln(IM)  0.23 0.108 + 0.080 ln(IM)  0.24 

ln(brgL) 198.356 + 0.900 ln(IM)  0.42 906.175 + 1.440 ln(IM)  0.37 

ln(brgT) 0.270 + 0.280 ln(IM)  0.36 0.224 + 0.150 ln(IM)  0.36 

ln(abtL) 51.059 + 0.340 ln(IM)  0.34 126.392 + 0.690 ln(IM)  0.33 

ln(abtT) 3.185 + 0.390 ln(IM)  0.24 2.031 + 0.120 ln(IM)  0.26 

 

Table B.20 Matrix of correlation between different EDPs using OCA data for the 

seed bridge model C and GMR suite #2 

EDP ln(pirL) ln(pirT) ln(brgL) ln(brgT) ln(abtL) ln(abtT) 

ln(pirL) 1.000 0.091 0.962 0.114 0.722 0.330 

ln(pirT) 0.091 1.000 0.100 0.676 0.100 0.981 

ln(brgL) 0.962 0.100 1.000 0.198 0.682 0.305 

ln(brgT) 0.114 0.676 0.198 1.000 0.146 0.743 

ln(abtL) 0.722 0.100 0.682 0.146 1.000 0.149 

ln(abtT) 0.330 0.981 0.305 0.743 0.149 1.000 
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Table B.21 Non-collapse probability distribution parameters evaluated using the 

OCA data for the seed bridge model C and GMR suite #3 

EDP 
IM = PGA (g) IM = PGV (cm/s) 

ηEDP|IM βEDP|IM ηEDP|IM βEDP|IM 

ln(pirL) 0.646 + 0.210 ln(IM)  0.79 0.079 + 0.800 ln(IM)  0.64 

ln(pirT) 0.961 + 1.040 ln(IM)  0.53 0.041 + 0.600 ln(IM)  0.65 

ln(brgL) 21.292 + 0.270 ln(IM)  0.63 2.757 + 0.720 ln(IM)  0.48 

ln(brgT) 1.865 + 1.100 ln(IM)  0.42 0.103 + 0.430 ln(IM)  0.64 

ln(abtL) 26.407 + 0.330 ln(IM)  0.57 3.944 + 0.600 ln(IM)  0.47 

ln(abtT) 17.178 + 1.060 ln(IM)  0.54 0.739 + 0.580 ln(IM)  0.67 

EDP 
IM = Sa (T = 0.74 s) (g) IM = Sae (T = 1.67 s) (g) 

ηEDP|IM βEDP|IM ηEDP|IM βEDP|IM 

ln(pirL) 3.258 + 0.870 ln(IM)  0.55 9.785 + 1.040 ln(IM)  0.52 

ln(pirT) 0.593 + 0.600 ln(IM)  0.63 0.755 + 0.540 ln(IM)  0.67 

ln(brgL) 68.602 + 0.730 ln(IM)  0.43 140.725 + 0.800 ln(IM)  0.44 

ln(brgT) 0.658 + 0.400 ln(IM)  0.64 0.779 + 0.360 ln(IM)  0.66 

ln(abtL) 66.720 + 0.670 ln(IM)  0.40 140.061 + 0.760 ln(IM)  0.39 

ln(abtT) 9.893 + 0.580 ln(IM)  0.65 12.407 + 0.520 ln(IM)  0.69 

 

Table B.22 Matrix of correlation between different EDPs using OCA data for the 

seed bridge model C and GMR suite #3 

EDP ln(pirL) ln(pirT) ln(brgL) ln(brgT) ln(abtL) ln(abtT) 

ln(pirL) 1.000 0.315 0.898 0.182 0.950 0.294 

ln(pirT) 0.315 1.000 0.380 0.953 0.441 0.994 

ln(brgL) 0.898 0.380 1.000 0.235 0.909 0.371 

ln(brgT) 0.182 0.953 0.235 1.000 0.318 0.958 

ln(abtL) 0.950 0.441 0.909 0.318 1.000 0.422 

ln(abtT) 0.294 0.994 0.371 0.958 0.422 1.000 



Appendix B 

 

254 
 

Table B.23 Non-collapse probability distribution parameters evaluated using the 

OCA data for the seed bridge model C and GMR suite #4 

EDP 
IM = PGA (g) IM = PGV (cm/s) 

ηEDP|IM βEDP|IM ηEDP|IM βEDP|IM 

ln(pirL) 2.095 + 0.160 ln(IM)  0.52 2.928 + -0.160 ln(IM)  0.52 

ln(pirT) 1.084 + 0.970 ln(IM)  0.18 0.623 + -0.170 ln(IM)  0.56 

ln(brgL) 79.379 + 0.340 ln(IM)  0.52 112.219 + -0.230 ln(IM)  0.54 

ln(brgT) 1.171 + 1.650 ln(IM)  0.23 1.052 + -0.190 ln(IM)  0.41 

ln(abtL) 28.968 + 0.010 ln(IM)  0.16 34.798 + -0.060 ln(IM)  0.16 

ln(abtT) 18.351 + 0.980 ln(IM)  0.20 10.696 + -0.170 ln(IM)  0.57 

EDP 
IM = Sa (T = 0.74 s) (g) IM = Sae (T = 1.67 s) (g) 

ηEDP|IM βEDP|IM ηEDP|IM βEDP|IM 

ln(pirL) 2.959 + 0.570 ln(IM)  0.48 9.815 + 1.070 ln(IM)  0.38 

ln(pirT) 0.571 + 0.490 ln(IM)  0.53 0.519 + 0.220 ln(IM)  0.56 

ln(brgL) 112.296 + 0.790 ln(IM)  0.46 377.988 + 1.210 ln(IM)  0.38 

ln(brgT) 0.710 + 0.240 ln(IM)  0.41 0.768 + 0.190 ln(IM)  0.42 

ln(abtL) 31.842 + 0.120 ln(IM)  0.16 43.435 + 0.260 ln(IM)  0.14 

ln(abtT) 9.450 + 0.470 ln(IM)  0.55 9.132 + 0.250 ln(IM)  0.57 

 

Table B.24 Matrix of correlation between different EDPs using OCA data for the 

seed bridge model C and GMR suite #4 

EDP ln(pirL) ln(pirT) ln(brgL) ln(brgT) ln(abtL) ln(abtT) 

ln(pirL) 1.000 0.351 0.983 0.160 0.866 0.272 

ln(pirT) 0.351 1.000 0.397 0.662 0.481 0.989 

ln(brgL) 0.983 0.397 1.000 0.049 0.865 0.324 

ln(brgT) 0.160 0.662 0.049 1.000 0.070 0.730 

ln(abtL) 0.866 0.481 0.865 0.070 1.000 0.399 

ln(abtT) 0.272 0.989 0.324 0.730 0.399 1.000 
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Appendix C 

 

Seismic Fragility Assessment Results 

using the Combined OCA-SCA data 

 

C.1. Collapse Fragility Curves Generated Based on SCA Data  

The collapse fragility curves generated by various scaled Cloud analysis (SCA) data 

(i.e. transition, mapping and sorting approaches) and logistic regression are 

demonstrated in Figures C.1 to C.12. Note that, the stripe scaling approach is excluded 

from these figures since the seismic data obtained by this approach cannot be used in 

logistic regression. 
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(a) IM = PGA (g) (b) IM = PGV (cm/s) 

  

(c) IM = Sa (T = 0.44 s) (g) (d) IM = Sae (T = 0.57 s) (g) 

Figure C.1 Collapse fragility curves generated using the SCA data for the seed bridge 

model A and GMR suite #1 

 



Appendix C 

 

257 
 

  

(a) IM = PGA (g) (b) IM = PGV (cm/s) 

  

(c) IM = Sa (T = 0.44 s) (g) (d) IM = Sae (T = 0.57 s) (g) 

Figure C.2 Collapse fragility curves generated using the SCA data for the seed bridge 

model A and GMR suite #2 

 

 

 

 

 



Appendix C 

 

258 
 

  

(a) IM = PGA (g) (b) IM = PGV (cm/s) 

  

(c) IM = Sa (T = 0.44 s) (g) (d) IM = Sae (T = 0.57 s) (g) 

Figure C.3 Collapse fragility curves generated using the SCA data for the seed bridge 

model A and GMR suite #3 
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(a) IM = PGA (g) (b) IM = PGV (cm/s) 

  

(c) IM = Sa (T = 0.44 s) (g) (d) IM = Sae (T = 0.57 s) (g) 

Figure C.4 Collapse fragility curves generated using the SCA data for the seed bridge 

model A and GMR suite #4 
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(a) IM = PGA (g) (b) IM = PGV (cm/s) 

  

(c) IM = Sa (T = 0.61 s) (g) (d) IM = Sae (T = 1.13 s) (g) 

Figure C.5 Collapse fragility curves generated using the SCA data for the seed bridge 

model B and GMR suite #1 
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(a) IM = PGA (g) (b) IM = PGV (cm/s) 

  

(c) IM = Sa (T = 0.61 s) (g) (d) IM = Sae (T = 1.13 s) (g) 

Figure C.6 Collapse fragility curves generated using the SCA data for the seed bridge 

model B and GMR suite #2 
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(a) IM = PGA (g) (b) IM = PGV (cm/s) 

  

(c) IM = Sa (T = 0.61 s) (g) (d) IM = Sae (T = 1.13 s) (g) 

Figure C.7 Collapse fragility curves generated using the SCA data for the seed bridge 

model B and GMR suite #3 
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(a) IM = PGA (g) (b) IM = PGV (cm/s) 

  

(c) IM = Sa (T = 0.61 s) (g) (d) IM = Sae (T = 1.13 s) (g) 

Figure C.8 Collapse fragility curves generated using the SCA data for the seed bridge 

model B and GMR suite #4 
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(a) IM = PGA (g) (b) IM = PGV (cm/s) 

  

(c) IM = Sa (T = 0.74 s) (g) (d) IM = Sae (T = 1.67 s) (g) 

Figure C.9 Collapse fragility curves generated using the SCA data for the seed bridge 

model C and GMR suite #1 
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(a) IM = PGA (g) (b) IM = PGV (cm/s) 

  

(c) IM = Sa (T = 0.74 s) (g) (d) IM = Sae (T = 1.67 s) (g) 

Figure C.10 Collapse fragility curves generated using the SCA data for the seed 

bridge model C and GMR suite #2 
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(a) IM = PGA (g) (b) IM = PGV (cm/s) 

  

(c) IM = Sa (T = 0.74 s) (g) (d) IM = Sae (T = 1.67 s) (g) 

Figure C.11 Collapse fragility curves generated using the SCA data for the seed 

bridge model C and GMR suite #3 
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(a) IM = PGA (g) (b) IM = PGV (cm/s) 

  

(c) IM = Sa (T = 0.74 s) (g) (d) IM = Sae (T = 1.67 s) (g) 

Figure C.12 Collapse fragility curves generated using the SCA data for the seed 

bridge model C and GMR suite #4 
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C.2. Collapse Fragility Curves Generated by ECA  

The collapse fragility curves evaluated by the extended Cloud analysis (ECA) method 

are illustrated through Figures C.13 to C.24. These curves are generated using the OCA 

data in combination with the SCA data. Note that, various SCA data is examined for 

this purpose, through using different GMR scaling approaches proposed in this study 

(i.e. stripe, transition, mapping and sorting approaches). Therefore, four collapse 

fragility curves are generated by ECA, which are different with respect to the SCA data 

used for this purpose. For each set of ECA collapse fragility curves, shown in Figures 

C.13 to C.24, the corresponding IDA fragility curve is also generated and illustated for 

comparison purposes. Also, the median collapse IM levels over these curves (i.e. IM at 

PC|IM = 0.5) are numerically summarised in Tables C.1 to C.12. In these tables, the 

values which are presented by bold text represent the scaling approaches which produce 

closer estimations to the IDA results. 
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(a) IM = PGA (g) (b) IM = PGV (cm/s) 

  

(c) IM = Sa (T = 0.44 s) (g) (d) IM = Sae (T = 0.57 s) (g) 

Figure C.13 Collapse fragility curve generated based on the ECA method for the seed 

bridge model A and GMR suite #1 

 

Table C.1 Comparison of median collapse seismic fragility evaluated by ECA with IDA 

methods for the seed bridge model A and GMR suite #1 

IM IDA Stripe Transition Mapping Sorting 

PGA 0.86 g 0.50 g 0.77 g 0.19 g 0.52 g 

PGV 52.35 cm/s 25.33 cm/s  42.56 cm/s  12.44 cm/s  33.92 cm/s 

Sa 1.43 g 0.73 g 1.04 g 0.35 g 0.82 g 

Sae 1.20 g 0.75 g 0.99 g 0.27 g 0.83 g 
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(a) IM = PGA (g) (b) IM = PGV (cm/s) 

  

(c) IM = Sa (T = 0.44 s) (g) (d) IM = Sae (T = 0.57 s) (g) 

Figure C.14 Collapse fragility curve generated based on the ECA method for the seed 

bridge model A and GMR suite #2 

 

Table C.2 Comparison of median collapse seismic fragility evaluated by ECA with IDA 

methods for the seed bridge model A and GMR suite #2 

IM IDA Stripe Transition Mapping Sorting 

PGA 0.39 g 0.34 g 0.36 g 0.18 g 0.56 g 

PGV 48.52 cm/s 38.71 cm/s  42.51 cm/s  18.60 cm/s  32.23 cm/s 

Sa 0.85 g 0.75 g 0.75 g 0.35 g 0.88 g 

Sae 0.82 g 0.76 g 0.76 g 0.35 g 0.95 g 
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(a) IM = PGA (g) (b) IM = PGV (cm/s) 

  

(c) IM = Sa (T = 0.44 s) (g) (d) IM = Sae (T = 0.57 s) (g) 

Figure C.15 Collapse fragility curve generated based on the ECA method for the seed 

bridge model A and GMR suite #3 

 

Table C.3 Comparison of median collapse seismic fragility evaluated by ECA with IDA 

methods for the seed bridge model A and GMR suite #3 

IM IDA Stripe Transition Mapping Sorting 

PGA 1.15 g 0.39 g 0.58 g 0.20 g 0.55 g 

PGV 59.62 cm/s 35.84 cm/s  42.82 cm/s  12.66 cm/s  47.48 cm/s 

Sa 1.30 g 0.68 g 1.03 g 0.39 g 1.14 g 

Sae 1.15 g 0.66 g 0.93 g 0.34 g 1.05 g 
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(a) IM = PGA (g) (b) IM = PGV (cm/s) 

  

(c) IM = Sa (T = 0.44 s) (g) (d) IM = Sae (T = 0.57 s) (g) 

Figure C.16 Collapse fragility curve generated based on the ECA method for the seed 

bridge model A and GMR suite #4 

 

Table C.4 Comparison of median collapse seismic fragility evaluated by ECA with IDA 

methods for the seed bridge model A and GMR suite #4 

IM IDA Stripe Transition Mapping Sorting 

PGA 0.59 g 0.33 g 0.44 g 0.28 g 0.43 g 

PGV 40.98 cm/s 23.80 cm/s  31.82 cm/s  17.37 cm/s  25.55 cm/s 

Sa 1.04 g 0.72 g 0.80 g 0.53 g 0.80 g 

Sae 1.00 g 0.71 g 0.79 g 0.52 g 0.82 g 
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(a) IM = PGA (g) (b) IM = PGV (cm/s) 

  

(c) IM = Sa (T = 0.61 s) (g) (d) IM = Sae (T = 1.13 s) (g) 

Figure C.17 Collapse fragility curve generated based on the ECA method for the seed 

bridge model B and GMR suite #1 

 

Table C.5 Comparison of median collapse seismic fragility evaluated by ECA with IDA 

methods for the seed bridge model B and GMR suite #1 

IM IDA Stripe Transition Mapping Sorting 

PGA 0.95 g 0.26 g 0.45 g 0.10 g 0.30 g 

PGV 58.21 cm/s 17.63 cm/s 33.96 cm/s  6.87 cm/s  23.87 cm/s 

Sa 1.00 g 0.36 g 0.77 g 0.17 g 0.44 g 

Sae 0.60 g 0.31 g 0.50 g 0.13 g 0.32 g 
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(a) IM = PGA (g) (b) IM = PGV (cm/s) 

  

(c) IM = Sa (T = 0.61 s) (g) (d) IM = Sae (T = 1.13 s) (g) 

Figure C.18 Collapse fragility curve generated based on the ECA method for the seed 

bridge model B and GMR suite #2 

 

Table C.6 Comparison of median collapse seismic fragility evaluated by ECA with IDA 

methods for the seed bridge model B and GMR suite #2 

IM IDA Stripe Transition Mapping Sorting 

PGA 0.28 g 0.18 g 0.20 g 0.16 g 0.13 g 

PGV 33.97 cm/s 21.94 cm/s  19.25 cm/s  15.17 cm/s  14.58 cm/s 

Sa 0.54 g 0.35 g 0.38 g 0.28 g 0.24 g 

Sae 0.45 g 0.29 g 0.31 g 0.24 g 0.22 g 
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(a) IM = PGA (g) (b) IM = PGV (cm/s) 

  

(c) IM = Sa (T = 0.61 s) (g) (d) IM = Sae (T = 1.13 s) (g) 

Figure C.19 Collapse fragility curve generated based on the ECA method for the seed 

bridge model B and GMR suite #3 

 

Table C.7 Comparison of median collapse seismic fragility evaluated by ECA with IDA 

methods for the seed bridge model B and GMR suite #3 

IM IDA Stripe Transition Mapping Sorting 

PGA 1.26 g 0.33 g 0.48 g 0.26 g 0.39 g 

PGV 65.29 cm/s 28.04 cm/s 42.19 cm/s  16.54 cm/s  34.82 cm/s 

Sa 1.01 g 0.43 g 0.73 g 0.33 g 0.70 g 

Sae 0.61 g 0.36 g 0.54 g 0.20 g 0.51 g 
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(a) IM = PGA (g) (b) IM = PGV (cm/s) 

  

(c) IM = Sa (T = 0.61 s) (g) (d) IM = Sae (T = 1.13 s) (g) 

Figure C.20 Collapse fragility curve generated based on the ECA method for the seed 

bridge model B and GMR suite #4 

 

Table C.8 Comparison of median collapse seismic fragility evaluated by ECA with IDA 

methods for the seed bridge model B and GMR suite #4 

IM IDA Stripe Transition Mapping Sorting 

PGA 0.54 g 0.37 g 0.41 g 0.28 g 0.38 g 

PGV 37.50 cm/s 24.38 cm/s 25.47 cm/s  21.02 cm/s  26.40 cm/s 

Sa 0.85 g 0.64 g 0.72 g 0.50 g 0.65 g 

Sae 0.64 g 0.48 g 0.53 g 0.38 g 0.49 g 
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(a) IM = PGA (g) (b) IM = PGV (cm/s) 

  

(c) IM = Sa (T = 0.74 s) (g) (d) IM = Sae (T = 1.67 s) (g) 

Figure C.21 Collapse fragility curve generated based on the ECA method for the seed 

bridge model C and GMR suite #1 

 

Table C.9 Comparison of median collapse seismic fragility evaluated by ECA with IDA 

methods for the seed bridge model C and GMR suite #1 

IM IDA Stripe Transition Mapping Sorting 

PGA 0.89 g 0.25 g 0.41 g 0.14 g 0.30 g 

PGV 54.44 cm/s 16.74 cm/s 37.21 cm/s  12.66 cm/s  20.37 cm/s 

Sa 0.66 g 0.41 g 0.61 g 0.17 g 0.37 g 

Sae 0.32 g 0.20 g 0.31 g 0.08 g 0.19 g 
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(a) IM = PGA (g) (b) IM = PGV (cm/s) 

  

(c) IM = Sa (T = 0.74 s) (g) (d) IM = Sae (T = 1.67 s) (g) 

Figure C.22 Collapse fragility curve generated based on the ECA method for the seed 

bridge model C and GMR suite #2 

 

Table C.10 Comparison of median collapse seismic fragility evaluated by ECA with 

IDA methods for the seed bridge model C and GMR suite #2 

IM IDA Stripe Transition Mapping Sorting 

PGA 0.28 g 0.12 g 0.21 g 0.13 g 0.17 g 

PGV 35.01 cm/s 15.07 cm/s 23.08 cm/s  16.85 cm/s  21.16 cm/s 

Sa 0.51 g 0.23 g 0.37 g 0.25 g 0.31 g 

Sae 0.35 g 0.14 g 0.25 g 0.16 g 0.21 g 
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(a) IM = PGA (g) (b) IM = PGV (cm/s) 

  

(c) IM = Sa (T = 0.74 s) (g) (d) IM = Sae (T = 1.67 s) (g) 

Figure C.23 Collapse fragility curve generated based on the ECA method for the seed 

bridge model C and GMR suite #3 

 

Table C.11 Comparison of median collapse seismic fragility evaluated by ECA with 

IDA methods for the seed bridge model C and GMR suite #3 

IM IDA Stripe Transition Mapping Sorting 

PGA 1.17 g 0.37 g 0.51 g 0.29 g 0.36 g 

PGV 60.64 cm/s 32.95 cm/s 43.65 cm/s  10.77 cm/s  31.16 cm/s 

Sa 0.71 g 0.49 g 0.61 g 0.24 g 0.53 g 

Sae 0.36 g 0.28 g 0.33 g 0.12 g 0.34 g 
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(a) IM = PGA (g) (b) IM = PGV (cm/s) 

  

(c) IM = Sa (T = 0.74 s) (g) (d) IM = Sae (T = 1.67 s) (g) 

Figure C.24 Collapse fragility curve generated based on the ECA method for the seed 

bridge model C and GMR suite #4 

 

Table C.12 Comparison of median collapse seismic fragility evaluated by ECA with 

IDA methods for the seed bridge model C and GMR suite #4 

IM IDA Stripe Transition Mapping Sorting 

PGA 0.53 g 0.37 g 0.44 g 0.29 g 0.37 g 

PGV 36.97 cm/s 26.61 cm/s 25.78 cm/s  20.14 cm/s  25.76 cm/s 

Sa 0.79 g 0.61 g 0.75 g 0.46 g 0.59 g 

Sae 0.42 g 0.35 g 0.40 g 0.27 g 0.34 g 
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C.3. Non-Collapse Probability Distribution Parameters  

Table C.13 to C.24 summarises the median parameter of the non-collapse probability 

distributions evaluated based on OCA, SCA, ECA and IDA fragility assessment 

methods, for the various combinations of seed bridge models and GMR suites. The 

slope of evaluated medians (i.e. regression parameter “b”) by different methods is also 

compared for different methods through the bar graphs in Figures C.25 to C.36. The 

standard deviation parameter of the non-collapse probability distributions is illustrated 

in Figures C.37 to C.48. Note that, to evaluate these parameters, the SCA data obtained 

by the transition scaling approach is utilised and IM = Sae. The descriptions of the 

terminologies utilised in these figures and tables are given below.  

ηEDP|IM: Median of the lognormal probability distribution. 

βEDP|IM: Standard deviation of the lognormal probability distribution.  

pirL: Longitudinal displacement ductility of bridge pier walls. 

pirT: Transverse displacement ductility of bridge pier walls. 

abtL: Longitudinal  deformation of bridge abutments (mm). 

abtT: Transverse deformation of bridge abutments (mm). 

brgL: Longitudinal deformation of bridge bearings (mm). 

brgT: Transverse deformation of bridge bearings (mm). 

Sae: Spectral acceleration at elongated period (g). 



Appendix C 

 

282 
 

Table C.13 Median fit of the non-collapse probability distribution for different fragility 

assessment methods considering the seed bridge model A and GMR suite #1  

EDP 
OCA SCA 

ηEDP|Sae ηEDP|Sae 

ln(pirL) 2.767 + 1.350 ln(Sae)  1.650 + 1.250 ln(Sae) 

ln(pirT) 0.929 + 0.890 ln(Sae)  1.130 + 0.960 ln(Sae) 

ln(brgL) 53.872 + 1.230 ln(Sae)  41.740 + 1.220 ln(Sae) 

ln(brgT) 0.774 + 0.800 ln(Sae)  1.280 + 0.990 ln(Sae) 

ln(abtL) 73.490 + 1.230 ln(Sae)  45.610 + 1.110 ln(Sae) 

ln(abtT) 10.360 + 0.880 ln(Sae)  12.450 + 0.950 ln(Sae) 

EDP 
ECA IDA 

ηEDP|Sae ηEDP|Sae 

ln(pirL) 1.780 + 0.950 ln(Sae) 2.100 + 1.010 ln(Sae) 

ln(pirT) 1.390 + 1.070 ln(Sae) 1.350 + 1.090 ln(Sae) 

ln(brgL) 46.700 + 1.160 ln(Sae) 67.140 + 1.230 ln(Sae) 

ln(brgT) 1.520 + 1.270 ln(Sae) 1.220 + 1.190 ln(Sae) 

ln(abtL) 48.470 + 0.870 ln(Sae) 41.930 + 0.740 ln(Sae) 

ln(abtT) 15.310 + 1.060 ln(Sae) 14.500 + 1.070 ln(Sae) 

 

 

Figure C.25 Comparison of the regression parameter “b” evaluated for the seed bridge 

model A and GMR suite #1  
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Table C.14 Median fit of the non-collapse probability distribution for different fragility 

assessment methods considering the seed bridge model A and GMR suite #2 

EDP 
OCA SCA 

ηEDP|Sae ηEDP|Sae 

ln(pirL) 5.479 + 1.310 ln(Sae)  2.960 + 1.030 ln(Sae) 

ln(pirT) 0.504 + 0.600 ln(Sae)  0.970 + 0.830 ln(Sae) 

ln(brgL) 114.231 + 1.390 ln(Sae)  92.490 + 1.360 ln(Sae) 

ln(brgT) 0.373 + 0.520 ln(Sae)  0.850 + 0.750 ln(Sae) 

ln(abtL) 150.333 + 1.220 ln(Sae)  73.73 + 0.990 ln(Sae) 

ln(abtT) 5.809 + 0.620 ln(Sae)  10.650 + 0.800 ln(Sae) 

EDP 
ECA IDA 

ηEDP|Sae ηEDP|Sae 

ln(pirL) 2.500 + 0.890 ln(Sae) 2.730 + 0.820 ln(Sae) 

ln(pirT) 1.130 + 1.080 ln(Sae) 1.110 + 1.120 ln(Sae) 

ln(brgL) 78.930 + 1.200 ln(Sae) 78.83 + 0.740 ln(Sae) 

ln(brgT) 1.140 + 1.170 ln(Sae) 1.020 + 1.330 ln(Sae) 

ln(abtL) 55.000 + 0.680 ln(Sae) 43.090 + 0.070 ln(Sae) 

ln(abtT) 12.610 + 1.080 ln(Sae) 12.050 + 0.830 ln(Sae) 

 

 

Figure C.26 Comparison of the regression parameter “b” evaluated for the seed bridge 

model A and GMR suite #2  
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Table C.15 Median fit of the non-collapse probability distribution for different fragility 

assessment methods considering the seed bridge model A and GMR suite #3 

EDP 
OCA SCA 

ηEDP|Sae ηEDP|Sae 

ln(pirL) 1.642 + 0.900 ln(Sae)  1.610 + 0.820 ln(Sae) 

ln(pirT) 1.066 + 0.690 ln(Sae)  1.780 + 0.790 ln(Sae) 

ln(brgL) 32.371 + 0.840 ln(Sae)  39.150 + 0.830 ln(Sae) 

ln(brgT) 0.864 + 0.610 ln(Sae)  1.760 + 0.810 ln(Sae) 

ln(abtL) 47.804 + 0.860 ln(Sae)  35.710 + 0.590 ln(Sae) 

ln(abtT) 11.756 + 0.680 ln(Sae)  18.660 + 0.760 ln(Sae) 

EDP 
ECA IDA 

ηEDP|Sae ηEDP|Sae 

ln(pirL) 1.840 + 0.960 ln(Sae) 1.810 + 0.960 ln(Sae) 

ln(pirT) 2.040 + 1.040 ln(Sae) 1.860 + 1.080 ln(Sae) 

ln(brgL) 45.470 + 1.030 ln(Sae) 45.600 + 1.060 ln(Sae) 

ln(brgT) 1.860 + 1.060 ln(Sae) 2.060 + 1.080 ln(Sae) 

ln(abtL) 40.900 + 0.790 ln(Sae) 41.520 + 0.750 ln(Sae) 

ln(abtT) 21.380 + 1.020 ln(Sae) 19.500 + 1.050 ln(Sae) 

 

 

Figure C.27 Comparison of the regression parameter “b” evaluated for the seed bridge 

model A and GMR suite #3  
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Table C.16 Median fit of the non-collapse probability distribution for different fragility 

assessment methods considering the seed bridge model A and GMR suite #4 

EDP 
OCA SCA 

ηEDP|Sae ηEDP|Sae 

ln(pirL) 2.664 + 0.810 ln(Sae)  2.660 + 0.870 ln(Sae) 

ln(pirT) 1.116 + 0.770 ln(Sae)  1.010 + 0.710 ln(Sae) 

ln(brgL) 84.222 + 1.160 ln(Sae)  103.750 + 1.370 ln(Sae) 

ln(brgT) 0.878 + 0.750 ln(Sae)  0.790 + 0.700 ln(Sae) 

ln(abtL) 70.382 + 0.770 ln(Sae)  88.510 + 0.970 ln(Sae) 

ln(abtT) 12.118 + 0.750 ln(Sae)  11.090 + 0.710 ln(Sae) 

EDP 
ECA IDA 

ηEDP|Sae ηEDP|Sae 

ln(pirL) 2.810 + 1.270 ln(Sae) 3.150 + 1.030 ln(Sae) 

ln(pirT) 1.240 + 1.070 ln(Sae) 1.180 + 1.110 ln(Sae) 

ln(brgL) 69.920 + 1.180 ln(Sae) 83.530 + 1.310 ln(Sae) 

ln(brgT) 1.010 + 1.090 ln(Sae) 0.980 + 1.120 ln(Sae) 

ln(abtL) 81.560 + 0.630 ln(Sae) 62.100 + 0.750 ln(Sae) 

ln(abtT) 13.640 + 1.060 ln(Sae) 12.870 + 1.090 ln(Sae) 

 

 

Figure C.28 Comparison of the regression parameter “b” evaluated for the seed bridge 

model A and GMR suite #4  
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Table C.17 Median fit of the non-collapse probability distribution for different fragility 

assessment methods considering the seed bridge model B and GMR suite #1 

EDP 
OCA SCA 

ηEDP|Sae ηEDP|Sae 

ln(pirL) 9.944 + 1.400 ln(Sae)  7.860 + 1.380 ln(Sae) 

ln(pirT) 0.549 + 0.670 ln(Sae)  0.660 + 0.680 ln(Sae) 

ln(brgL) 209.971 + 1.250 ln(Sae)  237.070 + 1.330 ln(Sae) 

ln(brgT) 0.868 + 0.530 ln(Sae)  1.110 + 0.540 ln(Sae) 

ln(abtL) 134.646 + 1.060 ln(Sae)  127.460 + 1.070 ln(Sae) 

ln(abtT) 9.457 + 0.660 ln(Sae)  11.230 + 0.670 ln(Sae) 

EDP 
ECA IDA 

ηEDP|Sae ηEDP|Sae 

ln(pirL) 4.580 + 0.970 ln(Sae) 3.770 + 0.900 ln(Sae) 

ln(pirT) 1.190 + 1.040 ln(Sae) 1.120 + 1.040 ln(Sae) 

ln(brgL) 160.920 + 1.200 ln(Sae) 152.660 + 1.070 ln(Sae) 

ln(brgT) 1.890 + 1.030 ln(Sae) 3.010 + 1.520 ln(Sae) 

ln(abtL) 79.770 + 0.910 ln(Sae) 59.600 + 0.580 ln(Sae) 

ln(abtT) 16.830 + 1.020 ln(Sae) 23.300 + 1.130 ln(Sae) 

 

 

Figure C.29 Comparison of the regression parameter “b” evaluated for the seed bridge 

model B and GMR suite #1  
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Table C.18 Median fit of the non-collapse probability distribution for different fragility 

assessment methods considering the seed bridge model B and GMR suite #2 

EDP 
OCA SCA 

ηEDP|Sae ηEDP|Sae 

ln(pirL) 12.651 + 1.310 ln(Sae)  15.070 + 1.390 ln(Sae) 

ln(pirT) 0.191 + 0.400 ln(Sae)  0.190 + 0.400 ln(Sae) 

ln(brgL) 507.029 + 1.470 ln(Sae)  618.210 + 1.560 ln(Sae) 

ln(brgT) 0.364 + 0.330 ln(Sae)  0.240 + 0.150 ln(Sae) 

ln(abtL) 104.731 + 0.720 ln(Sae)  154.120 + 0.910 ln(Sae) 

ln(abtT) 3.047 + 0.340 ln(Sae)  2. 960 + 0.340 ln(Sae) 

EDP 
ECA IDA 

ηEDP|Sae ηEDP|Sae 

ln(pirL) 2.780 + 0.120 ln(Sae) 5.240 + 0.790 ln(Sae) 

ln(pirT) 0.460 + 0.580 ln(Sae) 0.750 + 0.950 ln(Sae) 

ln(brgL) 34.910 + -0.340 ln(Sae) 203.71 + 0.520 ln(Sae) 

ln(brgT) 0.890 + 3.040 ln(Sae) 1.110 + 0.890 ln(Sae) 

ln(abtL) 63.350 + -1.300 ln(Sae) 33.470 + -0.010 ln(Sae) 

ln(abtT) 7.200 + 0.490 ln(Sae) 10.130 + 0.730 ln(Sae) 

 

 

Figure C.30 Comparison of the regression parameter “b” evaluated for the seed bridge 

model B and GMR suite #2  
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Table C.19 Median fit of the non-collapse probability distribution for different fragility 

assessment methods considering the seed bridge model B and GMR suite #3 

EDP 
OCA SCA 

ηEDP|Sae ηEDP|Sae 

ln(pirL) 4.439 + 0.890 ln(Sae)  3.410 + 0.790 ln(Sae) 

ln(pirT) 0.566 + 0.530 ln(Sae)  0.920 + 0.560 ln(Sae) 

ln(brgL) 95.154 + 0.800 ln(Sae)  120.980 + 0.870 ln(Sae) 

ln(brgT) 0.739 + 0.290 ln(Sae)  2.580 + 0.430 ln(Sae) 

ln(abtL) 94.807 + 0.730 ln(Sae)  69.750 + 0.610 ln(Sae) 

ln(abtT) 9.369 + 0.490 ln(Sae)  16.490 + 0.510 ln(Sae) 

EDP 
ECA IDA 

ηEDP|Sae ηEDP|Sae 

ln(pirL) 3.200 + 0.790 ln(Sae) 3.480 + 0.800 ln(Sae) 

ln(pirT) 2.360 + 1.000 ln(Sae) 2.040 + 1.050 ln(Sae) 

ln(brgL) 119.000 + 0.920 ln(Sae) 119.760 + 0.810 ln(Sae) 

ln(brgT) 5.060 + 1.430 ln(Sae) 25.890 + 1.850 ln(Sae) 

ln(abtL) 69.540 + 0.620 ln(Sae) 76.840 + 0.580 ln(Sae) 

ln(abtT) 41.040 + 1.060 ln(Sae) 48.840 + 1.100 ln(Sae) 

 

 

Figure C.31 Comparison of the regression parameter “b” evaluated for the seed bridge 

model B and GMR suite #3  
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Table C.20 Median fit of the non-collapse probability distribution for different fragility 

assessment methods considering the seed bridge model B and GMR suite #4 

EDP 
OCA SCA 

ηEDP|Sae ηEDP|Sae 

ln(pirL) 4.502 + 0.770 ln(Sae)  5.220 + 0.850 ln(Sae) 

ln(pirT) 0.403 + 0.310 ln(Sae)  0.410 + 0.420 ln(Sae) 

ln(brgL) 140.136 + 0.820 ln(Sae)  194.790 + 1.000 ln(Sae) 

ln(brgT) 0.702 + 0.110 ln(Sae)  0.510 + 0.100 ln(Sae) 

ln(abtL) 53.740 + 0.340 ln(Sae)  92.070 + 0.630 ln(Sae) 

ln(abtT) 7.050 + 0.250 ln(Sae)  6.150 + 0.310 ln(Sae) 

EDP 
ECA IDA 

ηEDP|Sae ηEDP|Sae 

ln(pirL) 5.380 + 0.760 ln(Sae) 6.140 + 0.870 ln(Sae) 

ln(pirT) 1.040 + 1.040 ln(Sae) 0.890 + 1.070 ln(Sae) 

ln(brgL) 102.560 + 0.710 ln(Sae) 184.240 + 0.860 ln(Sae) 

ln(brgT) 2.000 + 1.110 ln(Sae) 1.460 + 1.250 ln(Sae) 

ln(abtL) 104.560 + 0.070 ln(Sae) 63.820 + 0.500 ln(Sae) 

ln(abtT) 18.880 + 1.010 ln(Sae) 13.460 + 1.020 ln(Sae) 

 

 

Figure C.32 Comparison of the regression parameter “b” evaluated for the seed bridge 

model B and GMR suite #4  
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Table C.21 Median fit of the non-collapse probability distribution for different fragility 

assessment methods considering the seed bridge model C and GMR suite #1 

EDP 
OCA SCA 

ηEDP|Sae ηEDP|Sae 

ln(pirL) 27.765 + 1.450 ln(Sae)  16.650 + 1.390 ln(Sae) 

ln(pirT) 0.708 + 0.610 ln(Sae)  0.930 + 0.630 ln(Sae) 

ln(brgL) 617.778 + 1.310 ln(Sae)  471.830 + 1.310 ln(Sae) 

ln(brgT) 0.821 + 0.480 ln(Sae)  1.120 + 0.490 ln(Sae) 

ln(abtL) 232.614 + 1.030 ln(Sae)  104.090 + 0.830 ln(Sae) 

ln(abtT) 13.256 + 0.650 ln(Sae)  16.930 + 0.670 ln(Sae) 

EDP 
ECA IDA 

ηEDP|Sae ηEDP|Sae 

ln(pirL) 6.980 + 0.850 ln(Sae) 5.710 + 0.780 ln(Sae) 

ln(pirT) 2.190 + 1.030 ln(Sae) 2.270 + 1.040 ln(Sae) 

ln(brgL) 276.570 + 0.940 ln(Sae) 220.660 + 0.770 ln(Sae) 

ln(brgT) 2.950 + 1.000 ln(Sae) 3.020 + 1.360 ln(Sae) 

ln(abtL) 49.430 + 0.410 ln(Sae) 69.130 + 0.340 ln(Sae) 

ln(abtT) 34.32 + 1.030 ln(Sae) 35.300 + 1.060 ln(Sae) 

 

 

Figure C.33 Comparison of the regression parameter “b” evaluated for the seed bridge 

model C and GMR suite #1  
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Table C.22 Median fit of the non-collapse probability distribution for different fragility 

assessment methods considering the seed bridge model C and GMR suite #2 

EDP 
OCA SCA 

ηEDP|Sae ηEDP|Sae 

ln(pirL) 24.432 + 1.380 ln(Sae)  44.240 + 1.570 ln(Sae) 

ln(pirT) 0.108 + 0.080 ln(Sae)  0.130 + 0.220 ln(Sae) 

ln(brgL) 906.175 + 1.440 ln(Sae)  3218.70 + 1.940 ln(Sae) 

ln(brgT) 0.224 + 0.150 ln(Sae)  1.130 + 0.880 ln(Sae) 

ln(abtL) 126.392 + 0.690 ln(Sae)  445.420 + 1.190 ln(Sae) 

ln(abtT) 2.031 + 0.120 ln(Sae)  2.260 + 0.240 ln(Sae) 

EDP 
ECA IDA 

ηEDP|Sae ηEDP|Sae 

ln(pirL) 7.760 + 0.790 ln(Sae) 7.180 + 0.650 ln(Sae) 

ln(pirT) 0.850 + 1.010 ln(Sae) 1.000 + 0.970 ln(Sae) 

ln(brgL) 587.520 + 1.210 ln(Sae) 231.060 + 0.390 ln(Sae) 

ln(brgT) 1.260 + 0.860 ln(Sae) 1.140 + 0.830 ln(Sae) 

ln(abtL) 96.620 + 0.370 ln(Sae) 29.810 + -0.080 ln(Sae) 

ln(abtT) 14.000 + 1.000 ln(Sae) 13.930 + 0.720 ln(Sae) 

 

 

Figure C.34 Comparison of the regression parameter “b” evaluated for the seed bridge 

model C and GMR suite #2  
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Table C.23 Median fit of the non-collapse probability distribution for different fragility 

assessment methods considering the seed bridge model C and GMR suite #3 

EDP 
OCA SCA 

ηEDP|Sae ηEDP|Sae 

ln(pirL) 9.785 + 1.040 ln(Sae)  5.720 + 0.870 ln(Sae) 

ln(pirT) 0.755 + 0.540 ln(Sae)  1.670 + 0.690 ln(Sae) 

ln(brgL) 140.725 + 0.800 ln(Sae)  119.070 + 0.670 ln(Sae) 

ln(brgT) 0.779 + 0.360 ln(Sae)  2.210 + 0.490 ln(Sae) 

ln(abtL) 140.061 + 0.760 ln(Sae)  85.650 + 0.580 ln(Sae) 

ln(abtT) 12.407 + 0.520 ln(Sae)  27.990 + 0.670 ln(Sae) 

EDP 
ECA IDA 

ηEDP|Sae ηEDP|Sae 

ln(pirL) 5.540 + 0.860 ln(Sae) 5.510 + 0.820 ln(Sae) 

ln(pirT) 3.510 + 1.030 ln(Sae) 3.550 + 1.020 ln(Sae) 

ln(brgL) 187.330 + 0.960 ln(Sae) 200.320 + 0.870 ln(Sae) 

ln(brgT) 4.440 + 1.170 ln(Sae) 8.520 + 1.530 ln(Sae) 

ln(abtL) 103.870 + 0.670 ln(Sae) 91.610 + 0.560 ln(Sae) 

ln(abtT) 61.610 + 1.050 ln(Sae) 60.810 + 1.080 ln(Sae) 

 

 

Figure C.35 Comparison of the regression parameter “b” evaluated for the seed bridge 

model C and GMR suite #3  
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Table C.24 Median fit of the non-collapse probability distribution for different fragility 

assessment methods considering the seed bridge model C and GMR suite #4 

EDP 
OCA SCA 

ηEDP|Sae ηEDP|Sae 

ln(pirL) 9.815 + 1.070 ln(Sae)  9.080 + 1.000 ln(Sae) 

ln(pirT) 0.519 + 0.220 ln(Sae)  0.350 + 0.190 ln(Sae) 

ln(brgL) 377.988 + 1.210 ln(Sae)  392.250 + 1.180 ln(Sae) 

ln(brgT) 0.768 + 0.190 ln(Sae)  0.370 + -0.020 ln(Sae) 

ln(abtL) 43.435 + 0.260 ln(Sae)  107.850 + 0.710 ln(Sae) 

ln(abtT) 9.132 + 0.250 ln(Sae)  5.630 + 0.160 ln(Sae) 

EDP 
ECA IDA 

ηEDP|Sae ηEDP|Sae 

ln(pirL) 7.830 + 0.830 ln(Sae) 7.7809 + 0.940 ln(Sae) 

ln(pirT) 2.040 + 1.060 ln(Sae) 1.270 + 1.050 ln(Sae) 

ln(brgL) 153.860 + 0.820 ln(Sae) 290.090 + 1.050 ln(Sae) 

ln(brgT) 2.660 + 1.090 ln(Sae) 2.120 + 1.100 ln(Sae) 

ln(abtL) 60.100 + 0.220 ln(Sae) 58.010 + 0.380 ln(Sae) 

ln(abtT) 34.560 + 1.030 ln(Sae) 20.570 + 1.060 ln(Sae) 

 

 

Figure C.36 Comparison of the regression parameter “b” evaluated for the seed bridge 

model C and GMR suite #4  
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(a) EDP = pirL (b) EDP = pirT 

  

(c) EDP = brgL (d) EDP = brgT 

  

(e) EDP = abtL (f) EDP = abtT 

Figure C.37 Comparison of the regression parameter βEDP|IM evaluated for the seed 

bridge model A and GMR suite #1 
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(a) EDP = pirL (b) EDP = pirT 

  

(c) EDP = brgL (d) EDP = brgT 

  

(e) EDP = abtL (f) EDP = abtT 

Figure C.38 Comparison of the regression parameter βEDP|IM evaluated for the seed 

bridge model A and GMR suite #2 
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(a) EDP = pirL (b) EDP = pirT 

  

(c) EDP = brgL (d) EDP = brgT 

  

(e) EDP = abtL (f) EDP = abtT 

Figure C.39 Comparison of the regression parameter βEDP|IM evaluated for the seed 

bridge model A and GMR suite #3 
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(a) EDP = pirL (b) EDP = pirT 

  

(c) EDP = brgL (d) EDP = brgT 

  

(e) EDP = abtL (f) EDP = abtT 

Figure C.40 Comparison of the regression parameter βEDP|IM evaluated for the seed 

bridge model A and GMR suite #4 
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(a) EDP = pirL (b) EDP = pirT 

  

(c) EDP = brgL (d) EDP = brgT 

  

(e) EDP = abtL (f) EDP = abtT 

Figure C.41 Comparison of the regression parameter βEDP|IM evaluated for the seed 

bridge model B and GMR suite #1 
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(a) EDP = pirL (b) EDP = pirT 

  

(c) EDP = brgL (d) EDP = brgT 

  

(e) EDP = abtL (f) EDP = abtT 

Figure C.42 Comparison of the regression parameter βEDP|IM evaluated for the seed 

bridge model B and GMR suite #2 
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(a) EDP = pirL (b) EDP = pirT 

  

(c) EDP = brgL (d) EDP = brgT 

  

(e) EDP = abtL (f) EDP = abtT 

Figure C.43 Comparison of the regression parameter βEDP|IM evaluated for the seed 

bridge model B and GMR suite #3 
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(a) EDP = pirL (b) EDP = pirT 

  

(c) EDP = brgL (d) EDP = brgT 

  

(e) EDP = abtL (f) EDP = abtT 

Figure C.44 Comparison of the regression parameter βEDP|IM evaluated for the seed 

bridge model B and GMR suite #4 
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(a) EDP = pirL (b) EDP = pirT 

  

(c) EDP = brgL (d) EDP = brgT 

  

(e) EDP = abtL (f) EDP = abtT 

Figure C.45 Comparison of the regression parameter βEDP|IM evaluated for the seed 

bridge model C and GMR suite #1 
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(a) EDP = pirL (b) EDP = pirT 

  

(c) EDP = brgL (d) EDP = brgT 

  

(e) EDP = abtL (f) EDP = abtT 

Figure C.46 Comparison of the regression parameter βEDP|IM evaluated for the seed 

bridge model C and GMR suite #2 
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(a) EDP = pirL (b) EDP = pirT 

  

(c) EDP = brgL (d) EDP = brgT 

  

(e) EDP = abtL (f) EDP = abtT 

Figure C.47 Comparison of the regression parameter βEDP|IM evaluated for the seed 

bridge model C and GMR suite #3 
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(a) EDP = pirL (b) EDP = pirT 

  

(c) EDP = brgL (d) EDP = brgT 

  

(e) EDP = abtL (f) EDP = abtT 

Figure C.48 Comparison of the regression parameter βEDP|IM evaluated for the seed 

bridge model C and GMR suite #4 
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C.4. Comparison of Non-collapse Fragility Curves  

Figures C.49 to C.60 compare the non-collapse seismic fragility curves generated by 

different fragility assessment methods. These curves are generated by substituting the 

non-collapse probability distribution parameters in Section C.3 into the fragility 

functions. Note that, these curves demonstrate the seismic fragility at the operational 

bridge performance level.   



Appendix C 

 

307 
 

  

(a) EDP = pirL (b) EDP = pirT 

  

(c) EDP = brgL (d) EDP = brgT 

  

(e) EDP = abtL (f) EDP = abtT 

Figure C.49 Non-collapse fragility curve generated by different methods for the seed 

bridge model A and GMR suite #1 
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(a) EDP = pirL (b) EDP = pirT 

  

(c) EDP = brgL (d) EDP = brgT 

  

(e) EDP = abtL (f) EDP = abtT 

Figure C.50 Non-collapse fragility curve generated by different methods for the seed 

bridge model A and GMR suite #2 
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(a) EDP = pirL (b) EDP = pirT 

  

(c) EDP = brgL (d) EDP = brgT 

  

(e) EDP = abtL (f) EDP = abtT 

Figure C.51 Non-collapse fragility curve generated by different methods for the seed 

bridge model A and GMR suite #3 
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(a) EDP = pirL (b) EDP = pirT 

  

(c) EDP = brgL (d) EDP = brgT 

  

(e) EDP = abtL (f) EDP = abtT 

Figure C.52 Non-collapse fragility curve generated by different methods for the seed 

bridge model A and GMR suite #4 
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(a) EDP = pirL (b) EDP = pirT 

  

(c) EDP = brgL (d) EDP = brgT 

  

(e) EDP = abtL (f) EDP = abtT 

Figure C.53 Non-collapse fragility curve generated by different methods for the seed 

bridge model B and GMR suite #1 
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(a) EDP = pirL (b) EDP = pirT 

  

(c) EDP = brgL (d) EDP = brgT 

  

(e) EDP = abtL (f) EDP = abtT 

Figure C.54 Non-collapse fragility curve generated by different methods for the seed 

bridge model B and GMR suite #2 
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(a) EDP = pirL (b) EDP = pirT 

  

(c) EDP = brgL (d) EDP = brgT 

  

(e) EDP = abtL (f) EDP = abtT 

Figure C.55 Non-collapse fragility curve generated by different methods for the seed 

bridge model B and GMR suite #3 
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(a) EDP = pirL (b) EDP = pirT 

  

(c) EDP = brgL (d) EDP = brgT 

  

(e) EDP = abtL (f) EDP = abtT 

Figure C.56 Non-collapse fragility curve generated by different methods for the seed 

bridge model B and GMR suite #4 
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(a) EDP = pirL (b) EDP = pirT 

  

(c) EDP = brgL (d) EDP = brgT 

  

(e) EDP = abtL (f) EDP = abtT 

Figure C.57 Non-collapse fragility curve generated by different methods for the seed 

bridge model C and GMR suite #1 
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(a) EDP = pirL (b) EDP = pirT 

  

(c) EDP = brgL (d) EDP = brgT 

  

(e) EDP = abtL (f) EDP = abtT 

Figure C.58 Non-collapse fragility curve generated by different methods for the seed 

bridge model C and GMR suite #2 
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(a) EDP = pirL (b) EDP = pirT 

  

(c) EDP = brgL (d) EDP = brgT 

  

(e) EDP = abtL (f) EDP = abtT 

Figure C.59 Non-collapse fragility curve generated by different methods for the seed 

bridge model C and GMR suite #3 
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(a) EDP = pirL (b) EDP = pirT 

  

(c) EDP = brgL (d) EDP = brgT 

  

(e) EDP = abtL (f) EDP = abtT 

Figure C.60 Non-collapse fragility curve generated by different methods for the seed 

bridge model C and GMR suite #4 
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