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ABSTRACT 

Mid-rise to tall timber buildings are internationally gaining popularity. Reaching 

heights greater than 5 to 6 storeys has been made possible by the availability of 

engineered wood products, such as Laminated Veneer Lumber (LVL), Glued 

laminated timber (Glulam) and Cross Laminated Timber (CLT). These buildings are 

referred to as “mass timber buildings”. As the height of timber buildings increases, 

so do their potential risks of progressive collapse. Progressive collapse is 

characterised by a local failure of a load-bearing structural element which may 

propagate through the whole building, and ultimately causes its partial or entire 

collapse. While progressive collapse mechanisms of reinforced concrete and steel 

buildings have been widely researched, limited studies have been carried out on 

mass timber buildings. Their ability to resist progressive collapse and their load 

transfer mechanisms after the loss of a load-bearing element are currently unclear. 

First, to gain an initial understanding of the progressive collapse behaviour of post-

and-beam mass timber buildings, a series of scaled-down 1×2-bay (2D) timber frame 

substructures were tested under a middle column removal scenario. The behaviour 

of the frames and the ability of three types of commercially used beam-to-column 

connections and a proposed novel connection, to develop catenary action under 

large deformations was measured. The system capacity in terms of the Uniformly 

Distributed Pressure (UDP) was also quantified. The test results showed that only 

the proposed novel connector was able to sustain the design pressure in 

international design specifications if no dynamic increase factor was considered, and 

therefore presented a potential solution to improve the robustness of post-and-beam 
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mass timber buildings. Furthermore, progressive collapse of post-and-beam mass 

timber buildings cannot be resisted by the frame alone using the investigated 

currently used connections and alternative load paths must be found. 

Second to further explore the mechanisms of post-and-beam mass timber buildings 

against progressive collapse, four scaled-down 2×2-bay (3D) substructures, with 

CLT panels, were constructed and tested in the laboratory. Three substructures were 

tested under an edge column removal scenario, with substructures manufactured 

from two different types of beam-to-column connections. Namely, two tests were 

performed with a connection type commonly used in Australia, and one test with the 

proposed novel connection investigated earlier. The last substructure was subjected 

to two different corner column removal scenarios, with the substructure tested twice 

under different CLT panels configurations. The substructure was assembled from 

the commonly used in Australia beam-to-column connection. In all tests, two 

Uniformly Distributed Pressures (UDP) were applied to the floors in two stages: (i) a 

constant UDP of 4.8 kPa was first applied to the bays not adjacent to the removed 

column and (ii) an idealised UDP was then increasingly applied to the remaining 

bay(s) through a hydraulic jack connected to a six-point loading tree. The load 

redistribution mechanisms (alternative load paths), the structural response and 

failure modes were recorded. In general, experimental test results showed that the 

applied load was principally transferred to the three columns the closest to the 

removed column and that the CLT panels spanning over two bays were efficient in 

resisting the load. The layout of the CLT panels plays a critical role in resisting 

progressive collapse. A simplified analytical model, consistent with the current 

industry design practice and pre-defined alternative load paths, was used to predict 

the ultimate resistance capacity of the tested specimens and compared to the 
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experimental capacities. Overall, the simplified methodology was found to be 

conservative. 

Third, finite element (FE) models were developed using the component model and 

validated against the 2D and 3D experimental results. The properties of the springs 

to be used in the component model were obtained from additional experimental 

component tests. CLT panels were simulated using layered shell elements while 

beam elements were used for the beams and columns. In the 2D numerical model, 

the ultimate load was accurately predicted and the development of compressive arch 

and catenary actions were well reproduced. The validated 2D model was then used 

to build the 3D model. For all tests, the 3D numerical models accurately predicted 

the overall load-displacement responses, load redistribution mechanisms, failure 

modes and strain developments in the beams and CLT panels. The validated 

numerical models were used to conduct a series of parametric studies to further 

examine the structural responses of the post-and-beam mass timber buildings. The 

results indicated that the structural capacity would be reduced when only using one-

bay long CLT panels, compared to using either staggered or all two-bay long CLT 

panels. Also, beam-to-column connections of the frames connected to the removed 

column could locally support the CLT panels above, providing an additional 

alternative load path for the structure in the context of progressive collapse, which is 

normally neglected in industry design practice. 
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CHAPTER 1  

INTRODUCITON 

1.1 Research Background 

Mass timber buildings, which are assembled from engineering wood products such 

as Laminated Veneer Lumber (LVL), glued laminated timber (Glulam) and Cross 

Laminated Timber (CLT), have recently gained international popularity. Numerous 

examples of mid-rise mass timber buildings have already been built or are under 

construction. Some of the most prominent examples include six-storey Dingchi 

Wood Industry Centre (China, 2020), seven-storey T3 (USA, 2016), nine-storey 

Stadthaus (UK, 2009), 10-storey “25 King St” (Australia, 2018), 18-storey Brock 

Commons Tallwood House (Canada, 2017) and 18-storey Mjøstårnet (Norway, 

2019). 

Progressive collapse is a phenomenon triggered by an initial local failure that 

spreads through the building via a chain reaction, eventually causing the entire 

structure or a large part of it to collapse (American Society of Civil Engineers [ASCE], 

2013; Ellingwood, 2006; Ellingwood et al., 2007). The primary characteristic of such 

event is that the building’s final failure is disproportionate to the initial local failure. 

The initial local failure of a load-bearing element is caused by an abnormal and low 

probability, high consequence event, such as explosions, fire, blast, vehicular 

collisions, design and construction errors, or natural disasters (Adam et al., 2018). 



CHAPTER 1 

Page 2 

Progressive collapse is a relatively rare event; however, it can cause significant 

casualties and have significant social, psychological and economic consequences. 

The structural elements of mass timber buildings are prefabricated and assembled 

on-site; therefore, there is less continuity through the system when compared to 

concrete and steel buildings. Further, timber elements are prone to brittle failure 

modes under bending, shear and tension (Jorissen & Fragiacomo, 2011) and lack 

of ductility in their connections (Masaeli et al., 2020). Therefore, mass timber 

buildings are deemed vulnerable to progressive collapse (Hewson, 2016). 

Post-and-beam mass timber buildings, assembled using mass timber beams, 

columns (either Glulam or LVL) and floors (either CLT or LVL), are similar in layout 

to steel frame buildings (Hewson, 2016). International House and Daramu House 

adopted this structural type, as it provides open spaces for office buildings. In such 

buildings, primary beams and the floor system run at a right angle. Horizontal 

resistance is provided either by a bracing system, a shear core or both. Commercially, 

the beam-to-column connections utilised by post-and-beam mass timber buildings 

are predominantly designed to resist shear force, and connections to develop large 

rotation are unlikely (Masaeli et al., 2020). Therefore, special attention and explicit 

checks must be conducted at the design stage to ensure that alternative load paths 

can be identified if a load-bearing element is lost (Hewson, 2016). 

To date, the US Department of Defence (DoD, 2016), General Services 

Administration (GSA, 2016), the Institution of Structural Engineers (IStructE, 2010) 

and WoodSolutions technical guides (Hewson, 2016; Woodard & Jones, 2019) 

provide the key design guidelines to assist buildings to resist progressive collapse. 

These are predominantly based on studies of reinforced concrete and steel buildings; 

therefore, they may not be applicable directly to designing a mass timber building to 
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resist progressive collapse. To prevent and mitigate this type of event for mass 

timber buildings, different mechanisms—developed in post-and-beam mass timber 

buildings under a column removal scenario, require systematic investigation to 

develop an understanding of them. Further, the actual load redistribution in mass 

timber buildings under a column removal scenario must also be researched. 

1.2 Research Objectives 

Only limited studies have focused on the progressive collapse behaviour of mass 

timber buildings; therefore, this PhD project aimed to study the progressive collapse 

resistance of post-and-beam mass timber buildings. In particular, the study aimed to: 

1. Understand the ability of post-and-beam frames to resist progressive 

collapse under a middle column removal scenario, through scaled-down 

experimental tests. Different types of beam-to-column connections are used 

to assemble the frame structures. 

2. Develop and test a novel beam-to-column connection to enhance the 

progressive resistance of post-and-beam mass timber buildings. 

3. Experimentally test mass timber substructures, subject to different column 

removal scenarios, to understand the progressive collapse response of post-

and-beam mass timber buildings. 

4. Apply the Finite Element (FE) method to develop the numerical models 

which lead the way in understanding the structural responses of post-and-

beam mass timber buildings, under a column removal scenario. The 

validated numerical models are used to conduct two series of parametric 

studies of 3D substructures. 
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1.3 Research Methodologies 

To achieve the objectives listed above, the following methodologies were used: 

1. To understand the ability of post-and-beam frames to resist progressive 

collapse under a middle column removal scenario, a series of scaled-down 

2D post-and-beam timber frames were tested. Tests were performed in a 

quasi-static manner, and axial force and bending moment were measured 

and calculated. To examine the behaviour of the frame, three types of 

commercially available and one proposed novel beam-to-column connection 

were used to assemble the frames. 

2. Four scaled-down 2×2-bay (3D) substructures, with CLT panels, were 

constructed and quasi-statically tested in the laboratory to understand the 

progressive collapse response of post-and-beam mass timber buildings. 

Three substructures were tested under an edge column removal scenario, 

and another substructure was subjected to two different corner column 

removal scenarios, which the substructure was tested twice with different 

CLT panel configurations. Two different Uniformly Distributed Pressures 

(UDP) were applied to the floors for all 3D tests. 

3. Individual component tests were conducted on timber-to-timber and beam-

to-column structural connections to capture the behaviour of the connections. 

Their non-linear structural behaviour responses were inputted into a 

numerical model. 

4. FE models were built using commercial software Abaqus (Abaqus/CAE, 

2014) to reproduce the 2D and 3D experimental tests. The structural 

connections were modelled using the component method, and the properties 
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identified by the component tests were incorporated into the models. The 

established FE models were validated against their corresponding 

experimental tests, as previously mentioned. Two series of parametric 

studies of 3D substructures, considering different CLT panel layouts as well 

as removing the beam-to-column connections adjacent to the removed 

column, were also examined using the validated numerical models. 

1.4 Thesis Layout 

This thesis comprises seven chapters: 

1. Chapter One introduces the research project and provides information 

regarding the research objectives and methodologies used. 

2. Chapter Two presents the literature review of research that relates to this 

project. The features of engineering wood products and mass timber 

buildings are reviewed first. General notes on progressive collapse—

including characteristics, mechanisms, design guidelines and methods and 

significant events—are presented. The chapter also reviews existing 

research on mass timber buildings relating to the progressive collapse and 

robustness of mass timber buildings. 

3. Chapter Three presents the experimental investigation of the progressive 

collapse behaviour of post-and-beam frames under a middle column 

removal scenario. A novel connector, which could represent a potential 

solution for robust mass timber buildings, is also proposed. 

4. Chapter Four presents the experimental investigation of the progressive 

collapse response of post-and-beam substructures under an edge column 

removal scenario. 
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5. Chapter Five presents the experimental investigation of the progressive 

collapse behaviour of post-and-beam substructure under different corner 

column removal scenarios. 

6. Chapter Six details the FE models of the 2D and 3D substructures and 

compares the numerical results to the experimental test results. Parametric 

studies of 3D substructures are then conducted by using the validated 

numerical models. 

7. Chapter Seven concludes the key findings and provides recommendations 

for future research. 
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CHAPTER 2  

LITERATURE REVIEW 

2.1 Engineered Wood Products and Mass Timber Buildings  

2.1.1 Engineered Wood Products 

2.1.1.1 Species      

Tree species exhibit significant variability due to development during the evolution 

process. During this process, the most abundant trees form two groups: 

angiosperms and gymnosperms. Angiosperms generate flowers and enclosed 

seeds; gymnosperms generate uncovered seeds (Ramage et al., 2017). Typically, 

hardwood is produced using wood obtained from angiosperms and softwood is 

produced using wood obtained from gymnosperms. Note that these definitions do 

not describe the wood’s actual properties. 

2.1.1.2 Structural use of timber 

As mentioned above, timber is one of three structural materials currently used in 

large construction—the others are reinforced concrete and steel. If timber could be 

used efficiently in most structural buildings, it could reduce the environmental impact 

of construction to a significant extent (Ramage et al., 2017). 
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2.1.1.3 Solid wood products 

Timber is available as different products, from natural rounds to more highly 

processed laminated and assembled products. Each product has unique 

characteristics and has been used in construction. Timber and wood products have 

common characteristics, such as being natural, renewable, biodegradable, carbon 

rich. All engineered solid wood products can be prefabricated in a factory, which 

decreases construction duration. Typical products include plywood, LVL, Glulam and 

CLT (Ahmed & Arocho, 2020; Ross, 2010; Thelandersson & Larsen, 2003). 

2.1.1.3.1 Plywood 

Plywood is made by peeling logs into veneers and laminating these together into a 

final product. Each veneer is laid at a right angle to the previous one. The outside 

grain of the plywood runs along the sheets. Therefore, the total number of layers is 

always odd. In this way, plywood sheets have very similar properties in both 

directions of the sheet plane. The key applications of plywood include structural 

bracing panels, flooring and external cladding (Boughton & Crews, 2013; 

Thelandersson & Larsen, 2003). 

2.1.1.3.2 Laminated veneer lumber 

LVL is manufactured from peeled veneers laminated into a panel, with the veneer 

grain running in the same direction. LVL can be made in different dimensions and 

often used in high strength applications, such as timber I-beams, floors, wall frames, 

roofs and formwork (Boughton & Crews, 2013; Maloney, 1986). 

2.1.1.3.3 Glued laminated timber 

Glulam is glued from sawn timber sections to form larger and more reliable timber 

elements. In Australia, Glulam commonly comprises faces laminated into a deep 
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section with horizontal laminates. Glued finger joints are applied to manufacture 

continuous laminations. The glued finger joint provides increased surface area (of 

the glue) to transmit the force from one end portion to the next portion. In this way, 

Glulam can be manufactured in larger section sizes and longer lengths; the only 

restrictions on manufactured sizes occur due to transport limitations. Glulam can 

also be made straight, curved or cambered (Boughton & Crews, 2013; Crews, 2020; 

Yard, 2017). 

2.1.1.3.4 Cross laminated timber 

CLT panels are made using different layers of timber that are glued together, with 

the grain orientation of each layer at right angles to the next. CLT panels vary from 

three to nine layers, and panel thickness may range from 60 mm to 405 mm (Gagnon 

& Pirvu, 2011). They can provide the foundation for prefabricated, flexible, efficient 

and accurate building solutions. More specifically, the simplicity of the construction 

process, durability and system performance permit CLT to present an alternative to 

traditional construction materials such as concrete and steel. Further, CLT can be 

regarded as a system rather than a structural material, providing a high quality 

building envelope with a high level of airtightness (Brandner et al., 2016; Gagnon & 

Pirvu, 2011; Zumbrunnen & Fovargue, 2012). 

2.1.2 Features of Mass Timber Buildings 

The features of mass timber buildings can be summarised into three perspectives: 

construction stage, occupant use and environmental impact (Ahmed & Arocho, 2020; 

Kremer & Symmons, 2015). 
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2.1.2.1 Construction stage 

Higher quality control can be achieved during the construction stage via factory-

made prefabricated elements (Ahmed & Arocho, 2020; Yard, 2017). With a high 

degree of prefabrication, the construction speed of mass timber building can be 

increased significantly, and the need for on-site labour can be decreased (Ahmed & 

Arocho, 2020; Evison et al., 2018; Kremer & Symmons, 2015; Yard, 2017; Yates et 

al., 2008). Safer construction sites may also be achieved (Yard, 2017). 

Some research has compared the cost competitiveness of mass timber buildings 

with reinforced concrete and steel buildings. Burback and Pei (2017) analysed a 

single family residential building by comparing traditional light-framed wood option, 

all CLT option and optimised CLT option. The results indicated that the final costs of 

all CLT options and optimised CLT options were 30% and 21% more expensive than 

the light-framed wood option, respectively. However, for both options that used mass 

timber, the final construction time was 18.3% lower than the light-framed wood option. 

A 3-storey post-tensioned timber building was also compared with concrete and steel 

building through initial cost, life cycle cost (whole life cost analysis) and construction 

time in John and Buchanan (2012) and John et al. (2011). Regarding construction 

cost and construction time of structural elements, the timber and steel buildings 

showed similar results, whereas the concrete building was 4% cheaper, however, 

an extra 23% of the construction time was needed, compared to the two other 

buildings. The life cycle cost showed a similar result for all three types of buildings. 

Cazemier (2017) and Smith et al. (2009) compared the construction cost for a mass 

timber building with concrete and steel designs, finding that the timber building was 

6% and 2.6% more expensive, respectively. 
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Smith et al. (2015) analysed 18 mass timber building projects, that ranged from one 

to nine storeys, concluding that 4% of the cost was saved compared with concrete 

and steel buildings. Further, a study conducted by Forest & Wood Products Australia 

(Kremer & Symmons, 2016) found that the average costs were lower—from 2.2% 

(eight-storey apartment building) to 13.9% (two-storey aged care facility)—than 

traditional material buildings. 

2.1.2.2 Occupant use 

Sakuragawa et al. (2005) found that occupants who like hinoki wall panels had a 

significant decrease in blood pressure. Tsunetsugu et al. (2007) researched how 

wood coverage influenced subjects’ pulse rate, blood pressure and brain activity. 

The study concluded that wood coverage was able to influence subjects’ autonomic 

nervous activity in the room. Fell (2010) studied the effectiveness of reducing stress 

using wood in four different office environments. This research showed that the 

stress reduction effect of wood was similar to the effect of exposure in nature. Ridoutt 

et al. (2002) analysed how the wood in interior offices influenced interpersonal 

interactions; the results suggested that the first impression of the occupant was more 

positive if they were working in an interior office with wood decoration. 

2.1.2.3 Environmental impact 

Compared to conventional construction materials (i.e., masonry, concrete, steel, 

aluminium and other building materials), timber is an environmentally friendly 

product that can store carbon for a long period (Churkina et al., 2020; Laguarda 

Mallo & Espinoza, 2015). During the production of these traditional construction 

materials and various construction processes, more fossil fuel must be burned, and 

greenhouse gases (CO2) are emitted (Andres et al., 1999). Churkina et al. (2020) 
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have indicated that carbon could be stored in constructed mass timber buildings, 

leading to lower CO2 emissions. Further, through cooperation with forest carbon 

pools, carbon can be stored on land for a long period. Over the building life, 

compared with concrete, timber consumes 10–15% less energy (Chen, 2012; 

Robertson et al., 2012). Ahmed and Arocho (2019) stated that comparing to a steel 

building construction site, a mass timber building construction site emits lower 

particulate matters. 

2.1.3 Landmark Mass Timber Buildings 

Due to the features discussed in the previous section, mass timber buildings are 

becoming more common; over the past decade, increasing numbers of mass timber 

buildings have been constructed, are under design or under construction processes 

(Bowyer et al., 2016; Foster et al., 2008; Orta et al., 2020; Smith et al., 2015; Waugh 

& Thistleton, 2018). The following section will introduce emblematic case study 

examples of landmark mass timber buildings. 

2.1.3.1 UBC Brock Commons Tallwood House (Vancouver, Canada, 2017) 

To determine the benefits of engineered wood products, based on buildings that are 

at least ten storeys high, Natural Resource Canada proposed a project called the 

“Tall Wood Building Demonstration Initiative” in 2013 (Poirier et al., 2016; Tall Wood 

Building Demonstration Initiative, 2020). The University of British Columbia was 

selected to design and construct an 18-storey, 53 m hybrid mass timber building 

called the “University of British Columbia Brock Commons Tallwood House” 

(Connolly et al., 2018; Tannert & Moudgil, 2017). This was a residential building for 

students, and the typical grid was 4,000×2,850 mm. The main components of this 

hybrid building included two 450 mm thick reinforced concrete cores, 5-ply CLT 
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panels, Glulam columns and steel connectors. The concrete cores provided lateral 

stability and vertical circulation. Horizontally, the CLT panels were connected 

through 140×25 mm plywood splines, and columns were connected in the vertical 

direction through hollow steel section connections (Connolly et al., 2018; Fast et al., 

2016; Tannert & Moudgil, 2017; Wood Works!, 2018). A full-scale 3×3 bay mock-up 

building was constructed to verify proposed technical solutions and the building’s 

construction viability. Different ways of connecting the structural components were 

also tested (Fast et al., 2016; Wood Works!, 2018). 

2.1.3.2 International House Sydney (Sydney, Australia, 2017) 

International House in Sydney is Australia’s first engineered timber multi-storey 

office building. Six of the above-ground levels of the seven-storey building are 

constructed entirely from engineered timber products, CLT panels and Glulam. 

These are supported by a single-ground retail level of a conventional concrete 

structure. A Glulam bracing system was provided for lateral stability. The columns 

sit on a 9,000 (primary)×6,000 (periphery) mm grid, with Glulam beams spanning the 

primary direction and CLT floors spanning the periphery direction. The sandwiched 

hybrid LVL–Glulam beam, which comprises two outer LVLs and one Glulam, was 

developed and prefabricated to ensure the structural design could pass the 

serviceability check (Butler, 2016). 

2.1.3.3 HoHo building (Vienna, Austria, 2019) 

At 24-storey and 84 m, the HoHo building is the world’s tallest hybrid timber 

commercial building. Floors were composited using CLT panels and concrete 

because this composition could provide better results in terms of vibrations, fire 

resistance and sounding insulation, compared to using CLT panels only. During the 
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design process, the project also considered progressive collapse using the tie force 

method (DoD, 2016) in two different directions. Horizontally, lapping boxes with 

reinforced bars were cast in the precast edge beams off-site, then lapped with 

concrete slab reinforcement in the pocket on-site. Then, the cast-in concrete was 

filled into the pocket. Vertically, a reinforced bar was epoxied into the top and bottom 

of Glulam columns off-site, to provide continuous tension connections (Tyson & 

Georg, 2020; Woschitz & Zotter, 2017). Adjacent to the HoHo building, a 6-storey 

HoHo “Next” building was also constructed to test that the structural systems and 

construction methodology were sufficiently reliable to apply to the HoHo building. 

2.2 General Notes on Progressive Collapse 

2.2.1 Progressive Collapse Characteristics 

Progressive collapse is characterised by the disproportionate and severe collapse of 

a structure due to a local failure (Ellingwood, 2006). The initial local failure spreads 

from element to element, eventually leading to the entire structure or a large part of 

it collapsing (ASCE, 2013). Progressive collapse requires two conditions: (i) an 

accidental or abnormal loading to initiate the localised damage, such as gas 

explosions, fire, blast, vehicular collisions, design and construction errors, or 

environmental events; and (ii) a structure that lacks adequate continuity, ductility and 

redundancy to resist the spread of damage (DoD, 2016). Progressive collapse is a 

relatively rare event; however, it can cause significant casualties and have significant 

social, psychological and economic consequences. Infamous cases of progressive 

collapse include the collapse of Ronan Point apartment tower in the UK (1968), the 

Sampoong Department Store in South Korea (1995) and the World Trade Centre 

twin towers in the US (2001). Although these were concrete and steel buildings, there 
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is no reason to believe that timber buildings are not also prone to progressive 

collapse, particularly due to the brittle bending, tensile and shear failure of timber 

elements (Jorissen & Fragiacomo, 2011). Investigations of two major timber building 

collapse cases have predominated in the literature (Branco & Neves, 2011; Dietsch, 

2011; Hansson & Larsen, 2005; Munch-Andersen & Dietsch, 2011; Winter & 

Kreuzinger, 2008): the Ballerup Siemens Arena (2003) and the Bad Reichenhall Ice-

Arena (2006). Other cases have been documented by Frühwald et al. (2007). 

2.2.2 Progressive Collapse Mechanisms 

Figure 2-1 presents the typical curve of the applied load versus the removed column 

displacement for frame structures. Three different collapse resistance mechanisms 

under a column removal scenario developed in reinforced concrete and steel frame 

structures (Stylianidis, 2011; Stylianidis et al., 2016). At the initial stage (from Point 

A to B), the structure is in the elastic stage, in which flexural action develops under 

small displacement. Flexural action involves bending resistance that develops in the 

beams (Shan et al., 2016; Stinger & Orton, 2013; Yu & Tan, 2013a). As the 

displacement of the removed column continues to increase (from Point B to C), 

compression forces develop in the beams as they are deforming between the two 

fixed columns and push on them. This collapse resistance mechanism is defined as 

compressive arch action (Fascetti et al., 2015; Su et al., 2009). At Point C, the 

compression force reaches a maximum, corresponding to the removed column 

displacement being equal to the beam effective depth (Stylianidis et al., 2016). The 

compressive force in the beam starts to decrease until zero (Point D), corresponding 

to the removed column displacement reaching twice the beam effective depth. Next, 

the transient tensile stage begins, during which tensile forces begin to develop in the 

beam. Finally, if sufficient ductility is achieved in the beam-to-column connections, 
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of a building—it illustrates the ability of a structure to sustain local damage, remain 

stable and not develop damage that is disproportionate to the initial failure (Adam et 

al., 2018; Arup, 2011; Huber et al., 2018; IStructE, 2010). In other words, a structure 

should be insensitive to initial failure (Dietsch, 2011). The following section reviewed 

different design methods adopted in design specifications. 

2.2.3.1 Risk category and consequence class 

Based on occupancy level and building function, new and existing buildings were 

classified as four different risk categories (DoD, 2016). For Risk Category I, there is 

no specific requirement for the building to resist progressive collapse. For Risk 

Category II, either tie force and key element method or alternative load path for 

specified structural members is required. For Risk Category III, both alternative load 

path and key element methods must be employed. Further, tie force, alternative load 

path and key element methods are all required to be designed for Risk Category IV 

(DoD, 2016). 

The European Standard EN 1991-1-7 (European Committee for Standardization 

[ECS], 2006) and Approved Document A (Her Majesty’s Government, 2004) propose 

three Consequence Classes to design structures under extraordinary events. For 

Consequence Class 1, the building is not required to be designed for progressive 

collapse. For Consequence Class 2, horizontal and vertical ties must be provided, 

or the structure should be designed to withstand the removal of a load-bearing 

element or key elements must be specially designed. For Consequence Class 3, a 

systematic risk assessment is required to consider both foreseeable and 

unforeseeable hazards (Canisius, 2011; ECS, 2006). 
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WoodSolutions Technical design guide #39 (Hewson, 2016) takes several principles 

from Eurocodes and the IStructE design guide (IStructE, 2010), and explains and 

discusses these methods based on the Australian design environment. Much like 

the EN 1991-1-7 (ECS, 2006), buildings are categorised into five groups based on 

their importance level in AS1170.0 (Standards Australia Limited & Standards New 

Zealand, 2002a). Only Classes 1–3 are discussed in this design guide, 

corresponding to Classes 1–2B in the Eurocode classification. 

2.2.3.2 Tie force method 

Tie force method is classified as an indirect design approach, which ensures that the 

building has minimum implicit continuity, ductility and structural redundancy (ASCE, 

2013; Arup, 2011; Ellingwood et al., 2007). The purposes of applying tie forces 

include constraining elements and creating a statically indeterminate structure to 

resist extreme events (Hewson, 2016). In the DoD (2016) design guideline, the tie 

force method is used to define the minimum tensile force required to integrate the 

structure. For the tie force method, connections should be able to carry 0.2 rad 

rotation (DoD, 2016), as the effect of the ties relies on the connection capacity or 

ductility (IStructE, 2010). 

A comparison of the DoD design guideline (2016) and the European Standards and 

guidelines (BSI, 1997; ECS, 2010; IStructE, 2010) shows that both require horizontal 

ties, including longitudinal, transverse, peripheral and vertical ties. Further, corner 

column horizontal ties at right angles must also be considered for in-situ concrete 

structures (BSI, 1997; ECS, 2010; IStructE, 2010). Different types of ties must work 

together effectively. For Class 1 and 2A buildings, floors must be anchored to walls 

or beams to provide enough tie force in precast concrete structures, based on BS 

8110 (BSI, 1997) and design practice. Typical tie details are provided by IStructE 
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(2010). Vertical ties are required for steel structures; however, only horizontal ties 

are required for timber frame buildings. Regarding Class 2B buildings, precast 

concrete structures follow the requirements of the in-situ concrete structures. 

Moreover, horizontal and vertical ties are required for all steel and timber structures.  

Table 2-1 summarises structural systems that could apply the tie force method, 

based on the DoD. Note that if overlap occurs between ACI 318 and DoD for 

concrete buildings, the more stringent requirement should be applied. 

Table 2-1 Tie force requirements 

Material 
Structural system 

Referenced standards 
Frame Load-bearing Mixed system 

Concrete √ √ √ 

ASCE/SEI 41-17 (American 
Society of Civil Engineers, 2017) 
& ACI 318 (American Concrete 

Institute, 2019) 

Steel √ × × 

ASCE/SEI 41-17 (American 
Society of Civil Engineers, 

2017)& ANSI/AISC 360 
(American Institute of Steel 

Construction, 2016) 

Wood × √ × 
ASCE/SEI 41-17 (ASCE, 2017) & 

NDS (American Wood Council, 
2018a, 2018b) 

 

Another guidance may be found in AS1170.0 (Standards Australia Limited & 

Standards New Zealand, 2002a), which provides the general requirements for 

structural robustness. It states that all parts of the structure should be tied in 

horizontal and vertical directions, allowing the structure to withstand an abnormal 

event without collapsing. Requirements for the tie forces are also given in the 

Standard. 
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2.2.3.3 Alternative load path 

Alternative load path (ALP) method, one of the most practical direct approaches, 

requires the structure to be able to bridge over a missing load-bearing element while 

ensuring that the damage is localised (Adam et al., 2018; Department of Defence, 

2016; General Services Administration, 2016; Institution of Structural Engineers, 

2010). Three analysis procedures are proposed: Linear Static Procedure, Nonlinear 

Static Procedure and Nonlinear Dynamic Procedure. As the progressive collapse is 

a dynamic event, inertial loads need to be considered in the static analysis. To 

quantify this effect, Dynamic Increase Factor, which amplifies the gravity loads, is 

considered in practice (DoD, 2016; GSA, 2016; Tsai, 2010). However, the dynamic 

effect does not require consideration in the UK (IStructE, 2010). 

For concrete and steel buildings designed using the ALP method, the ASCE/SEI 41-

17 (ASCE, 2017) provides guidance for determining the beams and beam-to-column 

connection design strength and rotational capacities. Based on Life Safety (for DoD 

(2016)) and Collapse Prevention (for GSA (2016)) conditions, the acceptance criteria 

for modelling were revised based on ACSE/SEI 41-17 (ASCE, 2017). However, there 

is no specific guidance for wood building design in terms of demonstrating the design 

strength and rotational capacities. Further, in both the DoD (2016) and GSA (2016) 

specifications, only the Life Safety condition was considered in modelling timber 

structures. 

According to European Standards, the AP method could apply to concrete structures 

directly. If the four different conditions discussed in BS EN 5950-1 (BSI, 2000) are 

not met for steel buildings, the notional removal element must be carried out (BSI, 

2000). Although the TF2000 full size test has confirmed that the engineers’ 

judgement and design practice was conservative in designing timber buildings to 
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resist progressive collapse (Milner et al., 1998), this may not apply to different types 

of timber structures. For example, rim beams may be required as bridging elements 

for opening walls (IStructE, 2010). 

In Australia, the National Construction Code (2019) only states that the structure 

should remain stable, survive the removal of one isolated load-bearing element and 

that the collapse should not extend further from the original local failure. 

2.2.3.4 Key element 

Key element method, as another direct design approach, which is required to design 

the building or load-bearing elements strong enough to sustain under an accidental 

event (IStructE, 2016; DoD, 2010). As discussed in IStructE (2010), the following 

scenarios are required to be employed in this method: (i) the collapse area is greater 

than a minimum of 15% of the floor area or 100 m2, (ii) the failing element led to 

major structure collapse, (iii) the collapse area is extended to the adjacent stores. In 

this method, it is required that a notional upper bound abnormal loading (34 kN/m2) 

is used to carry certain elements (IStructE, 2010). 

2.2.3.5 Notional horizontal load 

The definitions and values of notional horizontal load are defined based on different 

materials. Regarding concrete structures, the horizontal load is calculated based on 

the vertical load and added to wind load in appropriate load combinations (ECS, 

2010). A greater value between a minimum of 1.5% of the characteristic dead load 

and wind load is selected as a notional horizontal load in BS 8110 (BSI, 1997). If the 

wind load is not considered in steel structures, the minimum horizontal load is 

calculated as 0.5% of the factored vertical dead and imposed load. Otherwise, a 

minimum of 1% of the factored dead load is considered the horizontal component of 
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the factored wind load (BSI, 2000). The minimum long-term horizontal load for timber 

structures is formed by 2.5% of the dead and imposed loads. Table 2-2 summarises 

the minimum horizontal load for different materials. 

Table 2-2 Minimum horizontal loads for different materials 

Material Minimum horizontal load Reference standards 

Concrete 

Calculated based on the vertical load 
and added to wind load inappropriate 

load combinations 

EN 1992-1-1 (European 
Committee for Standardization, 

2010) 

Greater value between 1.5% of the 
characteristic dead load and wind 

load 

BS 8110-1 (British Standards 
Institution, 1997) 

Steel 

0.5% of the factored dead and 
imposed load 

BS 5950-1 (British Standards 
Institution, 2000) 

1% of the factored dead load 

Timber 2.5% of the dead and imposed load 
Multi-storey timber buildings a 
design guide (Grantham et al., 

2003) 

 

Note that the AP and key element methods are discussed regarding vertical loads; 

however, when the horizontal load must be considered, the horizontal tie is the 

primary method used to design the building to have sufficient robustness in the 

horizontal direction (IStructE, 2010). 

2.2.4 Major Progressive Collapse Events  

2.2.4.1 Reinforced concrete structures 

2.2.4.1.1 Ronan Point Apartment Tower (London, UK, 1968) 

In 1968, a gas explosion near the southeast corner of the 18th floor of the 22-storey 

Ronan Point apartment tower initiated a partial collapse of the structure (see Figure 

2-2). Due to the event, four people were killed, and 17 people were injured. Ronan 

Point apartment was one of the high-rise precast concrete flat plate structures during 

this time. In this kind of structural system, only the load-bearing walls supported each 

floor’s loadings. When the gas explosion occurred, the force destroyed the walls, 
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2.2.4.1.2 Sampoong Department Store (Seoul, South Korea, 1995) 

The Sampoong Department Store building, designed based on a flat plate structure 

system, collapsed down to the basement in 1995, causing 502 deaths and 937 

injuries (Figure 2-3). Based on the design documents, this building should have had 

a life span of 50 years. The construction period was from 1987 to 1989, and it was 

opened to the public in 1990, servicing society for five years. Following the collapse, 

investigators inspected the residue and identified direct and indirect factors—relating 

to the building’s design, construction and maintenance—that had resulted in the 

building’s collapse. During the construction period, inferior project management and 

supervision caused poor quality construction. Further, due to the safety factor not 

being assured as a whole, columns in five floors suffered punching shear failure. 

This led to the devastation of the whole slab and, finally, the destruction of the entire 

building (Gardner et al., 2002; Park, 2012). 

  

(a) Before the collapse (b) After the collapse 

Figure 2-3 Sampoong Department Store (Source: Park (2012)) 

2.2.4.2 Steel structures 

2.2.4.2.1 Wedbush Building (Los Angeles, United States, 1985) 

Wedbush Building (1000 Wilshire Blvd, Los Angeles) was a 22-storey commercial 

office building. On 19 December 1985, a girder was loosed from a crane and fell 

onto the overloaded fifth floor; subsequently, floor sections and girders crushed 
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downwards from the fifth floor to the parking garage. This construction accident 

caused three deaths (Hasan Mahmood, 2018; Umo et al., 2018). 

2.2.4.3 Timber structures 

2.2.4.3.1 The Ballerup Siemens-Arena (Ballerup, Denmark, 2003) 

The Siemens-Arena is a multifunction sports hall, which is 90×120 m2 and 

predominantly used for cycling track racing. It was opened in February 2002 and 

costed approximately 6 million Euros. The “fish-shaped” main trusses span 72 m, 

were spaced 10.1 m apart and were composed of twin Glulam members, 160 mm 

apart. On the 3 January 2003, two of the 12 Glulam trusses collapsed without 

warning (see Figure 2-4). According to the investigation, the failure developed in the 

first row of dowels connecting the top and bottom chords, due to the connections 

being incorrectly designed. However, the secondary structure (purlins), which was 

simply supported between the roof trusses, prevented the collapse from propagating 

(Hansson & Larsen, 2005; Munch-Andersen & Dietsch, 2011). 

 

Figure 2-4 Photo taken from a crane after the failure of the Siemens Arena 

(Source: Hansson and Larsen (2005)) 
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2.2.4.3.2 The Bad Reichenhall Ice-Arena (Bavaria, Germany, 2006) 

The Bad Reichenhall Ice-Arena was built in 1971–1972 and was approximately 75 

m long and 48 m wide (Winter & Kreuzinger, 2008). The roof was supported by 2.87 

m high box-girders. These 48 m long girders were assembled from three finger-

jointed 16 m long elements. The Ice-Arena roof collapsed on 2 January 2006, killing 

15 people and injuring a further 30 (Winter & Kreuzinger, 2008) (see Figure 2-5). 

Following the collapse, several problems and flaws were revealed, including the 

girder glue lines and finger joints, which were significantly damaged by exposure to 

relatively high humidity. Upon failure of one of the roof box-girders, the load was 

transferred to the neighbouring girders, which were weakened and unable to carry 

the additional load. Eventually, this triggered the progressive collapse of the building 

(Branco & Neves, 2011; Dietsch, 2011; Winter & Kreuzinger, 2008). 

 

Figure 2-5 Partial view of the collapsed roof structure (Source: Winter and 

Kreuzinger (2008)) 
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2.3 Progressive Collapse Studies of Mass Timber Buildings 

2.3.1 Structural Robustness of Mass Timber Buildings 

Structural robustness can be treated as an intrinsic property of a building—it 

illustrates the ability of a structure to sustain local damage, remain stable and not 

develop damage that is disproportionate to the initial failure (Adam et al., 2018; Arup, 

2011; Huber et al., 2018; IStructE, 2010). In other words, a structure should be 

insensitive to initial failure (Dietsch, 2011). Structural robustness is related to internal 

structural characteristics (i.e., redundancy, continuity, ductility and joint behaviour) 

and depends on the triggering event (Adam et al., 2018; Huber et al., 2018; 

Sørensen, 2011). The general design methods used to ensure structural robustness, 

including direct and indirect methods, are reviewed in Section 2.2.3. Further, the 

design of a ductile connection, which could sustain higher load under large 

deformation without entering brittle failure mode, is also vital to improve structural 

robustness (Arup, 2011; Byfield et al., 2014; Kirkegaard et al., 2011). 

The design of robust timber structures requires increased attention and further 

explicit design checks than steel and reinforced concrete buildings (Frühwald, 2011; 

IStructE, 2010). Timber often exhibits brittle failure modes under tension, bending 

and shear (Thelandersson & Honfi, 2009), whereas steel and reinforced concrete 

typically fail in a more ductile manner. Timber structures are predominantly 

constructed from individual components and connected through metal connections. 

Due to limited continuity, the load redistribution and structural redundancy under an 

accidental damage scenario are unclear (Hewson, 2016; IStructE, 2010; Sørensen, 

2011). Additionally, mass timber post-and-beam buildings are deemed to be more 

elastic and to have less rotational capacity at the connections and limited possibility 
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of load redistribution. Therefore, they are less likely than steel and concrete buildings 

to generate catenary actions (Hewson, 2016). As previously discussed, to design a 

beam-to-column connection with higher ductility, the connection must fail in a ductile 

manner based on either metal plasticity or timber compressive failures or both (Brühl 

et al., 2014; Kirkegaard et al., 2011; Kuhlmann et al., 2008; Malo et al., 2011; Stehn 

& Börjes, 2004; Thelandersson & Honfi, 2009). Additionally, whether during the 

construction phase or once the structure has been finished, a redundancy bracing 

system could also improve the horizontal stability and structural robustness of the 

building (Frühwald, 2011; Hewson, 2016; IStructE, 2010). To design and assess the 

robustness of timber structures, Sørensen (2011) introduced a theoretical framework 

based on general risk analysis for structural systems. Voulpiotis et al. (2021) also 

proposed a novel framework to quantify and optimise structural robustness. 

2.3.2 Experimental Studies 

Few published studies have investigated the ability of mass timber buildings to resist 

progressive collapse. Experimental studies have generally been limited to 

lightweight constructions (stick buildings) or one-storey buildings (Dietsch, 2011; 

Grantham et al., 2003; Jorissen & Fragiacomo, 2011; Kirkegaard et al., 2011; 

Sørensen, 2011). Published studies on mass timber constructions through 

experimental tests include Cheng et al. (2021) and Mpidi Bita and Tannert (2020). 

The Timber Frame 2000 (TF2000) project (Grantham et al., 2003) likely represents 

the most comprehensive research on the progressive collapse of mid-rise timber 

buildings to date. This project provided a chance for the construction industry to 

investigate lightweight mid-rise timber-framed building performance and economic 

prospects. The tested building was a six-storey residential building, with four flats 

per floor and a service core. Results showed that, for structural stability and 
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robustness, the connections are critical for ensuring that an alternative load path can 

be developed (Grantham & Enjily, 2004; Grantham et al., 2003). 

2.3.3 Numerical Studies 

Mpidi Bita et al. (2018) and Mpidi Bita and Tannert (2019a) dynamically analysed a 

12-storey CLT building and a nine-storey flat plate CLT building with Glulam columns, 

subject to vertical load-bearing element removal, respectively. The proposed 

numerical models were based on the component method; that is, the CLT floors or 

walls and columns were simulated by shell and beam elements in their proposed 

numerical models. The connections between different components used spring 

elements. The authors of these studies concluded that to allow the resistance 

mechanisms to be triggered, floors and connections needed to be redesigned with 

sufficient strength, stiffness and ductility. Huber et al. (2020) established a numerical 

model for an eight-storey platform-framed CLT building and analysed three 

representative storeys (i.e., top, middle and bottom) using a non-linear static 

pushdown method. As in those studies conducted by Mpidi Bita et al. (2018) and 

Mpidi Bita and Tannert (2019a), connector elements were used, and a constitutive 

law was calculated based on Eurocodes (ECS, 2004) and related literature. Four 

different alternative load paths (load redistribution mechanisms) were identified in 

the numerical analysis, including transverse shear action, arching action, catenary 

action and hanging action. Then, a non-linear dynamic analysis was conducted on 

the entire bay, where force-deformation behaviours extracted from the static analysis 

were used as input parameters. Under a single wall removal dynamic analysis, the 

bay was able to sustain without collapsing. Although Huber et al. (2020), Mpidi Bita 

and Tannert (2019a) and Mpidi Bita et al. (2018) proposed different numerical 

models to evaluate the progressive collapse of mass timber buildings under wall or 
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column removal scenarios, these numerical results must still be validated by 

experimental tests. 

2.4 Size Effect 

Size effect is a well-established phenomenon—the strength of a timber element is 

sensitive to its size (Barrett et al., 1995; Isaksson, 2003; Madsen & Buchanan, 1986; 

Madsen & Nielsen, 1992). Strength adjustment can be made based on the weakest 

link theory, further developed by Weibull and others (Madsen & Buchanan, 1986; 

Weibull, 1939). For homogeneous materials (e.g., metals and cement), a single 

parameter can be applied to describe the size effect; however, for anisotropic 

materials (e.g., lumber), various parameters are used to explain the size effects 

(Madsen & Buchanan, 1986). A relationship of strength and volume between two 

timber elements can be described as: 

 

1 2 3

1

1 k 1 k 1 k
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  (2-1) 

where, σi represents the timber strength, ki represents the shape parameter of the 

Weibull distribution and Li, Wi, Di (i = 1, 2) represent the length, width and depth of 

the timber element. To apply the size effects more generally from an engineering 

point of view, a size effect parameter (g) is defined as the reciprocal of ki, which can 

be calculated as the slope of the linear regression between the logarithm of strength 

and the logarithm of size (ignoring the negative sign) (Madsen, 1990; Madsen & 

Nielsen, 1992). 

To determine the size effect parameters in timber, many experimental tests have 

been conducted in the literature. Barrett et al. (1995) and Madsen (1990) tested 38 

mm spruce–pine–fir lumber with different lengths under tension, compression and 
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bending, regarding length effect. In Barrett et al. (1995), the authors also tested 

Douglas fir–larch and hem–fir soft lumbers. A similar conclusion was achieved in 

both studies: the length effect parameter g was 0.2, 0.1 and 0.2, for tension, 

compression and bending, respectively. The 0.21 length size effect parameter for 

bending was also found in Chinese larch dimension lumber (Zhou et al., 2015). 

Further, the design strength of lumber can be calculated based on a three meter long 

lumber element. Madsen and Buchanan (1986) also proposed three meter long 

beams loaded at the third points can be used to calculate as the standard bending 

strength. A modification factor was also summarised in this paper for the design 

engineers to modify the bending strength based on different design conditions. Note 

that the bending strength is also pronounced to the loading conditions, as discussed 

in Isaksson (2003), Madsen and Buchanan (1986) and Madsen and Nielsen (1992). 

Compared to tensile strength of timber, compression and bending strengths were 

more sensitive to the depth effect (Madsen, 1990). The width effect, however, was 

generally ignored in timber strength assessment as noted in Isaksson (2003). 

In structural engineering, experimental tests can provide firsthand data for 

researchers to analyse a specific research topic and extend their knowledge. Full-

scale timber structural system experimental tests have been performed by: Ceccotti 

et al. (2013); Filiatrault et al. (2002); Grantham et al. (2003); Pei et al. (2019); van 

de Lindt et al. (2019); van de Lindt et al. (2010); van de Lindt et al. (2011). Due to 

limited laboratory space and budget and equipment restrictions, scaled-down 

experimental tests could also be conducted as an alternative solution. However, as 

timber defects (e.g., knots) that cannot be ignored during the manufacture of 

engineered wood products, it is difficult to describe the structural behaviour 

differences between the full-scale and scaled-down structures using only one scaling 

factor. 
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To determine the relationship between full-scale and scaled-down beam-to-column 

connections, Kasal et al. (2002) tested three types of scaled-down beam-to-column 

connections, based on the geometry of the full-scale connection with a scaling factor 

of one quarter. The scaled-down connections were reinforced using two different 

methods: densified and fibre-reinforced. One type of full-scale beam-to-column 

connection was also tested. The experimental results indicated that the scaled-down 

connections were “excellent indicators” of full-scale connection properties. Masaeli 

et al. (2020) tested three types of commercially available full-scale and quarter-scale 

beam-to-column connectors, under shear and bending loading scenarios. The 

overall behaviour between the full-scale and quarter-scale connectors was closely 

matched. They also provided recommendations on how to reproduce the behaviour 

of full-scale connectors by testing scaled-down ones. 

2.5 Conclusions 

This chapter first reviewed the features of mass timber buildings and the 

characteristics of progressive collapse. The discussion focused on three different 

collapse resistance mechanisms developed in post-and-beam structures—flexure 

action, compressive arch action and catenary action. To link mass timber buildings 

and progressive collapse, the chapter reviewed related studies, including 

experimental tests and numerical simulations. Some research was based on 

reinforced concrete and steel structures; however, these studies still provide a 

foundation for conducting the current research. Overall, this chapter clarifies the 

research gaps and provides motivations for the research to be conducted with 

experimental and numerical methods. 
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Experimental Collapse Response of Post-and-Beam Mass 

Timber Frames Under a Quasi-Static Column Removal 

Scenario 

ABSTRACT 

Mid-rise to tall mass timber buildings, which are constructed from engineered solid 

wood products, such as Laminated Veneer Lumber (LVL), Glued laminated timber 

(Glulam) and Cross Laminated Timber (CLT), have recently gained international 

popularity. As the height of timber buildings increases, so do the consequences of a 

progressive collapse event. While collapse mechanisms of concrete and steel 

buildings have been widely researched, limited studies have been carried out on 

mass timber buildings. This chapter presents and discusses the experimental results 

performed on a series of 2D timber frame substructures, used in post-and-beam 

mass timber buildings and scaled down to fit the purpose of this research, under a 

middle column removal scenario. The behaviour of the frames and the ability of three 

types of commercially available beam-to-column connections and a proposed non-

commercial novel connection, to develop catenary action under large deformations 

are reported. Furthermore, the system capacity in terms of the uniformly distributed 

pressure is also discussed. The test results showed that only the proposed 

connector was able to sustain the design pressure in international design 

specifications if no dynamic increase factor was considered, and therefore presented 

a potential solution to improve the robustness of post-and-beam timber buildings. 
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3.1 Introduction 

3.1.1 Background 

Mass timber buildings, referred to as buildings which are constructed from 

engineered solid wood products such as Laminated Veneer Lumber (LVL), Glued 

laminated timber (Glulam) or Cross Laminated Timber (CLT), are becoming popular 

internationally. Changes in legislations facilitate the use of timber in mid-rise 

constructions. In Australia, under the “deemed-to-satisfy” provisions in National 

Construction Code (2019), no specific and additional design checks related to the 

material (such as fire safety requirements) are required to be performed, enabling 

timber to directly compete with steel and concrete. 

Numerous examples of mid-rise mass timber buildings have already been built or 

are under construction, with some of the most prominent examples under 10-storey 

including: 9-storey Stadthaus (UK, 2009), 4-storey BskyB Building (UK, 2014), 7-

storey T3 (USA, 2016), and 7-storey International house Sydney (Australia, 2017). 

Buildings up to 20-storey are also being or have been built, such as: 14-storey Treet 

(Norway, 2015), 18-storey Brock Commons Tallwood House (Canada, 2017), 10-

storey “25 King St” (Australia, 2018) and 18-storey Mjøstårnet (Norway, 2019). 

3.1.2 Progressive Collapse 

“Progressive collapse” is characterised by a disproportionate and catastrophic failure 

of a structure due to a local damage caused by an abnormal event, i.e., a low-

probability high-consequence (LPHC) event such as explosions, vehicle impacts, fire, 

natural disasters, malicious actions and deterioration phenomena (Adam et al., 2018; 

ASCE, 2013; Ellingwood, 2006; GSA, 2016). Although progressive collapses of 

buildings are rare, these events can lead to significant social and economic 
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consequences, and must be considered, for instance in Australia, in the design of 

Classes 2 – 9 buildings (i.e., multi-residential, commercial, industrial, and public 

assembly buildings) (National Construction Code, 2019). Infamous cases of 

progressive collapse include those of the University of Aberdeen – Zoology 

Department (1966), Ronan Point Apartment Tower (1968), Alfred P. Murrah Federal 

Building (1995), World Trade Centre (2001) and Rana Plaza (2013). While these 

were concrete and steel buildings, collapse cases of mass timber buildings have also 

been reported in the literature (Frühwald et al., 2007). Two major cases have been 

principally investigated, namely the Ballerup Siemens-arena and the Bad 

Reichenhall Ice-arena, both long-span timber buildings. The former, located in 

Denmark, collapsed in 2003 due to incorrect connection designs. Two of the twelve 

glulam trusses collapsed without any early warning signs (Hansson & Larsen, 2005; 

Munch-Andersen & Dietsch, 2011). Collapse could have further propagated if the 

roof purlins were continuous over multiple spans. In 2006, the roof of the Bad 

Reichenhall Ice-arena (Germany) collapsed, killing 15 people and injuring another 

30. Several problems and flaws were revealed, including the glue-lines and finger 

joints of the girders which were significantly damaged by exposure to relatively high 

humidity. Upon failure of one of the roof box-girders, the load was transferred to the 

neighbouring girders which were also weakened and could not carry any additional 

load. This eventually triggered the progressive collapse of the building (Hansson & 

Larsen, 2005; Munch-Andersen & Dietsch, 2011; Winter & Kreuzinger, 2008). 

Current progressive collapse design guidelines (DoD, 2016; ECS, 2006; GSA, 2016; 

IStructE, 2010) cannot fully satisfy the requirements needed to consider the 

specificities of mass timber buildings as they are based on studies performed on 

steel and concrete buildings. Indeed, wood is a complex anisotropic material with 

brittle failure modes in bending, shear and tension, different to the more ductile 
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behaviour of reinforced concrete and steel materials. Multi-storey timber buildings 

are deemed to be more elastic, typically having less rotational capacity at the joints, 

and limited load redistribution possibilities. Therefore, they have less potential than 

steel and concrete buildings to enable catenary action (Hewson, 2016), a necessary 

stage to sustain high loads under large deformations (Li et al., 2011). Catenary action 

is defined as the ability of the horizontal elements to sustain enough deformation to 

resist the vertical loads through tensile axial forces (or catenary forces). This action 

is considered as the last structural defence mechanism to resist progressive collapse 

(Naji, 2016; Yu & Tan, 2013b). Additionally, ductile connectors, reaching their plastic 

phase before brittle failure occurs in the timber elements, are deemed necessary to 

limit the probability of timber building collapsing (Jorissen & Fragiacomo, 2011; 

Kirkegaard et al., 2011). The ability of connectors currently used in mass timber 

building to develop large rotations is unknown, and little is known about the actual 

capacity of mass timber buildings to resist progressive collapse. The only guidelines 

focussing on timber buildings were solely derived from tests performed on 

lightweight timber constructions (Grantham et al., 2003; Hewson, 2016), i.e., 

manufactured from small cross-sectional timber elements. 

Limited published studies have looked at the ability of mass timber buildings to resist 

progressive collapse and were either theoretical (Hewson, 2016; Huber et al., 2018; 

Voulpiotis et al., 2019) or numerical (Mpidi Bita et al., 2018; Mpidi Bita & Tannert, 

2019a, 2019b). Experimental studies were usually limited to lightweight 

constructions or one-storey buildings (Dietsch, 2011; Grantham et al., 2003; Jorissen 

& Fragiacomo, 2011; Kirkegaard et al., 2011; Mpidi Bita & Tannert, 2020; Sørensen, 

2011). The Timber Frame 2000 (TF2000) research (Grantham et al., 2003) showed 

that the connections are the key to ensure structural stability and robustness (i.e., 

the ability of a structure to sustain local damage, remain stable and not developing 
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damage disproportionate to the initial failure) (Grantham & Enjily, 2004; Grantham 

et al., 2003; Starossek & Haberland, 2011). 

While post-and-beam mass timber buildings, which are the focus of the study, are 

currently designed in Australia under a column removal scenario, the design is based 

on best engineering knowledge, not on scientifically derived procedures. Therefore, 

there is a need to experimentally investigate the behaviour of mass timber buildings 

under large deformations to quantify the load transfer through the building and the 

contribution of each structural element in resisting the load. Such studies would 

potentially contribute to the development of much-needed design guidelines specific 

to mass timber buildings. 

3.1.3 Current Work 

This study aims at experimentally investigating the behaviour of 2D frames used in 

post-and-beam mass timber buildings under a middle column removal scenario, i.e., 

the middle column of an internal frame. Quasi-static tests were carried out on ¼-

scale 2-bay frames assembled from three different types of commercially available 

beam-to-column connectors and a newly proposed novel connector. The different 

failure modes, the moment-rotation curves and the ability of each connector to 

develop first compressive arch action and second catenary action under large 

deformations are presented and discussed. The capacity of the frames to sustain 

the uniformly distributed pressure (UDP) transferred from the building is examined. 

This study represents an essential first step to fully understand the behaviour of 

mass timber buildings under a column removal scenario, and to comprehensively 

provide insights into (i) the type of connectors to be used in these buildings, (ii) their 

associated collapse resistance mechanisms, and (iii) how commercial connectors 

could potentially be improved. Additionally, while progressive collapse is essentially 
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a dynamic event, static tests must be performed to eventually derive dynamic 

amplification factors commonly used in design (DoD, 2016), either by comparing 

static and dynamic test results (Tsai, 2010) or from the energy conservation principle 

(Izzuddin et al., 2008). The extent of the research due to the scale factor used are 

also discussed. 

3.2 Material and Method 

3.2.1 Specimen Design and Timber Used 

A six-storey tall, 5×5-bay on an 8,000 mm×6,000 mm grid, representative timber 

office prototype building, with 295 mm thick CLT slabs, was designed based on the 

Australian timber standard AS1720.1 (Standards Australian Limited, 2010) and 

industry feedback. The cross-sectional dimensions of the beams and columns were 

600 mm×252 mm and 360 mm×360 mm, respectively. For the purpose of this 

research, both beams and columns were LVL structural products. The design dead 

load (self-weight of CLT panels), superimposed dead load and live load acting on 

the prototype building were 1.48 kPa, 1 kPa, and 3 kPa (representing offices for 

general use (Standards Australia Limited & Standards New Zealand, 2002a, 2002b)), 

respectively. The representative building is similar in essence to the 52 m tall timber 

building “25 King St” opened in 2018 in Brisbane, Australia. 

Next, the ¼-scale, 2-bay substructure to be tested, was extracted from an internal 

frame of this representative prototype building (See Figure 3-1). The beams and 

columns consisted of Radiata pine (Pinus radiata) or Douglas fir (Pseudotsuga 

menziesii) LVL structural products manufactured by Carter Holt Harvey (Carter Holt 

Harvey Woodproducts, 2015) with cross-sectional dimensions of 150 mm×63 mm 

and 90 mm×90 mm, respectively. Note that the values of the Modulus of Elasticity 
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3.2.2 Extend of Present Study and Size Effects 

Due to available laboratory space and budget, testing of scaled down structures 

under column removal scenarios has been well-established and commonly practiced, 

see Fu et al. (2017a); Guo et al. (2013); Li et al. (2017); Ma et al. (2019); Xue et al. 

(2018) and Yi et al. (2008) for instance. In such experiments, the UDP applied to the 

scaled down floors (i.e., in kPa) is kept the same as the full-scale structure. With a 

scale factor of α, the scaled down structure would therefore experience shear forces 

and bending moments α2 and α3 times lower, respectively, than the ones exhibited 

by the full-scale structure. As all dimensions are scaled down, the shear area and 

section modulus of a scaled down structural element are also α2 and α3 times lower, 

respectively, than the same of the full-scale element. The full-scale and scaled-down 

structures consequently experience the same stress values and distributions under 

the same UDP. Due to this stress matching and using the same material, the scaled 

down structure theoretically behaves as the full-scale one. Capacities of the full-

scale system can also be theoretically calculated from the scale factor. 

Notwithstanding, fibres, knots and other defects in timber structures cannot be 

scaled down, which may affect the experimental results. Furthermore, it is well 

known that a size effect exists in timber elements, with the strength of an element 

decreasing as its size increases (Barrett et al., 1995; Isaksson, 2003; Madsen & 

Buchanan, 1986). Therefore, caution must be taken in testing scaled down timber 

structures. While our laboratory would have been able to accommodate full-scale 

post-and-beam specimens, not without difficulties, a scale factor of ¼ was 

considered in this study for the following reasons: (i) it allows consistency with 3D 

experimental tests, performed on ¼-scale 2×2-bay substructures (Chapters 4 and 5, 

total area of tested sub-structures and test rig of 6.5 m×4 m – an optimum size for 
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our strong floor), in which the same scaled down frames were used, and (ii) it enables 

a large variety of connections to be tested under a given budget, therefore obtaining 

a comprehensive picture of the behaviour of mass timber buildings under a column 

loss scenario. 

With the above extend in mind and to correctly interpret the results in both this study 

and when testing 3D substructures, the ¼-scale and full-scale bending and shear 

responses of the three types of commercial beam-to-column connectors considered 

in this chapter were experimentally investigated in Masaeli et al. (2020). Focus of 

the experiments (Masaeli et al., 2020) was on connections, as under a column 

removal scenario most of the deformation occurs in the connections, they are key to 

ensure robust timber structures (Grantham & Enjily, 2004; Grantham et al., 2003; 

Jorissen & Fragiacomo, 2011). Taking into consideration the scale factor, results 

showed that the non-linear responses, stress distributions and failure modes of the 

¼-scale and full-scale connectors were similar. Nevertheless, the shear and bending 

relative capacities of the ¼-scale connections tended to be typically about 20% 

higher, partially due to the different ductility of the aluminium material used in the ¼-

scale and full-scale tests and also to the aforementioned nature of the timber material. 

Similar conclusions were made in Kasal et al. (2002) who found that ¼-scaled fibre-

reinforced and densified beam-to-column timber connections represented an 

“excellent indicator” to the properties of the full-scale connections. Keeping in mind 

that the system capacity may be overestimated, the work in Kasal et al. (2002) and 

Masaeli et al. (2020) provided evidences that tests performed on ¼-scale structural 

mass timber systems are valid and adequate to satisfactory reproduce the overall 

non-linear responses and gain an in-depth understanding of the full-scale structural 

system. The approach followed in this chapter is consistent with the tests performed 

on scaled down concrete structures which are also sensitive to size effects (Bažant, 
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2000; Bažant & Planas, 1998; Bažant & Yu, 2009). Design guidelines (ASCE, 2013; 

DoD, 2016; GSA, 2016) were mainly developed from such scaled down tests and 

the overall understanding of the structural behaviour they provided. In this chapter, 

when applicable, a discussion is made on the differences to be expected between 

¼-scale and full-scale test results from the work in Masaeli et al. (2020). 

3.2.3 Beam-to-column Connectors 

Three types of commercially available beam-to-column connectors, currently used 

in mass timber buildings, were investigated in this study. Due to the specificity of 

timber buildings in which the horizontal stability is usually ensured by shear walls 

and cross-bracing elements instead of frame actions, commercial beam-to-column 

connectors used in post-and-beam mass timber buildings are typically designed as 

shear connectors, not moment resisting ones. Despite been used in buildings, the 

three types of commercially available beam-to-column connectors being 

investigated were not especially designed for robustness. Additionally, a fourth 

connector is proposed and was designed as part of this study to resist the loss of a 

column through catenary action. Its performance was also examined. 

As the design procedure of connections is more comprehensively given in the 

EN1995-1-1 (ECS, 2004), when compared to the AS1720.1 (Standards Australian 

Limited, 2010), all connectors were designed, including fastener spacing and 

end/edge distances, based on the former specification to sustain the factored design 

shear force of the representative building. The factored design shear force of the 

beam-to-column connectors under medium-term actions (1.2G+1.5Q) is 183 kN for 

the representative building, and therefore 11.4 kN for the ¼-scale substructure. 















CHAPTER 3 

Page 52 

Identification by Non-destructive Grading (BING) (CIRAD, 2012). Both the 

longitudinal (i.e., impacting the LVL in compression) and edge bending (i.e., 

impacting the LVL in bending with the LVL on its edge) dynamic MOE of the LVL 

beams were recorded, while only the longitudinal dynamic MOE of the LVL columns 

was measured. 

 

Figure 3-8 Test set-up for dynamic MOE determination 

3.2.4.2 Moisture content of timber 

To determine the moisture content (MC) of the timber at the time of both non-

destructive (dynamic MOE) and destructive (under column removal scenario) testing, 

samples were cut from selected specimens immediately after each test and weighted. 

The MC of the timber was then determined by the oven-dry method in the Australian 

standard AS/NZS 1080.1 (Standards Australia Limited & Standards New Zealand, 

2012). 

3.2.4.3 Tensile testing of bolts and dowels 

Nine 4 mm dowels, six M4 bolts and five M8 bolts were randomly selected from the 

batches used in the experiments to measure the material properties of the dowels 
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and bolts. The middle section of the 4 mm dowels and M4 bolts was machined to a 

nominal diameter of 3.5 mm and 3.1 mm, respectively, over a gauge length of 30 

mm. Similarly, the middle section of the M8 bolts was machined to 6.8 mm in 

diameter over a gauge length of 50 mm. The samples were tested following the 

Australian standard AS4291.1 (Standards Australia Limited, 2015) in a 100 kN 

Instron universal testing machine. The strain rates were chosen to best match with 

those encountered by the material during the column removal scenario tests and are 

summarised in Table 3-1. The Young’s modulus of the samples was determined from 

a 25 mm gauge length extensometer. The ductility of the materials was measured 

using the percentage reduction of area (RA) of each coupon, calculated following 

the Australian standard AS4291.1 (Standards Australia Limited, 2015). Measured 

dimensions of the samples were used to determine their Young’s modulus, yield 

stress and ultimate strength. 

Table 3-1 Summary of tensile tests of bolts and dowels 

Sample Number of tests Strain rate (mm/mm/min) 

M4 dowel 9 1.9×10-3 

M4 bolt 6 2.0×10-3 

M8 bolt 5 7.0×10-4 

 

3.2.4.4 Tensile testing of steel and aluminium plates 

Six coupons were cut from the T connectors, four coupons from the plates in the M 

connectors, and three coupons from the steel and three coupons from the aluminium 

plates used in the DP connector. The T connector and M connector coupons had a 

nominal width of 10 mm and a gauge length of 25 mm, while the DP connector 

coupons had a nominal width of 10 mm and a gauge length of 80 mm. To accurately 

measure the Young’s modulus of the material and avoid measuring out-of-

straightness deformations, two coupon samples in each set were fitted with two 3 
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mm and 5 mm gauge length strain gauges for steel and aluminium, respectively, 

glued on each face of the coupons and at mid-length. The average strain deformation 

of these gauges was used in measuring the Young’s modulus from the stress-strain 

curves. 

Similar procedures and measurements to the ones applied to the dowels and bolts 

were implemented to the coupon tests following the Australian standard AS1391 

(Standards Australia Limited, 2007). Strain rates applied to the coupons are given in 

Table 3-2. 

Table 3-2 Summary of tensile tests of steel or aluminium connector 

Sample Material Number of tests Strain rate (mm/mm/min) 

Double plate connector Steel 3 9.0×10-4 

T-section connector 

Aluminium 

6 9.4×10-4 

Megant type connector 4 3.4×10-3 

Double plate connector 3 1.8×10-3 

 

3.2.5 Test Set-up 

3.2.5.1 General 

The frame test set-up is shown in Figure 3-9, consisting of a 2-bay frame with a 

removed middle column to simulate the loss of an interior column. Horizontally, to 

simulate the restraints provided by the adjacent bays of the building, each edge (side) 

column was connected to a rigid frame through two pinned, 75 kN capacity load cells 

(LC1 to LC4) positioned above and below the beam centreline axis and at a distance 

d = 285 mm (Figure 3-9), i.e., away from the studied connectors so as not to influence 

their behaviour. This arrangement allowed the column to stay vertical and not 

displace horizontally, therefore mimicking what would primarily occur in a complete 

building. The load cell lay-out is shown in Figure 3-9. Therefore, the ability of the 
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system to resist progressive collapse through catenary action can be quantified 

through the axial force Faxial developed in the beams as: 

 

4

1

1

2
axial LCi

i

F F
=

=    (3-1) 

where FLCi is the force measured by load cell number i. The moment Mc resisted by 

each connector is calculated with respect to the centreline of the edge column as: 

 ( ) ( )1 3 2 4
2

c LC LC LC LC

d
M F F F F = + − +    (3-2) 

where all symbols are given in the paragraph above. In the vertical direction, a 250 

kN capacity Moog servo-controlled hydraulic jack was pin connected to the top of 

the removed column through a swivel, and a quasi-static load was applied at a stroke 

rate of 10 mm/min. To prevent in-plane and out-of-plane rotations of the middle 

column, a telescopic tube system (Xue et al., 2018) which could guide the removed 

middle column vertically was used (Figure 3-9). It consisted of three different-sized 

steel tubes, in which the smallest one was rigidly connected to the bottom of the 

removed middle column, and the largest one was connected to the strong floor. 

Ultrahigh-molecular-weight polyethylene (UHMWPE) smooth plates were glued to 

the sliding contact surfaces and greased to minimise friction. 
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To check repeatability, tests on the T, DC1 and M connectors were performed twice 

and as the results between two tests were similar (see Section 3.3.2), no further 

repeated tests were required. Furthermore, as the two DC1 test results were similar, 

the continuous D connector (DC2) was only tested once. Similarly, (i) based on the 

repeatability of the tests performed on the above connectors and (ii) as failure 

primarily occurred in the steel or aluminium for the DP connector, a material with a 

lower variability in its material properties than timber, each design modification of the 

DP connector was only tested once. 

3.2.5.2 Measurements 

Six linear variable displacement transducers (DT1 to DT6) were placed at various 

locations on the specimens to measure the vertical displacements of the middle 

column and of the two beams. The vertical displacement of the removed middle 

column was measured by two transducers (DT5 and DT6), symmetrically positioned 

on each side of the removed column (Figure 3-9), and the average of the two 

readings was used to measure the vertical displacement of the column. The other 

four displacement transducers were positioned along the beams as shown Figure 

3-9. 

The rotation of the beams at the removed column location was measured by two 

linear variable rotation transducers (RT1 and RT2), with the location of the 

transducers given in Figure 3-9. The rotation of the beams relative to the middle 

column was calculated as the average of the two transducer readings. Additionally, 

two strain gauges (30-mm gauge length, SG1 and SG2) were glued on the top and 

bottom surfaces at the mid-span of one beam to record the strain profile in the beam. 

In this chapter, only selected measurement readings are reported and discussed. 
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3.3 Test Results 

3.3.1 Material Testing Results and Moisture Content 

The average density, average dynamic longitudinal and edge bending MOE of all 

beams used, and average dynamic longitudinal MOE of all columns used, are 

summarised in Table 3-3 with Coefficients of Variation (COV) on measurements 

given. The average moisture content of the timber at the time of the MOE 

measurements is also given in Table 3-4. The COV values on the MOE 

measurements are small (less than 4.5%) showing the homogeneity of the LVL 

products and as such the influence of the variation in timber material properties on 

the results are minimal. Table 3-4 also shows that the average MC increased by 0.6% 

in average within the seven months needed between the MOE measurements 

(acoustic tests) and testing of the frames. 

Table 3-3 Non-destructive testing results 

Element Density (kg/m3) 
Dynamic MOE (MPa) 

Longitudinal Edge bending 

Beam 583.4 (1) (2.2) 15,428 (1) (4.5) 13,681 (1) (3.7) 

Column 598.3 (2) (7.2) 15,552 (2) (3.4) – 

Note: COV measurements given in ( ) in % 

(1) Average on 24 tests  (2) Average on 30 tests 

 

Table 3-4 MC test results 

BING Test 
Beam 8.5% (1) (5.8) 

Column 9.5% (2) (13.7) 

Experimental Test 
Beam 9.1% (1) (5.9) 

Column 10.1% (2) (7.2) 

Note: COV measurements given in ( ) in % 

(1) Average on 24 tests  (2) Average on 28 tests 
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The tensile test results for all bolts and dowels are summarised in Table 3-5 with 

COV on measurements. The yield stress of M4 bolts was higher when compared to 

830 MPa of the design grade 8.8. Table 3-6 presents all steel and aluminium coupon 

tensile test results with COV on measurements. 

Table 3-5 Tensile test results of bolts and dowels 

Sample 
Elastic modulus 

(MPa) 
Yield stress 

(MPa) 
Ultimate strength 

(MPa) 
Reduction of 

area (%) 

M4 dowel 204,084 (14.6) 538 (3.5) 573 (3.1) 64 (3.5) 

M4 bolt 204,644 (6.7) 1,161 (2.6) 1,214 (1.9) 67 (2.2) 

M8 bolt 214,865 (7.5) 838 (1.2) 892 (1.5) 71 (1.2) 

Note: COV measurements given in ( ) in % 

 

Table 3-6 Tensile test results of steel or aluminium plates 

Sample Material 
Elastic 

modulus 
(MPa) 

Yield 
stress 
(MPa) 

Ultimate 
strength 
(MPa) 

Reduction 
of area 

(%) 

Double plate connector Steel 194,918 (1.9) 264 (1.2) 383 (0.6) 77 (3.8) 

T-section connector 

Aluminium 

69,944 (0.8) 314 (0.6) 345 (1.1) 37 (13.6) 

Megant type connector 64,460 (2.2) 214 (5.1) 237 (4.4) 53 (4.7) 

Double plate connector 63,662 (3.4) 240 (9.6) 270 (2.0) 24 (2.9) 

Note: COV measurements given in ( ) in % 

 

3.3.2 Test Results 

3.3.2.1 Applied load-displacement curves and failure modes 

The applied load P to the frame versus the measured vertical displacement of the 

removed column is shown in Figure 3-10 for all tests performed. 

For the T-section connector (T) (Figure 3-10 (a)), the load increased linearly, with an 

average stiffness of 0.068 kN/mm, until a middle column displacement of about 40 

mm. The applied load then reached a plateau at a displacement of about 75-80 mm 
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(marked as A in Figure 3-10 (a)). Failure fully developed at a middle column 

displacement of about 130-140 mm where the load dropped rapidly (marked as B in 

Figure 3-10 (a)). The average maximum applied load was 4.1 kN. Failure occurred 

upon yielding and fracture of the aluminium bracket at the web-flange intersection. 

Bending tests performed on full-scale connectors in Masaeli et al. (2020) showed 

that aluminium fracture occurred at an early stage in the ¼-scale connectors, 

suggesting that more ductility but same failure mode would have been expected if 

full-scale frames were tested. The typical observed damages for each key stage and 

the final failure modes are shown in Figure 3-11. 

The double beam connectors showed a different response to those of the T-section 

connectors. For DC1, the load increased almost linearly, at a stiffness 4.3 times 

lower than that of the T-section connectors, up to a middle column displacement of 

about 170-180 mm, where tensile failure perpendicular to the grain developed in the 

column. This was characterised in Figure 3-10 (b) by a sudden drop of the applied 

load in the first test (marked as A in Figure 3-10 (b)) and a plateau in the second test. 

At this stage, the catenary action was fully developed (as explained in Section 

3.3.2.2), and the load further increased to an average applied load of 5.3 kN (marked 

as B in Figure 3-10 (b)). Failure eventually occurred when tension perpendicular to 

the grain was fully developed in the columns, as shown in Figure 3-12. The full-scale 

bending tests of connections in Masaeli et al. (2020) showed a relatively lower 

moment capacity when compared to the ¼-scale connectors due to the tension 

perpendicular to grain failure developing at an early stage. This suggests that a more 

brittle behaviour would be expected if full-scale frames were tested. 

On the other hand, DC2 showed a different behaviour when compared to DC1. The 

load increased linearly, with a stiffness 4.9 times higher than that of DC1, until the 
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middle column displacement reached 92 mm (marked as D in Figure 3-10). At this 

stage, the load suddenly dropped from 9.1 kN to 3.0 kN due to brittle bending failure 

occurring in the continuous beam at the middle column location (Figure 3-12). 

Catenary action developed after this stage, and the applied load further increased 

up to 8.7 kN (marked as E in Figure 3-10 (b)). The applied load then dropped again 

and remained constant at about 7.2 kN (mark as F in Figure 3-10 (b)) until the test 

was ended. The ultimate failure was due to a tensile failure perpendicular to the grain 

in the middle column (Figure 3-12). 

For the Megant type connector (M), the initial stiffness was similar to that of the 

double beam connectors tested in DC1, and the load increased linearly until a 

removed column displacement of about 50 mm. The applied load then reached a 

first peak of 1.8 kN (marked as A in Figure 3-10 (c)), due to the bending of the 

aluminium plates. After a middle column displacement reached about 200 mm, the 

load increased again due to the development of the catenary action (marked as B in 

Figure 3-10 (c)) described in next sub-section. Finally, the applied load reached a 

second peak at an average of 2.4 kN (marked as C in Figure 3-10 (c)), which is 33% 

higher than the first peak. At this stage, both the catenary action and the moment 

resisted by the connector were exhausted. The ultimate failure (marked as D in 

Figure 3-10 (c)) was induced at a middle column displacement of about 300-330 mm 

by the bending of the aluminium plates screwed to the beam in one of the four 

connectors, eventually detaching from the two clamping jaws, as shown in Figure 

3-13. Note that while the tests were performed until all connectors failed, the curves 

are only plotted herein until complete failure occurred first in one connector. Indeed, 

due to friction developing at that stage in the telescopic tube forced to keep the 

middle column vertical from unbalanced moments, the applied force increased 



CHAPTER 3 

Page 62 

unrealistically and is omitted. This phenomenon was only observed for Megant type 

and DPC3 connectors. 

The proposed double plate connector was successful in enabling catenary action 

(see next sub-section) and providing higher capacities when compared to the other 

connection types investigated. For DPC1, the load increased almost linearly, at a 

stiffness of 0.062 kN/mm, until a vertical displacement of 83.7 mm (marked as A in 

Figure 3-10 (d)), at which the load reached a plateau of about 4.7 kN due to the bolts 

overcoming the friction forces and sliding into the slotted holes. From a displacement 

of 150 mm, the applied load increased again due to bolt bearing and the subsequent 

development of catenary action. Successive failure of the bolts in bearing then 

occurred up to a removed column displacement of 401.4 mm when the maximum 

load of 10.3 kN was reached (marked as B in Figure 3-10 (d)). Then the applied load 

dropped and finally, the load reached 8.3 kN (marked as C in Figure 3-10 (d)). DPC2 

showed a similar behaviour to the first test, however the maximum load of 6.6 kN 

reached was 36% lower. If fasteners with a lower yield stress, when compared to the 

one measured in Table 3-5, were used, more deformation of the fasteners would be 

expected, therefore providing more ductility. This could have enhanced the ductility 

of the connectors with steel plates (DPC1 & DPC2). For DPC3, while the initial 

stiffness was similar to the previous two tests, the lower Young’s modulus of the 

aluminium, when compared to steel, allowed the bolts not to fail successively as in 

the first two tests. Indeed, the bearing forces of the bolts were more uniformly 

distributed due to the deformation of the aluminium and more tension force was able 

to be mobilised in the catenary stage. The applied load reached the first peak of 14.4 

kN which corresponding the removed column displacement of 242 mm (marked as 

D in Figure 3-10 (d)). A maximum applied load of 15.7 kN was then reached (marked 

as E in Figure 3-10 (d)). In the final stage before the test was ended, complete failure 
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Figure 3-11 Damage patterns at different stages and typical failure mode for T-

section connector (A ~ C in Figure 3-10) 

  

A  B  
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Figure 3-12 Damage patterns at different stages and typical failure modes for 

double beam connector (A ~ C: DC1; D ~ F: DC2 in Figure 3-10) 
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Figure 3-13 Damage patterns at different stages and typical failure modes for 

Megant type connector (A ~ D in Figure 3-10) 
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Figure 3-14 Damage patterns at different stages and typical failure modes for 

double plate connector (A ~ C: DPC1; D ~ F: DPC3 in Figure 3-10) 

3.3.2.2 Axial load-displacement curves 

Figure 3-15 shows the measured axial force in the beams (Equation (3-1)) versus 

the measured vertical displacement of the removed column for all tests. For the T-

section connector (T) shown in Figure 3-15 (a), the axial force was almost zero up 

until a middle column displacement of about 110-130 mm. At this stage, the axial 

force started to develop in the beam until premature failure occurred in the aluminium 

brackets (Figure 3-11 (c)), preventing the catenary action to fully develop. The 

average maximum recorded axial force was 3.2 kN. 

The DC1 double beam connectors (Figure 3-15 (b)) presented a different behaviour 

to the T-section connectors. The catenary action was recorded to develop at a 

slightly higher middle column displacement of about 140 mm, and the average 

maximum recorded axial force was 11.2 kN. The double beam connectors tested in 

DC2 showed that the catenary action developed at a middle column displacement 

of about 130 mm, and the maximum axial force of 14.9 kN was 32% higher than the 

DC1 tests. The continuous beam through the column significantly influenced the 

overall capacity of the system to enable catenary action. 
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For the Megant type connector (M) shown in Figure 3-15 (c), up to a middle column 

displacement of 200 mm, a compressive axial force was recorded due to a rocking 

mechanism of the beams allowing a compressive arch action (CAA) to develop, a 

similar phenomenon encountered in concrete structures (Yu & Tan, 2013b). This 

phenomenon was mainly encountered for the Megant type connector. The catenary 

action then developed, and the axial force in the beams increased up to an average 

recorded load of 7.2 kN at which point, the connectors reached their maximum 

capacity. 

The axial force behaviour was similar between double steel plate DPC1 and DPC2 

connectors. The catenary action started to develop around a vertical displacement 

at 150 mm, which indicated that the bolts have completely slid into the slots and to 

bear the metal plates. From then, the increasing of the axial force was not smooth 

due to the successive failure of the bolts, as mentioned in Section 3.3.2.1. The 

maximum axial loads reached for DPC1 and DPC2 were 27.2 kN and 15.7 kN, 

respectively, corresponding to a removed column displacement of 337 mm and 333 

mm, respectively. DPC3 showed a slightly different behaviour when compared to the 

previous two tests. The catenary action started to develop earlier and at a removed 

column displacement of about 90 mm. The axial force increased linearly from a 

removed column displacement of 160 mm until a maximum axial load of 37.8 kN was 

reached, at a column displacement of 245 mm. The maximum axial force reached 

for DPC3 was 38% higher than that for DPC1, reconfirming the efficiency of the 

aluminium plates in mobilising more bolts to resist the axial force than the steel plates. 

After a removed column displacement of 300 mm, the axial force dropped quickly, at 

about 14 kN. 









CHAPTER 3 

Page 74 

and averaged at 0.73 kN·m, which is 62% lower than the maximum moment resisted 

by T-section connectors. The second peak averaged at 0.8 kN·m and a beam 

rotation of 7.7o. When the tests were ended at a removed column displacement of 

about one-fifth of the span, the connectors were still able to sustain a moment of the 

same order of magnitude as the second peak moment. Moreover, due to the 

connections being different between the side columns (no continuous beams) and 

the removed column (one continuous beam), the moment-rotation curve of DC2, 

calculated from Equation (3-2), is not plotted in Figure 3-16 (b) as it does not reflect 

the actual moment experienced by the connector at the removed column. 

The moment-rotation curve of the Megant type connector (M) increased almost 

linearly until an average moment peak of 1.1 kN·m (marked as A in Figure 3-16 (c)), 

corresponding to a beam rotation of about 3o. Then the moment resistance 

decreased to almost 0 kN·m at a beam rotation of 8o (marked as C in Figure 3-16 

(c)), indicating that the applied force was mainly resisted by catenary action from this 

stage, up until ultimate failure at a beam rotation of about 11o (marked as D in Figure 

3-16 (c)). 

The moment-rotation curves of the proposed double plate connectors are plotted in 

Figure 3-16 (d). DCP1 and DCP2, manufactured from steel plates, reached a 

maximum moment of 2.2 kN·m (marked as A in Figure 3-16 (d)) at a beam rotation 

of 2.4o, and of 2.1 kN·m at a beam rotation of 4o, respectively. After reaching the 

maximum moment, the moment progressively dropped to almost zero at a beam 

rotation of 8o for the two connectors. DPC3, manufactured from aluminium plates, 

exhibited a different behaviour compared to the other two configurations. The 

moment resistance increased smoothly to a first peak of 3.2 kN·m, corresponding to 

a beam rotating of about 4o. After a plateau stage, the moment resistance increased 
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 max
max

1 2

F
UDP

L L
=   (3-3) 

where Fmax (in kN) is the maximum applied load (given in Section 3.3.2.1), L1 = 2 m 

is the beam span and L2 = 1.5 m is the floor span, based on the 8 m×6 m grid of the 

representative building detailed in Section 3.2.1. UDPmax for all studied specimens 

are summarised in Table 3-7. The maximum UDP of all tested connectors was for 

the frame assembled by double plate connector (DPC3) and equal to 5.24 kPa and 

the maximum UDP of frames assembled with the commercially available connectors 

ranged from 0.76 kPa (Megant type) to 1.79 kPa (Double beam tested in 

Configuration 1), which is lower than the design dead load alone of 2.48 kPa. 

UDPmax is compared herein to the design pressures for office buildings UDPdesign_DoD, 

UDPdesign_IStructE and UDPdesign_AS/NZS in the DoD (2016), IStructE (2010) and 

Australian/New Zealand (Standards Australia Limited & Standards New Zealand, 

2002a) recommendations, respectively, given as: 

 ( )_ =Ω 1.2 Dead Load+0.5 Live Loaddesign DoDUDP     (3-4) 

 _ 1.0 Dead Load 0.5 Live Loaddesign IStructEUDP =  +    (3-5) 

 _ / . .1 0 Dead Load 0 4 Live Loaddesign AS NZSUDP =  +    (3-6) 

where Ω is the dynamic increase factor, equal to 2.0 for timber structures under non-

linear static analyses. Note that (i) out of the three recommendations, the DoD is the 

only one considering a dynamic increase factor and (ii) UDPdesign_DoD is only applied 

to the bays above the removed column, the design pressure with no dynamic 

increase factor is applied to the remaining bays. In reference to the values in Section 

3.2.1, UDPdesign_DoD = 8.95 kPa, UDPdesign_IStructE = 3.98 kPa and UDPdesign_AS/NZS = 
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3.68 kPa for the representative building. None of the investigated connectors was 

able to sustain the design pressure of 8.95 kPa in the DoD. Only the double plate 

connector (DPC3) could achieve the design pressure in the IStructE and AS/NZS 

recommendations, with a UDPmax 1.32 and 1.42 times higher than UDPdesign_IStructE 

and UDPdesign_AS/NZS, respectively. The ratios between the maximum recorded UDP 

and the design ones are given in Table 3-7. 

In view of the above, progressive collapse of post-and-beam mass timber buildings 

cannot be resisted by the frame alone using connectors currently used. Alternative 

load paths must be found, such as through the CLT floors to transfer the loads to 

adjacent frames and/or connectors especially designed to resist the large 

deformations associated with the loss of a column must be used (Mpidi Bita & 

Tannert, 2019a). 

Table 3-7 Summary of loading methods 

Connector 
Pmax 
(kN) 

UDPmax 
(kPa) 

UDPmax/ 
UDPdesign DoD 

UDPmax/ 
UDPdesign IStructE 

UDPmax/ 
UDPdesign AS/NZS 

T-section 
T-Test 1 4.14 1.38 0.15 0.35 0.38 

T-Test 2 4.26 1.42 0.16 0.36 0.39 

Double beam 
connector 

DC1-Test 1 5.36 1.79 0.20 0.45 0.49 

DC1-Test 2 5.26 1.75 0.20 0.44 0.48 

DC2-Test 1 9.13 N/A N/A N/A N/A 

Megant type 
connector 

M-Test 1 2.50 0.83 0.09 0.21 0.23 

M-Test 2 2.27 0.76 0.08 0.19 0.21 

Double plate 
connector 

DPC1 10.29 3.43 0.38 0.86 0.93 

DPC2 6.62 2.21 0.25 0.56 0.60 

DPC3 15.72 5.24 0.59 1.32 1.42 

Note: Calculations given in APPENDIX B are not applicable to DC2 which is a continuous beam. 

 

3.5 Conclusions 

The behaviour of mass timber frames, extracted from a post-and-beam building, 

under a middle column removal scenario was investigated. Large deformation tests 
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were performed on ¼-scale, 2-bay substructures assembled from three types of 

commercial beam-to-column connectors and a proposed connector. The behaviour 

of the frames and the ability of the beam-to-column connectors to develop catenary 

action under large deformations were reported. The main findings are summarised 

below: 

1. All commercial connectors provided enough rotation for the catenary action 

to either develop or start developing under large deformations. Megant type 

connector developed compressive arch action at the initial stage of loading. 

However, the amplitude of these mechanisms was not enough to be taken 

advantage of for progressive collapse design. 

2. Overall when compared to currently used connectors (T-section connector, 

double beam connector, Megant type connector), the proposed novel double 

plate connector provided higher capacities and allowed catenary action to 

be taken advantage of. It therefore represents a potential solution to improve 

the robustness of post-and-beam mass timber buildings and shows that 

structural robustness can be achieved with correct design approaches. 

3. Results showed that frames manufactured from the commercially used 

connectors investigated as part of this study and from the proposed double 

plate connector cannot resist by themselves the design UDP applied to the 

floor under a column removal scenario set in the DoD guideline. However, 

the proposed double aluminium plate connector (DPC3) allowed the frame 

to resist the design UDP set in the IStructE and Australian/New-Zealand 

recommendations, which are contrary to the DoD in that a dynamic increase 

factor is not considered. 
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4. In post-and-beam mass timber buildings, the loss of a column must be 

resisted either by ductile connectors specially designed for the large 

deformations associated with the loss of a column, or through alternative 

load paths (such as CLT floors), or a combination of both. 

While this study investigated various beam-to-column connectors to provide a 

comprehensive picture of the behaviour of post-and-beam mass timber frames, 

conclusions from this study are only valid for the investigated connectors. More 

investigations would be needed to cover the full range of beam-to-column 

connectors currently used in post-and-beam mass timber buildings. Additionally, as 

progressive collapse is essentially a dynamic event, the study provides the test data 

to eventually derive dynamic amplification factors, either by comparing static and 

future dynamic test results or from the energy conservation principle. 
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CHAPTER 4  

EXPERIMENTAL STUDY ON THE QUASI-STATIC 

PROGRESSIVE COLLAPSE RESPONSE OF POST-AND-

BEAM MASS TIMBER BUILDINGS UNDER AN EDGE 

COLUMN REMOVAL SCENARIO 

Statement of contribution to co-authored published paper  

This chapter includes a co-authored and peer reviewed paper. The bibliographic 

details of the co-authored paper, including all authors, are: 

Lyu, C. H., Gilbert, B. P., Guan, H., Underhill, I. D., Gunalan, S. & Karampour, 

H. (2021). Experimental study on the quasi-static progressive collapse 

response of post-and-beam mass timber buildings under an edge 

column removal scenario. Engineering Structures, 228, 111425. 

http://10.1016/j.engstruct.2020.111425 

Note that, the paper has been reformatted to meet the guideline of the thesis and 

the supplementary experimental data which was not published in this paper now has 

been provided in APPENDIX C. 
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Experimental Study on the Quasi-Static Progressive 

Collapse Response of Post-and-Beam Mass Timber 

Buildings under an Edge Column Removal Scenario 

Abstract 

Mid-rise to tall mass timber buildings are becoming internationally popular and are 

required, for instance in the Eurocode or the Australian building code, to be designed 

against progressive collapse. Designing against progressive collapse is especially 

important for mass timber buildings as, when compared to reinforced concrete and 

steel, timber is a more brittle construction material and mass timber buildings are 

deemed to be more elastic and have limited rotational capacities at the beam-to-

column connections. However, whilst the ability of reinforced concrete and steel 

buildings to resist such an extreme event has been widely researched, limited 

studies were carried out on mass timber buildings. Their load transfer mechanisms 

and structural response after the loss of a load-bearing element are currently unclear. 

Consequently, this chapter presents the outcomes of three experimental tests 

performed on three scaled-down, 2×2-bay, post-and-beam mass timber 

substructures under an edge column removal scenario. The capacity of the 3D 

substructures to resist progressive collapse was investigated for two types of beam-

to-column connectors, namely two tests performed with a connector type commonly 

used in Australia in mass timber buildings and one test with a proposed novel 

connector. In the tests, Uniformly Distributed Pressures (UDP) were applied to the 

floors in two stages: (i) a constant UDP of 4.8 kPa was first applied to the bays not 

adjacent to the removed column and (ii) an idealised UDP was then increasingly 
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applied to the remaining two bays through a hydraulic jack connected to a six-point 

loading tree. The load redistribution mechanisms or alternative load paths, structural 

response and failure modes were recorded and are presented in this chapter. 

Results showed that the applied load was principally transferred to the three columns 

closest to the removed column and that the Cross Laminated Timber (CLT) panels 

spanning over two bays were efficient in resisting and transferring the load. The 

substructure with the proposed novel connector showed an 8.5% increase in 

capacity and higher ductility than the substructures assembled with the commonly 

used connector. A simplified theoretical model consistent with the methodology 

currently used by industry to predict the collapse resistance capacity of post-and-

beam mass timber buildings was compared to the test results. The model under 

predicted the test capacity by 53%. 

Keywords 

Edge column removal scenario, Progressive collapse, Disproportionate collapse, 

Mass timber post-and-beam buildings 
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4.1 Introduction 

A local failure of a load-bearing structural element, due to an abnormal load (such 

as gas explosion, fire, blast, design error or vehicular collision), may propagate 

through the building and ultimately cause its partial or entire collapse. This 

phenomenon is referred to as “progressive collapse” (Ellingwood, 2006). Even if the 

probability of this type of structural failure is low, it often results in significant 

economic losses and may result in human casualties which could be avoided by 

designing robust buildings. 

The main progressive collapse design guidelines, which include those 

recommended by the Department of Defence (DoD, 2016), General Services 

Administration (GSA, 2016) and the Institution of Structural Engineers (IStructE, 

2010), have been mainly developed from studies performed on reinforced concrete 

and steel buildings, and may therefore not be directly applicable to mass timber 

buildings. Mass timber buildings refer to mid-rise to tall buildings assembled from 

engineered solid wood products, such as Laminated Veneer Lumber (LVL), Glued 

laminated timber (Glulam) and Cross Laminated Timber (CLT). They are gaining 

worldwide popularity due to changes of legislations and increased awareness on 

sustainability (Bezabeh et al., 2018). Whilst collapse cases of timber buildings 

manufactured from engineered wood products have been reported (Frühwald et al., 

2007; Hansson & Larsen, 2005; Munch-Andersen & Dietsch, 2011; Winter & 

Kreuzinger, 2008), little is known on the ability of mass timber buildings to resist such 

a catastrophic event. When compared to reinforced concrete and steel, timber is a 

more brittle construction material and mass timber buildings are deemed to (i) be 

more elastic, (ii) have limited rotational capacities at the beam-to-column 

connections to allow catenary action to mobilise under large deformations (Hewson, 
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2016) and (iii) provide limited load redistribution possibilities or alternative load paths. 

It is therefore important to consider such extreme event in the design of mass timber 

buildings. Progressive collapse design guidelines which include those for timber 

buildings (Arup, 2011; DoD, 2016; Hewson, 2016; IStructE, 2010; UKTFA, 2008; 

Woodard & Jones, 2019) were developed for lightweight platform frame buildings 

and based on the study performed in Grantham and Enjily (2004); Grantham et al. 

(2003). This structural system is different to and offers more structural redundancy 

than mass timber buildings. Published studies related to the progressive collapse of 

mass timber constructions were principally either theoretical (Hewson, 2016; Huber 

et al., 2018; Jorissen & Fragiacomo, 2011; Kirkegaard et al., 2011; Sørensen, 2011; 

Voulpiotis et al., 2019; Woodard & Jones, 2019) or numerical (Huber et al., 2020; 

Mpidi Bita et al., 2018; Mpidi Bita & Tannert, 2019a), with few experimental 

investigations (Chapter 3 and Mpidi Bita & Tannert, 2020). Due to the limited 

understanding on the structural response of mass timber buildings under the loss of 

a load bearing element, current design practices are therefore based on best 

engineering knowledge instead of scientifically developed guidelines. 

Consequently, this study experimentally investigates the structural behaviour of 

post-and-beam mass timber building systems under an edge column removal 

scenario. Post-and-beam buildings were chosen as they represent a common office 

type building in Australia, such as the International House Sydney (opened in 2017) 

or “25 King St”, Brisbane (opened in 2018). Due to their structural system allowing 

for large open space floors, they offer less structural redundancy than residential 

type panelised/shear wall systems. Specifically, this chapter quantifies the load 

redistributions or alternative load paths, failure modes and the overall structural 

response through the recorded deflections and strain developments in beams and 

CLT floors. Three experimental tests were carried out on 2×2-bay scaled down 
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substructures assembled either from a commercially available beam-to-column 

connector (Knapp, 2017) (referred to as “Megant type” connector) or from the 

proposed novel connector in Chapter 3 (referred to as “Double Plate” connector). 

The observed capacity is also compared to an analytical solution based on the 

current design philosophy adopted by the industry. The solution is obtained through 

force equilibrium by assuming that the applied load is resisted by the cantilevered 

CLT panels spanning two bays and their supporting beams which are considered as 

simply-supported. 

4.2 Materials and Methods 

4.2.1 Investigated Substructures 

4.2.1.1 Representative building 

As a case study, a 5×5-bay, six-storey high, representative mass timber office 

building, on an 8,000 mm×6,000 mm grid, was designed in Chapter 3 following the 

design philosophy in the Australian timber standard AS1720.1 (Standards Australian 

Limited, 2010) and industry feedback, see Figure 4-1. Given that the EN1995-1-1 

(ECS, 2004) is more comprehensive than the AS1720.1 (Standards Australian 

Limited, 2010) in calculating the capacity of connections, it was therefore used for 

this purpose in the design, which is governed by the shear capacity of the beam-to-

column connector. The superimposed dead (representing floor finishes and other 

services) and live loads (representing offices for general use (Standards Australia 

Limited & Standards New Zealand, 2002a, 2002b)) adopted in the design were 1 

kPa and 3 kPa, respectively. Based on the values of the loads above, 7-ply, 295 mm 

thick CLT panels (CL7/295 from XLam) were selected from the manufacturer design 

guidelines (XLam, 2016), resulting in a 1.48 kPa uniformly distributed dead load from 
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4.2.1.2 Tested substructures 

2×2-bay substructures were extracted from the ground floor of the prototype building 

for testing as shown in Figure 4-1. Note that experimental investigations on the 

progressive collapse of reinforced concrete and steel buildings are commonly 

practiced on scaled down substructures, see Fu et al. (2017a); Li et al. (2017); Pham 

et al. (2017); Qian and Li (2012b); Ren et al. (2016) and Xue et al. (2018) for instance, 

due to available laboratory space and budget. Such tests provide valuable 

knowledge on the overall structural behaviour and the parameters influencing 

progressive collapse. The understanding gained from such tests consequently 

contributed to the development of design guidelines (DoD, 2016; GSA, 2016; 

IStructE, 2010). A similar approach was followed in this study in which the 

substructures were scaled down by a factor of 4, therefore resulting in 4,000 

mm×3,000 mm substructures, with 150 mm (deep)×63 mm (wide) and 90 mm×90 

mm beams and columns, respectively. While it is well known that timber is sensitive 

to size effects (Barrett et al., 1995; Isaksson, 2003; Madsen & Buchanan, 1986) and 

therefore testing on scaled down timber structures may not be a preferred option, 

full-scale tests of complete timber buildings, or of a representative part of them, are 

rare and costly (Blomgren et al., 2019; Ceccotti et al., 2013; Ellis & Bougard, 2001; 

Filiatrault et al., 2002; van de Lindt et al., 2011). Further, these full-scale tests do not 

allow many parameters to be investigated and consequently only provide a partial 

view on the structural behaviour at the system level. On the other hand, results in 

Heiduschke et al. (2006a, 2006b); Kasal et al. (2002) and Masaeli et al. (2020) 

showed that ¼-scale and full-scale timber connections have similar overall non-

linear bending and shear structural responses. It is well accepted that connectors 

play a key role in the performance and robustness of mass timber buildings 

(Grantham et al., 2003; Lam & Varoglu, 1990; Lepper & Keenan, 1986; Takeda & 
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Hashizume, 1999), and results in Kasal et al. (2002) and Masaeli et al. (2020) proved 

that tests performed on scaled down timber structural systems provide accurate 

insights on the structural response of the full-scale systems and are therefore a 

valuable tool in understanding the behaviour of mass timber buildings under large 

deformations. It should be recognised that higher capacity (about 20%) may however 

be expected in scaled down tests (Masaeli et al., 2020). A full discussion on the 

theory behind testing scaled down structures and limitations of this approach can be 

found in Chapter 3 and Masaeli et al. (2020). 

In total, three substructures were constructed and tested under an edge column 

removal scenario. Two of these substructures were nominally identical to confirm the 

repeatability of the tests and both assembled with the Megant type connector 

described in Section 4.2.2.1 (Tests EM-1 and EM-2). The third substructure was 

assembled from the novel connector described in Section 4.2.2.2 (Test EDP-1). 

While an edge column is not the most likely column to be damaged from vehicle 

collision, it still represents a possible removal scenario for which more than one 

progressive collapse resisting mechanisms (flexural, compressive arch and catenary 

actions) could develop. 

4.2.1.3 Timber used and configurations 

hySPAN LVL ordered from Carter Holt Harvey and manufactured from Radiata pine 

(Pinus radiata) and Douglas fir (Pseudotsuga menziesii) (Carter Holt Harvey 

Woodproducts, 2015) were used for the beams and columns. The thickness of the 

delivered products was either 45 mm or 63 mm. Polyurethane structural adhesive 

was employed to glue two 45 mm thick LVL samples in the laboratory, under 1 MPa 

pressure, to achieve the required cross-sectional dimensions 90 mm×90 mm for the 

columns. 
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The CLT panels were Radiata pine 3-ply and 75 mm thick (CL3/75)×712 mm wide 

and were sourced from XLam (2016). Note that due to the availability of CLT panels, 

only the thickness of the panels was able to be scaled down, not the number of plies. 

Using the k-method composite theory (Blass & Fellmoser, 2004; Gagnon & Pirvu, 

2011), this compromise resulted in the 3-ply CLT panels having a theoretical 

effective bending stiffness parallel to the grain of the face boards (i.e., in the direction 

of the CLT panels designed as one-way floors) comparable to, but about 30% higher, 

than if 7-ply CLT panels would be able to be used. The substructure was composed 

of six 1,554 mm long panels (referred to as CM1, CM2, CM4, CM5, CM7, CM8) 

spanning one bay and three 3,063 mm long panels (referred to as CM3, CM6, CM9) 

spanning two bays. Figure 4-2 shows the perspective and plan view of the extracted 

substructure with panel and column numberings. The beams, columns and CLT 

panels are represented by “B”, “C” and “CM”, respectively. 
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4.2.2.2 Double plate connector (DP) 

This connector was specifically designed in Chapter 3 to be able to rotate by at least 

0.2 rad (DoD, 2016) so as to mobilise catenary action in case of a column loss. 

Catenary action is defined as tensile axial forces developing in the horizontal 

elements to resist the vertical loads (Naji, 2016) and is found to be efficient in 

resisting the applied load under large deformations (Yu & Tan, 2013b). The 

connector consisted of two parts: (i) the beam part included two 2.5 mm thick 

aluminium (T6-6061 alloy) plates inserted in slots pre-cut in the beam and the two 

components were connected by two rows of eight overdesigned 4 mm steel dowels 

(s355). Six steel (Grade 250) spacers were designed to maintain appropriate 

spacing between the aluminium plates (Figure 4-5 (a)). (ii) The column part included 

two 2.5 mm thick aluminium (T6-6061 alloy) plates inserted through slots pre-cut in 

the column. The plates overhung on both sides of the column and were connected 

to it with three rows of six 4 mm steel dowels (s355). Slotted holes were cut in the 

overhangs to allow the beam to rotate the 0.2 rad (DoD, 2016) (Figure 4-6 (b)). The 

beam and column were connected “on-site” with six M4 bolts (class 8.8) (Figure 4-5 

(d)). This connector and its principles of assembly are shown in Figure 4-5 with 

detailed dimensions given in Figure 4-6. Note that while this connector allowed 

enough rotation to take place for catenary action to mobilise (Chapter 3), it also 

showed a greater rotational stiffness than the Megant type connector. Indeed, as the 

slotted holes showed in Figure 4-6 were made straight, they prevented the circular 

movement of the bolts, thereby generating resistance to the applied load. This 

connector is only manufactured from aluminium plates which can be cost-effectively 

waterjet cut. The main cost would be however in the off-site installation of the dowels. 
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(a) LVL sample 

 

(b) CLT panel sample 

Figure 4-7 Test set-up for dynamic MOE determination 

4.2.3.2 Bending strength of timber (destructive testing) 

To measure the bending strength of the LVL beams and CLT panels delivered, five 

LVL beams and two CLT panels were tested in four-point bending following the 

Australian standard AS/NZS 4063.1 (Standards Australia Limited & Standards New 

Zealand, 2010) and the European standard BS EN 16351 (BSI, 2015), respectively. 

However, to account for the length of the available LVL beams, the distance between 

the supports and the points of application of the load was reduced to 3.3 times the 

depth of the LVL, instead of 6 times the depth in the AS/NZS 4063.1 (Standards 
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Australia Limited & Standards New Zealand, 2010). Bending failure was always 

observed. The nominal cross-sectional dimensions of the tested CLT panels were 

450 mm×75 mm. The LVL had nominal cross-sectional dimensions of 150 mm×63 

mm. The bending strengths were calculated as per the standards from the measured 

cross-sectional dimensions. 

4.2.3.3 Moisture content of timber 

All LVL products and CLT panels were stored inside the laboratory at ambient 

temperature and relative humidity. As the samples were not conditioned in a 

controlled environment, the moisture content (MC) of the timber at the time of both 

non-destructive (dynamic MOE) and destructive testing of the substructures was 

measured. Selected samples were immediately cut from the test specimens after 

testing and weighted. Then the timber MC was determined by the oven dry method 

according to the Australian standard AS/NZS 1080.1 (Standards Australia Limited & 

Standards New Zealand, 2012). 

4.2.3.4 Steel properties 

To measure the material property of the steel components, six 4 mm dowels, five M4 

bolts and five M8 bolts were randomly selected from the batches of material that 

were used in the experimental tests. The middle section of the samples was 

machined to a nominal diameter of 3.5 mm, 3.1 mm and 6.8 mm over a gauge length 

of 30 mm, 30 mm and 50 mm for the 4 mm dowels, M4 bolts and M8 bolts, 

respectively. The samples were tested in a 100 kN Instron universal testing machine 

following the Australian standard AS4291.1 (Standards Australia Limited, 2015). The 

strain rates were chosen to best match the experimental tests. A 25 mm gauge 

length extensometer was employed to measure the elastic modulus of the samples. 
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The yield stress, calculated as the 0.2% yield stress, the ultimate strength, and the 

reduction of cross-sectional area were also calculated from the measured cross-

sectional dimensions. 

4.2.3.5 Aluminium properties 

The Megant type connectors manufactured from the same batch as in Chapter 3 

were used in the experiments. The results of four coupons tests in Chapter 3 for this 

connector are reported in this chapter, see Chapter 3 for more details on the tests 

performed. As part of this study, five coupons were cut from the aluminium plates 

used in the Double Plate connectors. The coupons had a nominal width of 10 mm 

and a gauge length of 80 mm. 5 mm-gauge length strain gauges were glued on both 

sides of two coupons to accurately measure the elastic modulus of the material, i.e., 

without measuring the out-of-straightness deformation. The elastic modulus was 

calculated by taking the average of the two strain gauge readings. The coupons were 

tested following the Australian standard AS1391 (Standards Australia Limited, 2007). 

The strain rate was also chosen to best match the experimental tests. The yield 

stress, calculated as the 0.2% yield stress, the ultimate strength, and the reduction 

of cross-sectional area were calculated from the measured cross-sectional 

dimensions. 

4.2.4 Progressive Collapse Test Set-up 

4.2.4.1 Set-up and measurements 

The overall view of the test set-up is shown in Figure 4-8. The eight permanent 

columns (i.e., C1 – C3, C5 – C9), were pin-connected using universal joints to the 

laboratory strong floor (Figure 4-9 (a)). A 250 kN pancake load cell was inserted at 

the base of each column to measure the vertical reaction force. The load cells were 
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numbered LCVi, where i is the column ID. The load acting on the columns from the 

level above was also not considered. Additionally, during the construction and 

Loading Phase 1 (LP1, see Section 4.2.4.3), in which column C4 was temporary 

supported, a 200 kN load cell (LCVR) was used to measure the vertical reaction force 

transferred to the temporary support. 

 

Figure 4-8 3D test set-up 
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To simulate the horizontal restraint provided by the adjoining post-and-beam frames 

and floor panels of the entire building: (i) six peripheral columns were pin-connected 

horizontally, along the beam longitudinal axes, to rigid frames (Figure 4-9 (a) & (c)), 

and (ii) the edges of the CLT panels corresponding to the inside of the building were 

also pin-connected horizontally, along their longitudinal direction, to rigid frames 

(Figure 4-9 (b) & (c)). Two 75 kN load cells (LCH1 – LCH2) were installed to measure 

the load transfer in the horizontal restraints of columns C1 and C7. Another two 75 

kN load cells (LCH3 – LCH4) were also used to measure the horizontal load transfer, 

but in the restraints connected to CLT panels CM4 and CM6. All load cell numberings 

are summarised in Figure 4-9 (c). Due to (i) the nature of post-and-beam mass timber 

buildings which do not provide continuity of the beams throughout the building, and 

(ii) the low rotational stiffness of the beam-to-column connections relative to the 

bending stiffness of the beam (Masaeli et al., 2020), rotational restraints were not 

provided to simulate the constraints from the surrounding bays. 

The substructural behaviour was further monitored by fourteen linear variable 

displacement transducers LVDT (DT), two linear rotational transducers (RT) and 

twenty strain gauges (ST for the strain gauges glued at the top surface of a timber 

element and SB for the strain gauges glued at the bottom surface of the element) as: 

• Vertical displacements of the two beams B1 and B2 connected to the 

removed column, and those of the other two beams B3 and B4 at the middle 

of the substructure and the CLT panels CM2 and CM5 – CM9 were measured 

at the key locations shown in Figure 4-10 by LVDTs (DT1 – DT14). 

• The two rotational transducers (RT1 and RT2 in Figure 4-10) were mounted 

on the beams B1 and B2 on either side of the removed column to record their 

average rotation θb calculated as: 
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where θRTi is the reading of the rotational transducer number i. 

• Strains at the top and bottom extreme fibres of beams B1 – B4 and CLT 

panels CM4 – CM6 were recorded at the key locations shown in Figure 4-11 

with 30 mm-gauge length strain gauges (Darzi et al., 2020; Gilbert et al., 

2018). The axial and bending stresses of the beams and the CLT panels at 

the key locations were calculated as: 
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where 
iST and 

iSB are the strain readings from gauge number i glued at the 

top and bottom of the structural elements, respectively; and EL and EB are the 

longitudinal and bending MOEs, respectively, of the element measured in 

Section 4.2.3.1. Note that (i) for the LVL beams, as the material is uniform 

through the cross-section, EL and EB reflect the actual values of the MOE of 

the timber material parallel to the grain, with small differences between EL and 

EB (see Table 4-1) due to the natural spatial variability of the timber material, 

(ii) for the CLT panels, EL and EB represent the axial and bending MOE of the 

composite panels, respectively, instead of the actual values of the MOE of the 

timber material parallel to the grain. Therefore, the stresses calculated from 

Equations. (4-2) and (4-3) express (i) the actual stresses experienced by the 

LVL beams but (ii) only “apparent” axial and bending stresses for the CLT 

panels. Consequently, the apparent stresses only indicate the evolution of the 
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dead load + 0.5×Live load), in reference to the load values in Section 4.2.1.1, 

to accommodate for the size and weight of the steel blocks. 

• A six-point loading tree, similar to the one used by the second and third 

authors in Ma et al. (2020) and Ma et al. (2019), was positioned on the two 

bays adjacent to the removed column (i.e., bays delimited by columns C1, 

C2, C8 and C7). The loading tree is shown in Figure 4-12 (a) and consisted 

of two 50 mm thick triangular steel plates, two steel stands located at the 

centre of gravity of each plate and one 2,000 mm-long horizontal steel 

spreader beam. Each corner of the triangular steel plate was bolted to a steel 

ball inserted into a low friction 50 mm-diameter polyvinyl chloride (PVC) round 

socket pad. The pads were positioned on 300 mm long×200 mm wide×20 

mm thick steel plates which were connected to the CLT panels with four CS 

8×80 mm screws (SPAX, 2019) to form the support units. A 250 kN capacity 

Moog servo-controlled hydraulic jack was pin-connected at mid-span of the 

spreader beam through a universal joint to equally distribute the load to the 

six loading points. 

To prevent the development of horizontal forces in the slab from the loading tree, the 

following precautions were taken: 

• The spreader beam was simply supported through universal joints on the two 

steel stands. A slotted hole allowed one of the supports to slide along the 

beam longitudinal axis. Also to ensure stability, the hydraulic jack was 

connected below the level of spreader beam supports as shown in Figure 

4-12 (a). 

• For each triangular steel plate, the horizontal movements of one support unit 

(Figure 4-12 (a)) were restrained in both the longitudinal and lateral directions 
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• Loading Phase 1 (LP1): Positioning the loading tree and steel blocks: The 

loading tree, weighing 10.3 kN, was first positioned on the slab. The steel 

blocks were then loaded on the remaining two bays. Note that during this 

phase, the column stub C4 was supported by the temporary member, 

therefore simulating an undamaged substructure. 

• Loading Phase 2 (LP2): Removal of the temporary support: The temporary 

support was removed quasi-statically, typically in about 1 min, by gradually 

releasing the load of the acrow prop which was used to support the column 

and the load redistribution through the substructure was monitored. To 

minimise creep deformations, the idle time between LP2 and LP3 was kept 

to minimum, typically about half an hour. 

• Loading Phase 3 (LP3): Increasing the UDP until failure: All transducers, load 

cells and strain gauges were zeroed. Then the hydraulic jack was pin-

connected to the spreader beam and its displacement was increased at a 

constant stroke rate of 5 mm/min, until complete failure at large displacement. 

Note that, the chosen loading rate allowed the maximum load to be reached 

in 17 mins on average. This was slower than the recommended time in 

Standards of typically 3 – 5 mins, such as in American Society for Testing 

and Materials (2000) and Standards Australia Limited & Standards New 

Zealand (2006) for instance. However, this slower loading rate was chosen 

to visually observe the complex structural behaviour and better interpret the 

test data. Also note that in LP3, the four bays were all equally loaded with an 

UDP of 4.8 kPa when the load applied by the hydraulic jack reached 18.5 kN, 

i.e., corresponding to a total applied load of 28.8 kN, including the weight of 

the loading tree. 
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4.2.4.4  Extend of the test set-up 

As somewhat already discussed in the chapter, similar test set-ups to the one 

presented in the previous subsections, and consisting of testing scaled-down 2×2-

bay substructures, are routinely used and accepted in progressive collapse 

researches to both apprehend the collapse resistance mechanisms and alternative 

load paths, see Fu et al. (2017a); Kong et al. (2020); Li et al. (2017); Ma et al. (2020); 

Ma et al. (2019); Qian et al. (2015); Xuan Dat and Tan (2013); Xue et al. (2018) and 

Yi et al. (2014) for instance. However, it is understood that such set-ups have 

limitations which include (i) no restraints usually provided at the top of the columns 

to replicate both their continuity through the building and their actual bending 

stiffness, (ii) axial forces from above stories not applied to the columns, (iii) restraints 

provided by surrounded slab idealised, with the restraints considered in this study 

discussed in Section 4.2.4.1 and (iv) the UDP typically idealised through 6- or 12-

point loading trees. Also testing scaled-down structures may require special attention 

and changes to the specimen design to correctly replicate the behaviour of the full-

scale structure, such as adapting the layout of the reinforcement in concrete 

structures to match available reinforcement bars while keeping the reinforcement 

ratio the same between the full-scale and scaled-down structures (Xue et al., 2018). 

Regarding timber, a discussion on testing scaled-down timber structures is given in 

Section 4.2.1.2 of the chapter and in Masaeli et al. (2020). 
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4.3 Test Results 

4.3.1 Material Properties and Moisture Content 

Table 4-1 summarises the average measured dynamic MOE, with associated 

Coefficients of Variation (COV) on the measurements, of the LVL beams, columns 

and CLT panels used.  

Table 4-2 presents the MC measured from the selected samples at both the MOE 

measurements and the destructive testing of the substructures. The MC typically 

ranged between 8% and 11%. 

Table 4-1 Dynamic MOEs from non-destructive tests 

Element 
Dynamic MOE (MPa) 

Longitudinal, EL Bending, EB 

LVL beam 15,697 (1) (3.5)  15,199 (1) (6.1) 

LVL column 15,090 (2) (6.9) – 

CLT panel 6,194 (3) (10.7)  10,655 (3) (12.8) 

Note: COV measurements given in ( ) in % 

(1) Average on 17 samples (2) Average on 27 samples (3) Average on 27 samples 

 

Table 4-2 Moisture content results 

Elements MC (%) 

MOE measurement 

LVL beam 8.7 (1) (6.4) 

LVL column 9.0 (2) (3.1) 

CLT panel 11.3 (3) (6.7) 

Experimental test 
(substructures) 

LVL beam 9.4 (4) (6.6) 

LVL column 10.1 (5) (4.5) 

CLT panel 10.9 (6) (7.5) 

Note: COV measurements given in ( ) in % 

(1) Average on 16 samples (2) Average on 27 samples (3) Average on 21 samples 
(4) Average on 5 samples (5) Average on 8 samples (6) Average on 12 samples 

Table 4-3 provides the tensile test results for all selected bolts and dowels. Note that 

the results showed that the yield stress of the M4 bolts used in the experiments was 
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1.4 times higher than the nominal yield stress of 830 MPa of the ordered class 8.8. 

The tensile test results for aluminium specimens are summarised in Table 4-4. The 

average measured strain rates for the steel and aluminium material tests, obtained 

from the extensometer reading, are given in Table 4-3 and Table 4-4, respectively. 

Table 4-5 summarises the four-point bending test results for the LVL beams and CLT 

panels. 

Table 4-3 Tensile test results of bolts and dowels 

Element 
Strain rate 

(mm/mm/min) 
Elastic modulus 

(MPa) 
Yield stress 

(MPa) 

Ultimate 
strength 
(MPa) 

Reduction 
of area (%) 

M4 dowel 1.6×10-3 (1) 201,678 (1) (3.1) 530 (1) (0.9) 573 (1) (0.6) 64 (1) (4.3) 

M4 bolt 1.1×10-3 (2)  208,627 (2) (2.2) 1,184 (2) (0.8) 1,241 (2) (1.0) 66 (2) (2.0) 

M8 bolt  7.0×10-4 (3)  214,865 (3) (7.5) 838 (3) (1.2) 892(3) (1.5) 71 (3) (1.2) 

Note: COV measurements given in ( ) in % 

(1) Average on 6 tests (2) Average on 5 tests (3) Average on 5 tests 

 

Table 4-4 Tensile test results of aluminium specimens 

Element 
Strain rate 

(mm/mm/min) 
Elastic modulus 

(MPa) 
Yield stress 

(MPa) 

Ultimate 
strength 
(MPa) 

Reduction 
of area 

(%) 

Megant type 
connector  

3.4×10-3 (1) 64,460 (1) (2.2)  214 (1) (5.1)  237 (1) (4.4)  53 (1) (4.7)  

Double Plate 
connector  

1.7×10-3 (2) 68,400 (2) (5.5)  261 (2) (1.4)  319 (1.3) (2) 39 (2) (7.1)  

Note: COV measurements give in ( ) in % 

(1) Average on 4 tests (2) Average on 5 tests 

 

Table 4-5 Four-point bending test results 

Element Bending strength (MPa) 

LVL beam 57.7 (1) (10.0) 

CLT panel 37.1 (2) (7.8) 

Note: COV measurements given in ( ) in % 

(1) Average on 5 tests (2) Average on 2 tests 
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average stiffness of 0.65 kN/mm. A non-linear behaviour with limited inelastic 

deformation was then observed until reaching the maximum load. For Test EM-1, 

the maximum applied load of 120.8 kN (marked as B in Figure 4-13), at a removed 

column displacement of 226 mm, corresponded to the shear failure of the connector 

linking the interior beam B3 (2nd row) (Figure 4-2 (b)) to the interior column C5, as 

shown in Figure 4-14 (a). The load then partially recovered until bending failure 

(marked as C in Figure 4-13) occurred on the same row of beams, but in beam B4 

(as shown in Figure 4-14 (b)). The bending failure was located between CLT panels 

CM2 and CM3, i.e., at one-third of the beam length and in line with the loading points. 

From that stage, the load decreased until the test was stopped at a removed column 

displacement of 374 mm (i.e., about 1/6 of the beam span) with successive localised 

bending failure of the CLT panels, failure of the CLT-to-CLT and CLT-to-beam 

screwed connections and bending failure of the beam-to-column connectors 

attached to the removed column. For Test EM-2, the maximum applied load of 120.4 

kN (marked as E in Figure 4-13) was reached at a removed column displacement of 

203 mm, corresponded to the bending failure of beam B4, and no shear failure of 

the interior beam-to-column connector was observed as in Test EM-1. The bending 

failure was also located between the CLT panels CM2 and CM3. Then the load 

decreased until the test was stopped. Overall, Tests EM-1 and EM-2 showed similar 

structural behaviour attesting the repeatability of the tests. The failure modes and 

the overall deformations of the substructures at the abovementioned key stages and 

at the end of the tests are shown in Figure 4-14. 

The observed behaviour in Tests EM-1 and EM-2 is different to concrete and steel 

counterparts in which after reaching their first peak load, the structure can often 

recover from the initial damage by redistributing the load through the system through 

mobilised catenary action, therefore reaching a second peak load which is generally 



CHAPTER 4 

Page 117 

higher than the first one (Fu et al., 2017a; Ma et al., 2020; Qian et al., 2015; Xue et 

al., 2018). Such phenomena are however lacking to some extent in Tests EM-1 and 

EM-2. 

 

(a) Shear failure of connector (Point B in Figure 4-13, Test EM-1 only) 

 

(b) Bending failure of Beam B4 (Point C in Figure 4-13, shown for Test EM-1) 
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(c) Overall deformation before reaching the inelastic phase (Point D in Figure 4-13, 

shown for Test EM-2) 

 

(d) Overall deformation at the maximum load (Point E in Figure 4-13, shown for Test 

EM-2) 
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(e) Final state of the substructure after removing steel blocks and loading tree 

(shown for Test EM-2) 

 

(f) Final state of the substructure after removing CLT panels (shown for Test EM-2) 

Figure 4-14 Failure modes and overall deformations at different stages of Tests 

EM-1 and EM-2 
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The substructure with Double Plate connectors (Test EDP-1) showed a different 

behaviour when compared to the previous two tests. Up until a removed column 

displacement of 66 mm, the overall behaviour of the substructure was linear with a 

stiffness of 0.91 kN/mm, i.e., 40% higher than those of Tests EM-1 and EM-2. This 

difference is attributed to the bending stiffness of the Double Plate connector being 

2.3 times higher than the Megant type connector, as determined in Chapter 3. The 

sudden drop in the applied load at a removed column displacement of 91 mm 

(marked as F in Figure 4-13) corresponded to a localised bending failure of the CLT 

panels CM3 and CM6. The load recovered from this event to increase non-linearly 

until the maximum load of 130.9 kN (marked as G in Figure 4-13) was reached at a 

removed column displacement of 236 mm, i.e., about 1/9 of the beam span. This 

stage corresponded to a bearing failure developing in the aluminium plates of the 

connectors fastened to the removed column C4, as shown in Figure 4-15 (a). Note 

that this failure occurred in the front row of beams (beams B1 and B2) but not in the 

second row (beams B3 and B4) as in Tests EM-1 and EM-2. This is related to the 

higher bending stiffness of the Double Plate connectors mentioned above. Indeed, 

relative to Tests EM-1 and EM-2, EDP-1 enabled the load to be more uniformly 

balanced and a larger portion of it was resisted by the front frame. After reaching the 

maximum load, successive localised failures occurred and the load decreased at a 

slower rate than in Tests EM-1 and EM-2, until the test was stopped at a removed 

column displacement of 410 mm, i.e., about 1/5 of the beam span. The failure modes 

and overall deformation of the substructure at key stages and at the end of the test 

are shown in Figure 4-15. Note that to protect the recording devices, all displacement 

transducers were removed when the test was stopped in Figure 4-13. However to 

further observe the substructural behaviour, the jack was further displaced by 121 

mm after removing the transducers and the final states of the substructure shown in 
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Figure 4-15 (e) and (f) only correspond to this deformation further imposed to the 

structure. 

 

(a) Bolts bearing failure 

 

(b) Overall deformation before reaching the inelastic phase (Point F in Figure 4-13) 
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(c) Overall deformation at maximum load (Point G in Figure 4-13) 

 

(d) Overall deformation at the end of the recorded test 
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(e) Final state of the substructure after removing steel blocks and loading tree 

 

(f) Final state of the substructure after removing CLT panels 

Figure 4-15 Failure modes and overall deformations at different stages of Test EDP-1 
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Overall, when compared to Tests EM-1 and EM-2, a more ductile behaviour was 

observed for Test EDP-1, with the inelastic deformation at Point G equal to about 

2.5 times the elastic deformation at Point F in Figure 4-13. In terms of UDP, while 

the 2D post-and-beam systems assembled from the Megant type and double beam 

connectors (Chapter 3) were shown not to be able to resist alone the design load 

(with a dynamic increase factor of 2.0) of 8.95 kPa in the DoD (2016) under a column 

removal scenario, the tested 3D substructures in this chapter reached UDP of 20 

kPa (Tests EM-1 and EM-2) and 21.8 kPa (Test EDP-1), i.e., more than twice the 

design load. This outlines the effectiveness of the CLT panels in resisting the loss of 

a column and redistributing the applied load in the building. 

4.3.2.2 Horizontal force development 

The average measured horizontal (axial) force from Load cells LCH1 and LCH2 

(Figure 4-9 (c)), which provides an indicator if compressive arch and catenary actions 

were mobilised in the system, is plotted for all three tests in Figure 4-16 versus the 

removed column displacement. In compressive arch action, the vertical loads are 

resisted through the development of compressive forces in horizontally restrained 

beams (Kang & Tan, 2016). For Tests EM-1 and EM-2, enduring compressive forces 

were recorded in the horizontal load cells, indicating that the compressive arch action 

took place. This compressive force increased to an average maximum of 14.8 kN 

until bending failure occurred in beam B4. This force then progressively decreased 

until the test was stopped. No tension force was recorded by these two load cells. 

A different behaviour was observed in Test EDP-1. Up to a removed column 

displacement of 225 mm, i.e., corresponding to the maximum applied load, little to 

no axial force was recorded by the load cells. Then a compressive force, up to 7.3 

kN, developed. Contrary to the tests performed on the 2D post-and-beam systems 
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was 11.6° on average (0.20 rad) and the maximum rotation when the recording was 

ceased for Test EDP-1 (see Section 4.3.2.1) was 13.2° (0.23 rad). 

4.3.2.4 Load transfer mechanisms 

4.3.2.4.1 LP2 

Table 4-6 summarises the load transferred from the temporary column C4 to the 

remaining columns during LP2. A similar behaviour was observed for the three tests. 

The load resisted by the removed column was predominantly transferred to the three 

columns the closest to the removed one, with column C5 carrying between 76% and 

112% of the redistributed load. 

Table 4-6 Redistribution of column C4 reaction in remaining columns during LP2 

Test  C1+C7 C2+C8 C3+C9 C5 C6 Sum (1) 

EM-1 
Reaction force (kN) 2.0 0.8 -0.7 5.2 -2.2 5.1 

Percentage 39.3% 16.5% -14.2% 101.8% -43.5% 100.0% 

EM-2 
Reaction force (kN) 1.4 0.3 -0.4 3.7 -1.6 3.3 

Percentage 41.2% 7.6% -12.5% 112.0% -48.3% 100.0% 

EDP-1 
Reaction force (kN) 1.9 0.4 -0.4 2.6 -1.1 3.4 

Percentage 56.0% 11.7% -10.6% 76.0% -33.1% 100.0% 

Note: A negative value means a tensile reaction force 

(1) Reaction force of C4 before removing the temporary column support 

 

4.3.2.4.2 LP3 

Figure 4-17 plots the column reaction forces during LP3 versus the removed column 

displacement for the three tests, while Figure 4-18 plots the percentage of the 

applied load transferred to each group of columns (i.e., adjacent columns (C1+C7), 

interior column (C5), 2nd row side columns (C2+C8), 3rd row columns (C6 and 

C3+C9)) also versus the removed column displacement. Note that (i) the weight of 

the loading tree is not included in Figure 4-17 and Figure 4-18, and (ii) Figure 4-18 

is plotted from a removed column displacement of 10 mm. Table 4-7 and Table 4-8 

provide further information to Figure 4-17 and Figure 4-18 by summarising the 
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reactions forces and their percentages of the applied load transferred to each group 

of columns at the maximum load and at the end of the test, respectively. 

For Tests EM-1 and EM-2, an average of 60.9% of the applied load was transferred 

to the interior column C5 at the maximum applied load. After bending failure of beam 

B4, the percentage of the applied load resisted by the 2nd row of columns (columns 

C2, C5, and C8) decreased while the percentage resisted by the front columns C1 

and C7 increased. Importantly and further to the analysis in Section 4.3.2.1, a single 

post-and-beam frame system with Megant type connectors was only able to 

withstand an equivalent UDP of 0.8 kPa (Chapter 3) under a column removal 

scenario, i.e., corresponding to a total reaction of 4.8 kN for the two columns. The 

addition of the CLT panels, likely through composite action, significantly improved its 

capacity to resist progressive collapse by transferring an average of 28% of the 

maximum applied load to the front two adjacent columns C1 and C7. This 

corresponds to a total reaction of 30.3 kN for the two columns (without considering 

the weight of the loading tree). This action should be considered in design to properly 

assess the progressive collapse resistance of post-and-beam mass timber buildings. 

Due to the long CLT panels spanning two bays, during the entire experimental tests 

of EM-1 and EM-2, the applied load induced tensile reaction forces in the 3rd row of 

columns (columns C3, C6 and C9), with reaction magnitudes up to 13.6% and 8.1% 

of the applied load for column C6 and the sum of columns C3 and C9 (see Table 

4-7), respectively. 

In Test EDP-1, a similar load transfer as Tests EM-1 and EM-2 was observed with 

an exception that due to larger rotational stiffness of the connector (Chapter 3), about 

10% less load was transferred to the interior column C5 and about 6% more load to 

the front adjacent columns C1 and C7. This indicated that high rotational stiffness 











CHAPTER 4 

Page 132 

Table 4-8 Redistribution of applied load at final stage during LP3 

Test  C1+C7 C2+C8 C3+C9 C5 C6 Sum (1) 

EM-1 
Reaction force (kN) 22.5 15.3 -3.6 39.1 -5.6 67.8 

Percentage 33.2% 22.6% -5.3% 57.7% -8.3% 100% 

EM-2 
Reaction force (kN) 29.9 19.5 -6.1 34.9  -2.3 75.9 

Percentage 39.5% 25.7% -8.0% 46.0% -3.1% 100% 

EDP-1 
Reaction force (kN) 36.4 24.0 -6.2 32.8 -1.5 85.4 

Percentage 42.5% 28.1% -7.3% 38.4% -1.7% 100% 

Note: A negative value means a tensile reaction force 

(1) Total reaction force measured by load cells LCV1 - LCV3 and LCV5 - LCV9 which does not include 
the weight of the loading tree as in Figure 4-13 

 

4.3.2.5 Structural overall deformation 

4.3.2.5.1 LP2 

After removing the temporary column in LP2, column C4 displaced vertically by 14 

mm on average for Tests EM-1 and EM-2 and by 9 mm for Test EDP-1. The 

difference is once again attributed to the higher rotational stiffness of the Double 

Plate connector when compared to the Megant type connector (Chapter 3). 

4.3.2.5.2 LP3 

Figure 4-19 presents the slab vertical displacement at key stages along the diagonal 

line between columns C2 and C4 for Tests EM-1, EM-2 and EDP-1. Readings from 

LVDT DT2, DT8, DT10 and DT12, shown in Figure 4-10, were used to plot the figure. 

The bending deformation of the CLT slab can be seen in the figure. Similarly, Figure 

4-20 plots the recorded deformation of the front post-and-beam frame, measured by 

LVDT DT1, DT2, DT3, DT4 and DT5 as shown in Figure 4-10, at key stages for all 

tests. The figure shows that the bending deformation of the beams was negligible, 

and all the rotational deformations occurred at the beam-to-column connectors. 
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4.3.2.6 Strain development 

4.3.2.6.1 Beams 

Figure 4-21 to Figure 4-23 plot the axial and bending stresses developed in the 

monitored beams, obtained from the strain gauge readings and Equations (4-2) and 

(4-3), versus the removed column displacement for all tests and LP3. The average 

MOE values for LVL beams reported in Table 4-1 were used in these two equations. 

Figure 4-21 (a) shows that for Test EM-1, the front beams B1 and B2 were in 

compression near the removed column C4 (gauges ST1 & SB1, ST2 & SB2 and ST4 

& SB4), however tensile stresses of up to 2.6 MPa were recorded in beam B1 near 

the side column C1 (gauges ST3 & SB3). This result outlines the likely composite 

action between the beams and the CLT panels. For Test EM-2 in Figure 4-22 (a), no 

axial tension was recorded in beam B1 and the front beams remained in 

compression. Still for Test EM-2, a tensile axial stress was developed rapidly in beam 

B4 until bending failure occurred in that beam at a removed column displacement of 

203 mm. In Test EDP-1 in Figure 4-23 (a), tensile axial stresses of up to 3.7 MPa 

were developed in beams B1 and B2, until the removed column displacement 

reached 236 mm, corresponding to bearing failure occurring in the aluminium plates 

of the connectors which were fastened to the removed column (see Section 4.3.2.1). 

The axial stresses then dropped in those beams but increased again after a plateau 

stage. A compressive axial stress was recorded in beam B3. Similar to Test EM-2, 

a tensile axial stress was also recorded in beam B4 which increased rapidly, however 

no bending failure occurred in that beam. 

During the loading phase LP3, bending stresses increased by up to 22.3 MPa in the 

two front beams B1 and B2 in Tests EM-1 and EM-2 (Figure 4-21 (b) and Figure 

4-22 (b)). A maximum bending stress of 36.9 MPa was found at mid-span of beam 
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tree, it still exhibited bending stress values comparable to the ones encountered by 

the two-bay long CLT panel CM6. This provides a good indication that through their 

connection to the two-bay long CLT floors, the one-bay long CLT panels also 

contributed to resisting the applied load. For Test EM-2, the bending stresses in all 

recorded CLT panels dropped significantly after bending failure of beam B4, a 

phenomenon not encountered in Test EM-1 for which the bending stresses only 

dropped at a removed column displacement of 328 mm, i.e., after both shear failure 

of the connector and bending failure of beam B4. In Test EDP-1, the bending 

stresses increased up to a removed column displacement of 91 mm where localised 

bending failure of CLT panels CM3 and CM6 occurred, as explained in Section 

4.3.2.1 and marked as F in Figure 4-13. At this stage, the bending stresses in the 

monitored CLT panels dropped and did not recover, the load was then transferred 

to the other panels and the bending stresses of CM5 and CM6 between the front and 

2nd row of beams changed from negative to positive bending. For all tests, the 

absolute maximum recorded bending stress for LP3 of 10.1 MPa was found to be 

reached in Test EM-1. 
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4.4 Analytical Analysis 

The experimental load-resistance capacity of the substructure is compared in this 

section to the design philosophy currently used by the industry in designing mass 

timber post-and-beam buildings under a column removal scenario. In practice, the 

front frame with the lost column is ignored in the analysis and the load is considered 

to be solely resisted by the cantilevered CLT panels spanning two bays. Figure 4-27 

shows the simplified model of the tested substructure used in this analysis, in which 

only the three two-bay long CLT panels (CM3, CM6, CM9) are assumed to transfer 

the load back to the 2nd and 3rd rows of beams. Each of the three panels carries the 

load from two loading points (Figure 4-27) and the free body diagram of each CLT 

panel, treated as a simply supported beam with an overhang, is shown in Figure 

4-28, in which P is the load applied by the hydraulic jack through the loading tree. 

The maximum bending moment MCLT (in kN·m) carried by each CLT panel, located 

at the right support B, and obtained from the free body diagram in Figure 4-28, is 

given as a function of P (in kN) as,  

 0.25CLTM P=   (4-4) 

where 0.25 is in m. The applied load causing failure of the CLT panels can then be 

deduced from the equation above and the measured bending strength of the CLT 

panels given in Table 4-5. 
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to resist part of the applied load, and (ii) the rotational stiffness of the connectors 

which could enhance ductility and redistribute the load through the system. 

4.5 Conclusions 

Three ¼-scale 2×2-bay post-and-beam mass timber substructures, with CLT floors, 

were tested under an edge column removal scenario. Tests were performed with two 

beam-to-column connectors, referred to as “Megant type” and “Double Plate”. The 

load-deformation behaviour of the substructures, their failure modes and the load 

transfer mechanisms through the system were reported. The main findings are 

drawn as below: 

1. Repeatability of the tests were confirmed by testing two identical 

substructures with the Megant type connector, showing similar overall 

structural behaviours and failure modes. 

2. The CLT floors were found to be the critical elements in redistributing the 

load through the building. Likely through composite action, they also enabled 

the post-and-beam frame with a missing column to resist a portion of the 

applied load, an ability that is absent in the 2D frame alone. 

3. The substructure with the proposed Double Plate connector showed higher 

capacity (8.5% higher) and ductility than the substructures assembly with the 

Megant type connector. When more load was transferred to the 2nd row of 

beams for frames assembled with the Megant type connectors, both bending 

failure of the beams and shear failure of the connectors were observed. The 

novel Double Plate connector, on the other hand, allowed more load to be 

resisted by the post-and-beam frames attached to the removed column. This 
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type of connection could represent a potential solution to improve the ability 

of post-and-beam mass timber buildings for progressive collapse prevention. 

4. Results showed that the simplified methodology adopted by the industry to 

design post-and-beam mass timber buildings against progressive collapse 

is unduly conservative. This methodology is unable to capture the complex 

3D load redistribution. 

Whilst the tests presented in this study were performed on scaled down structures, 

with the limitations outlined in the chapter, they provide an excellent tool to 

comprehensively understand the behaviour of mass timber buildings under a column 

removal scenario. The load transfer, failure modes and overall structural response 

were accurately captured and are readily applicable to understand the progressive 

collapse mechanisms in full-scale timber buildings. 

The present study lays a foundation for calibrating numerical models and performing 

parametric studies to further understand: (i) the role of connections between 

elements, such as CLT-to-CLT, CLT-to-beam or beam-to-column, (ii) the impact of 

the CLT layout and (iii) the contribution of upper stories in resisting the loss of a 

critical column. Additional studies are also needed to further develop robust 

connections. 
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CHAPTER 5  

EXPERIMENTAL STUDY ON THE QUASI-STATIC 

PROGRESSIVE COLLAPSE RESPONSE OF POST-AND-

BEAM MASS TIMBER BUILDINGS UNDER CORNER 

COLUMN REMOVAL SCENARIOS 

Statement of contribution to co-authored published paper 

This chapter includes a co-authored and peer reviewed paper. The bibliographic 

details of the co-authored paper, including all authors, are: 

Lyu, C. H., Gilbert, B. P., Guan, H., Underhill, I. D., Gunalan, S. & Karampour, 

H. (2021). Experimental study on the quasi-static progressive collapse 

response of post-and-beam mass timber buildings under corner column 

removal scenarios. Engineering Structures, 242, 112497. 

https://doi.org/10.1016/j.engstruct.2021.112497 

Note that, the paper has been reformatted to meet the guideline of the thesis and 

the supplementary experimental data which was not published in this paper now has 

been provided in APPENDIX D. 
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Experimental Study on the Quasi-Static Progressive 

Collapse Response of Post-and-Beam Mass Timber 

Buildings under Corner Column Removal Scenarios 

Abstract 

This study presents the results from two quasi-static experimental tests performed 

on a ¼-scale, 2×2-bay, post-and-beam mass timber substructure, with Cross 

Laminated Timber (CLT) floors and LVL frames, subjected to corner column removal 

scenarios. One substructure was constructed and tested twice under different CLT 

panel configurations. In the first test (Test CM-1), the bay adjacent to the removed 

corner column consisted of three CLT floor panels, with two panels spanning one 

bay and one panel extending past the bay and spanning two bays. A constant 

Uniformly Distributed Pressure (UDP) was first applied to the bays not adjacent to 

the removed column and the UDP on the bay adjacent to the removed column was 

increased till failure through a six-point loading tree. As failure did not extend past 

the vicinity of the removed column in CM-1, the damaged elements were replaced 

and the specimen was re-tested by removing the diagonally opposite corner column. 

In this second test (Test CM-2), the bay adjacent to the removed corner column now 

consisted of one CLT floor panel spanning one bay and two panels spanning two 

bays. A similar loading protocol to that of Test CM-1 was used in CM-2. The 

substructure was assembled from a commonly used commercial beam-to-column 

connection. The failure modes, load redistribution mechanisms (alternative load 

paths) and overall behaviour are presented in this chapter. The two test results 

showed that the applied load was mainly transferred to the three columns, the closest 
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to the removed column. The ultimate load in Test CM-2 was 1.62 times higher than 

Test CM-1, demonstrating that the layout of the CLT panels plays a critical role 

against progressive collapse. A simplified analytical model, consistent with the 

current industry practice and pre-defined alternative load paths, was developed for 

the tested specimen to predict the ultimate resistance capacity and was also 

compared to the experimental tests. On average, the experimental failure load was 

2.7 times higher than the predicted one, indicating that simplified current design 

practice is conservative. 

Keywords 

Corner column removal scenarios, Progressive collapse, Disproportionate collapse, 

Mass timber post-and-beam buildings, CLT panel layout 
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5.1 Introduction 

Progressive collapse is characterised by a local failure (due for instance to explosions, 

vehicular collisions or design and/or construction errors) which propagates through the 

building and causes its partial or total collapse (Ellingwood, 2006). While the probability 

of a building progressively collapsing is low, such an event can lead to significant 

economic and social consequences. Following the partial collapse of the Ronan Point 

apartment tower in London in 1968, the risk of progressive collapse started to be 

thoroughly considered in building codes and design recommendations (Adam et al., 

2018). However, research studies to date principally focussed on reinforced concrete 

(RC) (Fu et al., 2017a, 2017b; Li et al., 2016; Li et al., 2011; Lim et al., 2017; Ma et 

al., 2020; Ma et al., 2019; Mohamed, 2009; Pham et al., 2017; Qian & Li, 2015a, 

2012a, 2013; Qian & Li, 2012b; Qian et al., 2015; Xiao et al., 2015; Xue et al., 2018) 

and steel (Chen et al., 2012; Han et al., 2019; Johnson et al., 2016; Khandelwal et 

al., 2008; Li et al., 2017; Song et al., 2014; Song & Sezen, 2013; Valipour & Bradford, 

2012; Yang & Tan, 2013a) buildings, through either experimental, analytical or 

numerical methods. Under a corner column removal scenario (i.e., the scenario 

investigated in this Chapter), experimental tests performed on RC skeletal frames 

showed that limited tensile forces developed in the beams and the applied load was 

mainly resisted by flexural action (Lim et al., 2017; Qian & Li, 2013). Similar 

behaviour was also observed in RC frame-slab structures in which catenary action 

was also absent in the beams (Lim et al., 2017; Pham et al., 2017). However, under 

a large deformation, tensile membrane action was found to develop in the RC slab 

which became the main component to resist the applied load (Qian & Li, 2012b; Qian 

et al., 2015). Regarding steel frames under a corner column removal scenario, the 

structures showed high-level of structural integrity with composite steel beam-
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concrete slabs resisting the applied load in bending (Johnson et al., 2016; Song et 

al., 2014; Song & Sezen, 2013). 

Noteworthy that, mass timber buildings, i.e., buildings constructed from engineered 

solid wood products, such as Laminated Veneer Lumber (LVL), Glued laminated 

timber (Glulam) or Cross Laminated Timber (CLT), are now flourishing worldwide, 

partly due to their environmental and well-being benefits (Buchanan, 2007; Lowe, 

2020; Ramage et al., 2017). As these buildings are becoming taller, with the world’s 

tallest timber building (Mjøsa Tower in Norway) reaching 85.4 m, the potential 

consequences of a progressive collapse event are drastically increasing. 

To quantify the probability of progressive collapse, three factors are considered: 

“exposure”, “vulnerability” and “robustness”. By only decreasing the probability of the 

first two factors, a structure could resist progressive collapse. However, structural 

robustness is currently the preferred method to limit the risk of progressive collapse 

(IStructE, 2010; Starossek & Haberland, 2010; Voulpiotis et al., 2021). Conclusions 

arising from and design rules developed for reinforced concrete and steel buildings 

may not be fully relevant to mass timber buildings as due to (i) the inherent lack of 

continuity of the prefabricated structural elements, (ii) the brittle tensile, bending and 

shear failure modes of the timber material, and (iii) beam-to-column connections for 

post-and-beam mass timber buildings not designed to resist bending, and in general 

(iv) the lack of ductility in some connections (Chapter 3 and Masaeli et al., 2020), 

mass timber buildings are deemed to be less ductile and have less possibilities than 

their concrete and steel counterparts to find alternative load paths (ALPs) (Hewson, 

2016). Note that the ALP method proposed in DoD (2016), GSA (2016) and IStructE 

(2010) has been popularly adopted to design buildings against progressive collapse 

(Brett & Lu, 2013; Ellingwood & Dusenberry, 2005; Ellingwood et al., 2007; 
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Krauthammer et al., 2002; McKay et al., 2012; Starossek & Haberland, 2010; 

Stevens et al., 2011). In this method, critical load bearing elements are removed and 

the ability of the structure to span over the missing elements is assessed. With still 

limited studies on the robustness (i.e., the ability of a building to find ALPs and 

redistribute the loads after an initial damage) of mass timber buildings (Chapters 3 

and 4; Grantham & Enjily, 2004; Grantham et al., 2003; Huber et al., 2020, 2018; 

Jorissen & Fragiacomo, 2011; Kirkegaard et al., 2011; Mpidi Bita et al., 2018; Mpidi 

Bita & Tannert, 2019a, 2020; Sørensen, 2011; Voulpiotis et al., 2021), it is essential 

to fully investigate their collapse resistance mechanisms to eventually develop 

relevant design recommendations applicable to this type of buildings. Huber et al. 

(2020) numerically analysed the behaviour of platform-framed CLT buildings and 

found that (i) at the wall-to-floor interface, the CLT floors can provide local support 

to the walls above the missing element, and (ii) if enough shear capacity is provided 

to the wall-to-wall connections, the walls above the missing element can act as deep 

beams. By numerically modelling mid-rise flat-plate mass timber buildings, Mpidi Bita 

and Tannert (2019a) showed that the following factors are important to prevent 

progressive collapse: (i) the axial tension capacity of the column-to-column 

connections, (ii) the rotation ductility and the axial tension capacity (allowing floor to 

hang from columns and thus generating alternative load paths) of the floor-to-column 

connections, and (iii) the axial and shear capacities of the floor-to-floor connections. 

Voulpiotis et al. (2021) provided a framework to design mass timber buildings against 

progressive collapse. 

The major progressive collapse design guidelines include those published by the 

Department of Defence (DoD, 2016), General Services Administration (GSA, 2016) 

and The Institution of Structural Engineers (IStructE, 2010). All these guidelines 

devote a chapter on timber structures and cover their design procedures to some 
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extent. Other guidelines primarily focussing on timber structures include the 

WoodSolutions technical design guides (Hewson, 2016; Woodard & Jones, 2019) 

and those of the UK Timber Frame Association (UKTFA, 2008), with the former 

providing solutions for ALPs for mass timber buildings and the latter being developed 

for stud framed buildings. 

This chapter builds on the previous studies performed at Griffith University which 

experimentally investigated the progressive collapse behaviour of post-and-beam 

mass timber substructures through 2D quasi-static (Chapter 3), 2D dynamic (Cheng 

et al., 2021) and 3D quasi-static (Chapter 4) tests under a column removal scenario. 

In the 2D tests, 2-bay post-and-beam scaled down substructures were subjected to 

a middle column removal scenario. The substructures were assembled from up to 

four different types of beam-to-column connections. The ability of the system to resist 

the load through flexural, compressive arch and catenary actions was investigated. 

Dynamic amplification factors were also calculated and found to exceed 2.0 when 

brittle failure developed (Cheng et al., 2021). In the 3D tests, 2×2-bay post-and-beam 

scaled down substructures were subjected to an edge column removal scenario. The 

CLT floors were found to be the critical elements in creating ALPs. Simplified 

methodologies, consistent with the ones adopted by the industry and in which ALPs 

are pre-defined, were found to be conservative. 

This chapter now experimentally investigates the quasi-static structural response of 

3D post-and-beam mass timber buildings under corner column removal scenarios. 

Corner columns are the most likely ones to be impacted during a vehicle collision 

and are therefore critical elements to be considered in column removal scenarios. 

Also, contrary to an edge column removal scenario in which catenary action may 

develop and assist in resisting the load, such a load-resisting mechanism would be 
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inefficient under a corner column removal scenario (Ellingwood et al., 2007). In this 

chapter, a 2×2-bay substructure was extracted from the representative post-and-

beam mass timber building investigated in Chapters 3 and 4, constructed at a ¼-

scale and tested under different CLT floor panel configurations. Each bay consisted 

of three CLT floor panels. In the first test (Test CM-1), the bay adjacent to the 

removed corner column had two of its floor panels spanning one bay and one panel 

extending past the bay and spanning two bays. As failure did not extend past the 

vicinity of the removed column after the first test, the damaged elements were 

replaced and the specimen was re-tested by removing the diagonally opposite 

corner column. In this second test (Test CM-2), the bay adjacent to the removed 

corner column had two floor panels spanning two bays and one panel spanning one 

bay. Since repeatability of the experimental tests of post-and-beam mass timber 

buildings under an edge column removal scenario was confirmed in Chapter 4, no 

repeat tests were performed as part of this chapter. The load redistribution (or ALPs), 

failure modes and the overall structural response are reported and discussed in 

detail in the chapter. A simplified analytical method, consistent with current industry 

best design practice, is presented and compared to the observed load-resistant 

capacity. 

5.2 Experimental Program 

5.2.1 Representative Building and Investigated Substructure 

5.2.1.1 Representative building 

The six-storey representative post-and-beam mass timber office building designed 

in Chapters 3 and 4 was used as the prototype structure in this chapter. The building 

is on an 8,000 mm×6,000 mm grid and uses 7-ply, 295 mm thick, CLT panels 
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5.2.1.2 Tested substructure 

Due to the available laboratory space, and the opportunity to test several 

configurations within a given budget, two 2×2-bay substructures (Figure 5-1) were 

extracted from the ground floor of the prototype building, scaled down by a factor of 

4, and experimentally tested under corner column removal scenarios. Apart from the 

location of the periphery beams, as the two substructures are identical, only one 

substructure was constructed in the laboratory but was tested twice under two corner 

column removal scenarios, each with a different CLT floor configuration in the bay 

adjacent to the removed column. This is further explained in Section 5.2.3.1. Testing 

scaled down substructures is commonly practised and accepted in studying 

reinforced concrete (Dat & Tan, 2014; Ma et al., 2020; Ma et al., 2019; Xue et al., 

2018) and steel (Fu et al., 2017a; Li et al., 2017; Yang & Tan, 2013a) building 

behaviours to capture their progressive collapse mechanisms and ALPs. Results 

from such studies have contributed to the development of various design guidelines 

(DoD, 2016; GSA, 2016; IStructE, 2010). While testing scaled down timber 

structures need to be performed with caution, principally due to the well-known size 

effect inherent to timber structural systems (Bažant, 2000; Bažant & Planas, 1998; 

Bažant & Yu, 2009; Kasal et al., 2002), research in Heiduschke et al. (2006a, 2006b); 

Kasal et al. (2002) and Masaeli et al. (2020) showed that testing scaled down timber 

connections enabled to replicate the non-linear structural responses and failure 

modes of the full-scale connections. As connections play a critical role in the 

robustness of timber buildings (Grantham & Enjily, 2004; Grantham et al., 2003; 

Starossek & Haberland, 2011), testing scaled down timber buildings is therefore 

viable to provide valuable insights into the understanding of the progressive collapse 

mechanisms of such buildings. This approach has already been used by the authors 

with success in Cheng et al. (2021) and Chapters 3 and 4. A full discussion on both 
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the underlying theory in testing scaled down structural systems and the limitations of 

this approach can be found by interested readers in the previously mentioned 

references. 

Upon scaling, the grid of the tested substructure was 2,000 mm×1,500 mm, with 150 

(deep) mm×63 (wide) mm primary and periphery beams and 90 mm×90 mm columns. 

Note that, in reference to the representative building in Figure 5-1, the relative 

thickness of the periphery beams was increased in the experimental tests to match 

available LVL thicknesses and ¼-scale connector dimensions. The detailed tested 

substructure is shown in Figure 5-2 in which the CLT panels, columns, primary 

beams, and periphery beams, are referred to as “CM”, “C”, “B”, “BP”, respectively. 

In reference to Figure 5-2, in the first test (Test CM-1), column C7 was removed 

while in the second test (Test CM-2), column C3 was removed. For ease of 

construction, all periphery beams were installed when manufacturing the 

substructure, as it was deemed that having beams BP1 and BP2 installed when 

removing corner column C7 (Test CM-1) would not affect the results. The same held 

true for beams BP3 and BP4 when removing corner column C3. 
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The constructed substructure has 1,138 mm long columns which protruded 165 mm 

above the CLT floors. A 500 mm long column stub was employed to represent the 

removed column. 

5.2.2 Material Properties 

5.2.2.1 Modulus of elasticity of timber elements (Non-destructive testing) 

The dynamic Modulus of Elasticity (MOE) of the timber elements used in the 

substructure was measured by a non-destructive test acoustic method (Brancheriau 

& Baillères, 2002; CIRAD, 2012). Only the longitudinal (EL) dynamic MOE of the LVL 

columns was measured, while both the longitudinal (EL) and bending (EB) dynamic 

MOE of the LVL beams and CLT panels were recorded. EB corresponded to 

edgewise bending for the LVL beams and flatwise bending for the CLT panels. Note 

that the dynamic MOE of the CLT panels correspond to the MOE of the composite 

panels. More information on the test set-up can be found in Chapter 4. 

5.2.2.2 Modulus of rupture of timber (destructive testing) 

The bending Moduli of Rupture (MOR) of the LVL beams and CLT panels, 

corresponding to the same batches as the ones used in the present experiments, 

were assessed in four-point bending and reported in Chapter 4. The LVL beams 

were tested in edgewise bending and the CLT panels in bending parallel to the face 

boards (Darzi et al., 2020). As the test set-ups and results were fully detailed in 

Chapter 4, only a summary of the bending MOR of the timber elements is given in 

the present chapter. 
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5.2.2.3 Moisture content measurement of timber members 

To determinate the moisture content (MC) at the time of the non-destructive 

(Sections 5.2.2.1) and destructive (Section 5.2.2.2) material testing, selected 

samples were cut and weighed immediately after testing. Similarly, selected samples 

were cut from the beams, columns and CLT panels immediately after the second 

substructure test (Test CM-2 and Section 5.2.3) and weighed. Note that Test CM-2 

was conducted 24 days after Test CM-1. The oven dry methodology, as stipulated 

in the Australian standard AS/NZS 1080.1 (Standards Australia Limited & Standards 

New Zealand, 2012), was followed to determine the moisture content of the selected 

samples. 

5.2.2.4 Steel and aluminium properties 

The M8 bolts and aluminium plates were from the same batches used in Chapter 4 

and Cheng et al. (2021), respectively. Their material properties, and the 

methodologies to assess them, were reported in these studies. In the present 

chapter, only the material properties are summarised in Section 5.3.1. 

5.2.3 Progressive Collapse Test Set-up 

5.2.3.1 Set-up and measurements 

The test set-up which was successfully used in Chapter 4 under an edge column 

removal scenario was adapted for a corner removal scenario and employed in the 

present study. Only the test set-up for Test CM-1 is introduced hereafter, as the 

same set-up was used for Test CM-2. When appropriate, the differences between 

Tests CM-1 and CM-2 are highlighted in this subsection. 
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Figure 5-5 and Figure 5-6 illustrate the test set-up in which the bottom end of the 

eight permanent columns (i.e., C1 – C6, C8 – C9 for Test CM-1) was pin-connected 

to the laboratory strong floor using universal joints. A 250 kN load cell (LCVi, where i 

is the column ID) was inserted between the strong floor and the universal joint of 

each column to measure the vertical reaction forces and therefore quantify the load 

transfer through the substructure. Photos of the pinned connections can be found in 

Chapter 4. Also, to measure the vertical reaction force in column C7 before it was 

removed (i.e., during the first and second loading phases outlined in Section 5.2.3.2), 

a 200 kN load cell (LCVR) was inserted between the bottom end of column C7 and 

the acrow prop, which was used as a temporary support for the column during 

construction. 

 

Figure 5-5 3D test set-up for Test CM-1 
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elevation of the mid-depth of the beams. The restraints were designed to only 

restrain the displacement along the direction of the primary beams. Additionally, 

along the edge delimited by columns C3 to C9, the ends of the CLT panels were also 

pin-connected through universal joints at the elevation of the mid-plane of the CLT 

panels. The restraints were also designed to only restrain the displacement along 

the spanning direction of the floor panels. More information and photos of these 

restraints can be found in Chapter 4. Furthermore and as shown in Figure 5-6 (a), to 

measure the load transferred to these horizontal restraints: (i) two 75 kN load cells 

(LCH1, LCH2) were installed to measure the axial force in the horizontal restraints of 

columns C1 and C2, and (ii) another two 75 kN load cells (LCH3, LCH4) measured the 

axial force in the restraints connected to CLT panels CM1 and CM3. Similar 

arrangement was applied for Test CM-2 with the locations of the horizontal restraints 

showed in Figure 5-6 (b). 

Fourteen linear variable displacement transducers (LVDT) were connected to the 

bottom of the beams and the CLT panels at the key locations to measure the vertical 

displacement of these elements relative to the strong floor. These LVDTs are shown 

in Figure 5-7 and are termed DT1-1 to DT1-14 for Test CM-1 and DT2-1 to DT2-14 for 

Test CM-2. Three rotational transducers (RT1-1 to RT1-3 for Test CM-1 and RT2-1 to 

RT2-3 for Test CM-2) were mounted on the removed column and beam B2 for Test 

CM-1 (or beams B5 and BP2 for Test CM-2), to measure the relative rotation 

between the removed column and its primary/periphery beams. The locations of the 

rotational transducers are also shown in Figure 5-7. 
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where 
t iST
−

 and 
t iSB
−

are the readings of strain gauge number i (with i = 1 to 9) of Test 

CM-t (with t = 1 or 2) glued at the top and bottom of fibres of the timber element, 

respectively, EL and EB represent the dynamic longitudinal and bending MOE of the 

timber element introduced in Section 5.2.2.1, respectively. Positive values of axial 

and bending stresses indicate that the element was in tension and in negative 

bending (concave), respectively. 

As discussed in Chapter 4, it is understood that the proposed set-up has limitations 

which include (i) the continuity of the columns through the building was not fully 

replicated, (ii) the axial forces from above stories were not applied to the non-

removed columns, (iii) the restraints provided by surrounded floor were idealised, 

and (iv) the UDP was idealised through a 6-point loading tree. However, such set-

ups were proven efficient in capturing the progressive collapse of various types of 

buildings (Chapter 4; Fu et al., 2017a; Fu et al., 2018; Ma et al., 2019; Qian & Li, 

2015b; Xue et al., 2018). 
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Figure 5-8 Strain gauge locations (ST: Strain gauge positioned at the top; SB: 

Strain gauge positioned at the bottom; unit: mm) 

5.2.3.2 Loading apparatus and sequence 

To evaluate the collapse resistance of the substructure, two different types of 

Uniformly Distributed Pressure (UDP) were employed (Chapter 4; Ma et al., 2020; 

Ma et al., 2019; Qian & Li, 2015b; Yi et al., 2014) in accordance with the design 

recommendation in the DoD (2016) for which the UDP on the bay(s) adjacent to the 

removed column is higher relative to the other bays:  

• The first UDP represented the dead and live loads of the building. It was equal 

to 4.8 kPa, was applied to the three bays not adjacent to the removed column 

and was kept constant during the tests. It was simulated by 36 steel blocks 

which had a nominal footprint of 285 mm×285 mm and an average mass of 

122 kg. The spacing between any two steel blocks was 176 mm on average. 

• The second UDP was applied to the bay adjacent to the removed column and 

increased throughout the tests up until and past failure. It was applied through 
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a six-point loading tree which was connected to a 250 kN capacity Moog 

servo-controlled hydraulic jack. The loading tree was designed to only apply 

vertical forces to the structure and its principles are detailed in Chapter 4 and 

Ma et al. (2019). A photo of the loading tree is shown in Figure 5-9. The 

loading tree weighed 9.42 kN. 

 

Figure 5-9 Loading tree shown for Test CM-1 

Each test consisted of four loading phases, as follows: 

• Loading Phase 1 (LP1): Positioning the loading tree and steel blocks: The 

loading tree was positioned on the slab first, then the steel blocks were 

loaded onto the remaining three bays. During LP1, the column stubs C7 for 

Test CM-1 and C3 for Test CM-2 were supported by an acrow prop to 

replicate an undamaged substructure. 

• Loading Phase 2 (LP2): Applying 4.8 kPa to the undamaged substructure: To 

compare the load transfer before and after removing the temporary support, 

the hydraulic jack was pin-connected to the six-point loading tree and the load 

was applied at 5 kN/min until it reached 14.4 kN, i.e., corresponding to the 
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UDP of 4.8 kPa (excluding the weight of loading tree) applied to the remaining 

bays. The applied load was then removed at the same loading rate. During 

this phase, the load distribution pattern was monitored by the nine load cells 

(LCVR and LCV1 to LCV8). After this loading cycle, the hydraulic jack was 

disconnected from the loading tree. 

• Loading Phase 3 (LP3): Removal of the temporary support: During this 

phase, the temporary support was removed typically in about 1 min, by 

gradually releasing the load resisted by the acrow prop. The load 

redistribution pattern was monitored through the column load cells. To 

minimise potential deformation due to creep, the idle time between LP3 and 

the final loading phase LP4 was about half an hour. 

• Loading Phase 4 (LP4): Increasing the UDP until failure: At the beginning of 

LP4, all transducers, load cells and strain gauges were zeroed. The hydraulic 

jack was then pin-connected to the loading tree and the load was applied in 

displacement control at a constant stroke rate of 5 mm/min (Chapter 4). The 

chosen loading rate allowed the maximum load to be reached in about 15 

mins. 

Note that after Test CM-1, the loading tree and all steel blocks were removed. The 

broken beam and the damaged connectors were replaced (see Section 5.3.2.1 for 

the failure modes). Additionally, only the column stub C7 and column C3 were 

swapped, the substructure was not disassembled and undamaged elements were 

kept in their original position. The horizontal restraints were also relocated as in 

Figure 5-6 (b). The same loading apparatus and sequence adopted for Test CM-1 

were also used for Test CM-2. 
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5.3 Test Results 

5.3.1 Material Test Results 

Table 5-1 presents the average dynamic MOE, with the corresponding Coefficients 

of Variation (COV), for the LVL beams, columns and CLT panels used in the 

construction of the substructure. Table 5-2 provides the average bending MOR, also 

with associated COV, of the LVL beams and CLT panels measured in Chapter 4. 

Table 5-3 summarises the measured MC of the samples cut after the non-destructive 

and destructive material tests, and corner column removal destructive structural 

tests. The MC ranged between 8.9 % and 10.6 % and increased by 0.6% on average 

between the material and structural tests. Table 5-4 summarises the measured 

material properties of the aluminium plates and M8 bolts of the Megant type 

connectors measured in Chapter 4 and Cheng et al. (2021). 

Table 5-1 Dynamic MOE of the timber elements (non-destructive testing) 

Element 
Dynamic MOE (MPa) 

Longitudinal, EL Bending, EB 

LVL beams 15,680 (1) (4.5) 14,755 (1) (4.7) 

LVL columns 15,830 (2) (2.5) – 

CLT panels 6,250 (3) (5.8) 10,355 (3) (9.5) 

Note: COV measurement given in ( ) in % 

(1) Average of 11 tests (2) Average of 9 tests (3) Average of 9 tests 

 

Table 5-2 Bending MOR of the timber elements (Source: Chapter 4) 

Element Bending MOR (MPa) 

LVL beams 57.7 (1) (10.0) 

CLT panels 37.1 (2) (7.8) 

Note: COV measurements given in ( ) in % 

(1) Edgewise bending and average of 5 samples 
(2) Flatwise bending with average of 2 samples 
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Table 5-3 Moisture content measurements of the timber elements 

Element 
MC (%) @ MOE 

measurement 
MC (%) @ MOR 

measurement 
MC (%) @ Corner column 

removal measurement 

LVL beams 8.9 (1) (4.1) 11.6 (2) (4.1) 9.4 (1) (2.8) 

LVL columns 9.2 (3) (4.1) – 10.0 (3) (2.7) 

CLT panels 10.2 (4) (3.7) – 10.6 (3) (4.3) 

Note: COV measurements given in ( ) in % 

(1) Average of 11 samples (2) Average of 5 samples 
(3) Average of 9 samples (4) Average of 3 samples 

 

Table 5-4 Material properties of the Megant type connector 

Element 
Elastic modulus 

(MPa) 
Yield stress 

(MPa) 
Ultimate strength 

(MPa) 
Reduction 
of area (%) 

M8 bolts 
(Chapter 4) 

214,865 (1) (7.5)  838 (1) (1.2) 892 (1) (1.5) 71 (1) (1.2) 

Aluminium plates 
(Cheng et al., 2021) 

66,963 (2) (2.2) 281 (2) (3.1) 307 (2) (2.5) 39 (2) (11.9) 

Note: COV measurements given in ( ) in % 

(1) Average of 4 tests (2) Average of 7 tests 

 

5.3.2 Corner Column Removal Scenario Test Results 

5.3.2.1 Overall behaviour and failure modes 

The applied load read by the hydraulic jack load cell versus the measured vertical 

displacement of the removed corner column is plotted in Figure 5-10 for the two tests 

and loading phase LP4. Note that the curves were shifted by 9.42 kN along the y-

axis to consider the self-weight of the six-point loading tree. 
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of the primary beam span). The secondary load path was able to develop despite (i) 

beam B4 (Figure 5-11 (b)) and (ii) beam B2-column C4 and beam BP3-column C8 

connections (Figure 5-11 (c)) all failing in bending. No specific further failure was 

observed at point B in Figure 5-10. At the end of the test, the beam-to-column 

connectors which connected beam B2 to column C4 and beam BP3 to column C8 

all showed significant bending plastic deformations (Figure 5-11 (c)). 

 

(a) Overall deformation at the maximum load (corresponding to Point A in Figure 

5-10) 
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(b) Bending failure of beam B4 (corresponding to Point A in Figure 5-10) 

 

(c) Final state of the substructure before removing steel blocks and loading tree 

Figure 5-11 Failure modes and overall deformations at different stages for Test CM-1 
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Test CM-2 showed a different behaviour when compared to Test CM-1. Up to a 

removed column displacement of 53 mm (marked as C in Figure 5-10, with the 

substructure deformation at this stage shown in Figure 5-12 (a)), the applied load 

increased linearly with a stiffness of 0.75 kN/mm, which is 3.6 times greater than 

Test CM-1. This difference was caused by the different CLT panel configuration 

between the two tests for which the number and location of the two-bay CLT panels 

significantly influenced the resistance to the applied load. At Point C, the stiffness 

changed to 0.53 kN/mm and the load increased non-linearly until it reached the 

maximum of 97.3 kN at a removed column displacement of 186 mm (marked as D 

in Figure 5-10, with the substructure deformation at this stage shown in Figure 5-12 

(b)). The maximum load in Test CM-2 is 62.4% higher than that in Test CM-1, further 

confirming the importance of the CLT panel layout in resisting progressive collapse. 

The applied load suddenly dropped at this stage to 51.2 kN due to the bending failure 

of beam B3, as shown in Figure 5-12 (c). Then the load increased again, due a similar 

alternative load path than Test CM-1 (i.e., with the beam-to-column connections 

transferring the load in shear from the CLT panels to the columns), with a similar 

stiffness to the initial loading stage until reaching a second peak at 71.2 kN and at a 

removed column displacement of 197 mm (marked as E in Figure 5-10). Then the 

applied load dropped to 54 kN due to rolling shear failure occurring in CLT panel 

CM9 near column C2 (Figure 5-12 (d)). The applied load increased again until the 

test was stopped at a removed column displacement of 287 mm once bending failure 

and delamination took place in CLT panel CM9 (Figure 5-12 (d)). Similar to Test CM-

1, the beam-to-column connectors (beam B5-to-column C6 and beam BP3-to-

column C2) also significantly deformed plastically in bending (Figure 5-12 (e)). 
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(a) Overall deformation before reaching the inelastic phase (corresponding to Point 

C in Figure 5-10) 

 

(b) Overall deformation at the maximum load (corresponding to Point D in Figure 

5-10) 
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(c) Bending failure of beam B4 (corresponding to Point D in Figure 5-10) 

 

(d) Final state of the substructure before removing steel blocks and loading tree 



CHAPTER 5 

Page 184 

 

(e) Final state of the substructure after removing CLT panels 

Figure 5-12 Failure modes and overall deformations at different stages for Test CM-2 

In reference to the DoD (2016), the design UDP applied to the bay adjacent to the 

removed column would be 8.95 kPa, considering a dynamic amplification factor of 2. 

The maximum UDP reached for Tests CM-1 and CM-2 was therefore 2.2 and 3.6 

times larger than the DoD design UDP. Additionally, for the substructures assembled 

with the Megant type connector under an edge removal scenario in Chapter 4, the 

average maximum UDP (out of two tests) applied to the two bays adjacent to the 

removed column was 20 kPa. This UDP was in the same order of magnitude of the 

maximum UDP applied in Test CM-1, noting that the failure mode was the same 

between Test CM-1 and the edge column removal tests. 

5.3.2.2 Load transfer mechanisms 

The load transfer mechanisms for loading phases LP2, LP3, and LP4 are presented 

and discussed in this section. The reaction forces at the column bases are used for 
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this purpose. Note that all the data presented in this section exclude the self-weight 

of the loading tree. 

5.3.2.2.1 LP2 

Table 5-5 summarises how the applied load of 14.4 kN, equivalent to a UDP of 4.8 

kPa, was distributed within the substructure in LP2. The load distribution was similar 

between the two tests. The applied load was practically evenly distributed between 

the four columns of the bay to which the load was applied, with the corner column 

resisting 4% less load that the other three columns. Very little to no load (less 2% of 

the applied load) was distributed to the remaining columns of the substructure. 

Table 5-5 Redistribution of the maximum load during LP2 

  Column reaction 

  
Column 

to be 
removed 

Adjacent columns 
to the one to be 

removed 
Other columns All 

Test  C7 C4 C8 C5 C6+C9 C1+C2+C3 Sum (1) 

CM-1 

Reaction 
force (kN) 

3.3 3.8 3.8 3.8 -0.1 -0.2 14.4 

Percentage 
(%) of the 

applied load 
22.7 26.3 26.3 26.8 -0.7 -1.1 100 

CM-2 

 C3 C6 C2 C5 C1+C4 C7+C8+C9 Sum (1) 

Reaction 
force (kN) 

3.2 3.7 4.0 3.8 -0.3 -0.1 14.3 

Percentage 
(%) of the 

applied load 
22.3 26.0 28.0 26.6 -1.9 -1.0 100 

Note: A negative value means a tensile reaction force 

(1) Applied load, equivalent to 4.8 kPa 

 

5.3.2.2.2 LP3 

Table 5-6 presents how the load resisted by the temporary support (due to the weight 

of the loading tree and steel blocks) was redistributed within the substructure when 

the temporary support was removed at the end of LP3. The load was principally 
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transferred to the two closest columns to the removed one, along the primary and 

periphery beams. As an analogy, removing the corner column is comparable to a 

structure with an overhang and resulted in the closest columns in the direction of the 

CLT panel carrying more than the redistributed load (between 119% and 163%) and 

the far back columns recording a tensile reaction. 

Table 5-6 Redistribution of the removed column reaction to the remaining columns 
during LP3 

  Column reaction 

  
Adjacent columns to the 

one to be removed 
Other columns All 

Test  C4 C8 C5 C6+C9 C1+C2+C3 Sum (1) 

CM-1 

Reaction 
force (kN) 

1.1 3.3 -0.1 -1.4 -0.1 2.8 

Percentage 
(%) of the 

applied load 
39.7 118.5 -3.4 -49.8 -5.0 100.0 

CM-2 

 C6 C2 C5 C1+C4 C7+C8+C9 Sum (2) 

Reaction 
force (kN) 

0.7 5.1 -0.2 -2.3 -0.1 3.2 

Percentage 
(%) of the 

applied load 
23.0 162.9 -6.1 -75.1 -4.7 100.0 

Note: A negative value means a tensile reaction force 

(1) Reaction force of column C7 before removing the temporary column 
(2) Reaction force of column C3 before removing the temporary column 

 

5.3.2.2.3 LP4 

The distribution of the load applied by the hydraulic jack to the columns throughout 

LP4 is plotted in Figure 5-13 versus the removed column displacement for the two 

tests. This information is also plotted in a different form in Figure 5-14 in which the 

load distribution to different column groups is given in percentage of the applied load, 

also versus the removed column displacement. The groups consist of (i) adjacent 

columns (C4, C8 in Test CM-1 and C2, C6 in Test CM-2), (ii) interior column (C5 in 

both tests), (iii) back columns (C6+C9 in Test CM-1 and C1+C4 in Test CM-2) and 

(iv) furthest columns (C1+C2+C3 in Test CM-1 and C7+C8+C9 in Test CM-2). To 



CHAPTER 5 

Page 187 

further clarify the ALPs, the load redistributions at the maximum load and at the end 

of the tests are summarised in Table 5-7 and Table 5-8, respectively. Note that to 

plot meaningful results, Figure 5-14 is only plotted from a removed column 

displacement of 10 mm. 

Figure 5-13 shows the alternative load paths provided by the beam-to-column 

connections in shear that resisted the applied load after bending failure occurred at 

beam B4. The load resisted by columns C4, C5 and C8 further increased after the 

load drop due to the failure of beam B4, indicating the alternative load path provided 

by these connections. Figure 5-14 shows that the load was distributed to the 

substructure in a consistent pattern throughout the entire tests. Regarding Test CM-

1, at the maximum applied load: (i) 61.2% of the load was carried by column C8, i.e., 

the closest column in the direction of the CLT panels to removed column C7, and (ii) 

each of the other two columns in the bay adjacent to the removed column (C4 and 

C5) carried about 30% of the applied load. After bending failure occurred at beam 

B4, the percentage of the applied load resisted by the interior column C5 dropped 

by about 10% which was redistributed to column C4 and back columns C6 and C9. 

During the entire experimental test, up to 20.4% of the applied load was recorded in 

the two back columns C6 and C9 in tension. Little to no load (less than 5% of the 

applied load) was recorded in the furthest columns C1, C2 and C3. 

Test CM-2 showed a similar load distribution pattern as Test CM-1, both before and 

after failure. In particular, about an average of 64% of the applied load in both tests 

was transferred to the edge column nearest to the removed column along the 

direction of the CLT floor panels. 
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Table 5-7 Redistribution of the maximum load during LP4 

  Column reaction 

  
Adjacent columns to the 

one to be removed 
Other columns All 

Test  C4 C8 C5 C6+C9 C1+C2+C3 Sum (1) 

CM-1 

Reaction 
force (kN) 

14.7 30.7 15.5 -10.2 -0.5 50.2 

Percentage 
(%) of the 

applied load 
29.4 61.2 30.8 -20.4 -1.0 100 

CM-2 

 C6 C2 C5 C1+C4 C7+C8+C9 Sum (2) 

Reaction 
force (kN) 

25.2 58.1 25.3 -19.5 -1.4 87.7 

Percentage 
(%) of the 

applied load 
28.8 66.1 28.9 -22.2 -1.6 100 

Note: A negative value means a tensile reaction force 

(1) Total reaction force measured by load cells LCV1 - LCV6 and LCV8 - LCV9 which does not include 
the weight of the loading tree as in Figure 5-13 

(2) Total reaction force measured by load cells LCV1 - LCV2 and LCV4 - LCV9 which does not include 
the weight of the loading tree as in Figure 5-13 

 

Table 5-8 Redistribution of the applied load at the final stage during LP4 

  Column reaction 

  
Adjacent columns to the 

one to be removed 
Other columns All 

Test  C4 C8 C5 C6+C9 C1+C2+C3 Sum (1) 

CM-1 

Reaction 
force (kN) 

13.1 21.0 7.8 -4.8 -0.7 36.5 

Percentage 
(%) of the 

applied load 
35.9 57.6 21.4 -13.1 -1.8 100 

CM-2 

 C6 C2 C5 C1+C4 C7+C8+C9 Sum (2) 

Reaction 
force (kN) 

18.4 29.2 11.2 -6.9 -1.3 50.6 

Percentage 
(%) of the 

applied load 
36.3 57.7 22.1 -13.6 -2.6 100 

Note: A negative value means a tensile reaction force 

(1) Total reaction force measured by load cells LCV1 - LCV6 and LCV8 - LCV9 which does not include 
the weight of the loading tree as in Figure 5-13 

(2) Total reaction force measured by load cells LCV1 - LCV2 and LCV4 - LCV9 which does not include 
the weight of the loading tree as in Figure 5-13 
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5.3.2.3 Structural overall deflection 

5.3.2.3.1 LP3 

The vertical displacement of the removed column at the end of LP3 was measured 

as 22.8 mm and 20.1 mm for Tests CM-1 and CM-2, respectively. Note that these 

two displacements were similar, despite the different CLT panel configurations and 

their influences on the initial stiffness in the next loading phase LP4 (see Section 

5.3.2.1). 

5.3.2.3.2 LP4 

Figure 5-15 presents the vertical displacement of the beams which were adjacent to 

the removed column at the key stages for the two tests. The beam bending 

deformation for both tests can be neglected relative to the overall deformation of the 

structure. The main deformation of the beams occurred due to the bending of the 

beam-to-column connections, as outlined in Figure 5-11 (c) and Figure 5-12 (e). 

 

(a) Test CM-1 
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(b) Test CM-2 

Figure 5-15 Deformation of the beams adjacent to the removed column at key stages 

5.3.2.4 Strain development 

Similar to in Section 5.2.3.2, all strain gauges were zeroed at the beginning of LP4, 

and the stresses presented in the following subsections do not include the initial 

stresses encountered by the beams and CLT panels during LP1 to LP3. 

5.3.2.4.1 Beams 

The axial and bending stresses at the key locations of the monitored beams (See 

Figure 5-8) were calculated through Equations (5-1) and (5-2), and plotted in Figure 

5-16 and Figure 5-17, respectively, versus the removed column displacement. 
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beginning of the test until bending failure of beam B4, after which the axial stress 

changed from compression to tension. During the experimental tests, a maximum 

tensile stress of 2 MPa was recorded for periphery beam BP3. A tensile stress of 3 

MPa was recorded in beam B4 just before it failed in bending. For Test CM-2, shown 

in Figure 5-16 (b), a tensile stress up to 4.3 MPa was recorded in beam B5 adjacent 

to the removed column C3. 

In reference to Figure 5-17 (a), which plots the development of the bending stresses 

for Test CM-1, limited bending stresses, up to 9.6 MPa, were recorded at mid-span 

of the beams adjacent to the removed column C7 (beam B2). A negative bending 

stress of 42 MPa was monitored at the mid-span of beam B4 before it failed in 

bending. Adding the 9.3 MPa recorded at the end of LP3 (not showed), this adds up 

to a total bending stress of 51.3 MPa, i.e., 11% lower than the measured bending 

MOR of 57.7 MPa of the LVL summarised in Table 5-2. Positive bending stresses, 

up to 7 MPa, were recorded in furthest beam B6, which indicates that the applied 

load was transferred to this beam through the two-bay CLT panel CM3. Regarding 

Test CM-2, shown in Figure 5-17 (b), a negative bending stress of 36 MPa was 

recorded in beam B3 before it failed. Similar to Test CM-1, adding the 10.4 MPa 

recorded at the end of LP3, the total bending stress of 46.4 MPa experienced by the 

beam was 19.5% lower than the measured bending MOR of the LVL of 57.7 MPa. 

This difference likely indicates a relatively weaker beam (B3) in the batch as its 

bending stress was less than the average bending MOR reported in Table 5-2. Up 

to 21.5 MPa in bending stress was recorded in beam B5 near the removed column 

C3. 
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bending stress of the two-bay CLT panel CM3 (see Figure 5-8) between the 2nd and 

3rd row of beams (gauges ST1-9 & SB1-9) was higher than the stress of the one-bay 

CLT panel CM2 between the front and 2nd row of beams (gauges ST1-7 & SB1-7). The 

maximum recorded bending stress in Test CM-2 was found in CM9 which was 

located between beams B1 and B3. Furthermore, before reaching the maximum 

applied load, the mid-span bending stress of the one-bay CLT panel CM8 (gauges 

ST2-9 & SB2-9) between the 2nd and 3rd row of beams was slightly more than half of 

the bending stress of its adjacent two-bay CLT panel CM9 (gauges ST2-8 & SB2-8). 

Similar observation can be made for the mid-span bending stresses of the one-bay 

CLT panel CM7 (gauges ST2-6 & SB2-6) and its adjacent two-bay CLT panel CM6 

(gauges ST2-7 & SB2-7) between the front and 2nd row of beams. This behaviour 

indicated that the one-bay CLT panels also contribute to resist the applied load 

together with the two-bay CLT panels. 

5.4 Analytical Analysis 

In this section, the load-resistance capacity from the experimental test results was 

compared to the capacity calculated using a simplified design philosophy consistent 

with the current industry practice and pre-defined ALPs. A simplified analytical model 

based on the tested specimen was developed for this purpose. The presented model 

focusses on the design of the floors and beams. In practice, the columns supporting 

these beams would have to be verified to carry the load transferred to them after the 

loss of a corner column by using the reaction forces provided hereafter. 

In the current design practice, the beams connected to the removed column are 

generally ignored in the analysis as deemed not to be able to resist the applied load 

through flexural action. Also, the two-bay long CLT panels are identified as the 
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elements transferring the load to the remaining parts of the building by acting as 

simply-supported panels with an overhang, after a column is removed. Based on the 

loading methodology discussed in Section 5.2.3.2, the load applied by the hydraulic 

jack through the six-point loading tree is assumed herein to be solely resisted by the 

two-bay long CLT panels within the bay adjacent to the removed column, as 

illustrated in Figure 5-20. The corresponding free body diagrams of the CLT panels 

loaded with both the constant UDP of 4.8 kPa and the applied load P (in kN) of the 

hydraulic jack are presented in Figure 5-21. Based on these free body diagrams, the 

maximum bending moments MCLT (in kN·m) experienced by the panels take place at 

the supports B and E for Tests CM-1 and CM-2, respectively, as a function of P (in 

kN), and are given as,  

 _ 0.750CLT CM 1M P
−
=  for CLT panel CM3 in Test CM-1 (5-3) 

 _ 0.375CLT CM 2M P
−
=  for CLT panels CM6 & CM9 in Test CM-2 (5-4) 

where the coefficients 0.750 and 0.375 are in m. The maximum applied load P 

corresponding to the bending failure of the CLT panels can be obtained from the 

equations above and the measured bending MOR of the panels reported in Table 

5-2. 

The free body diagrams of beams B4 and B3 for Tests CM-1 and CM-2, respectively, 

are now shown in Figure 5-22, under both the constant UDP of 4.8 kPa arising from 

directly calculated reaction forces of the simply-supported one-bay long CLT panels 

(CM1 & CM4 for Test CM-1, CM8 for Test CM-2) and those from the two-bay long 

CLT panels (CM3 for Test CM-1, CM6 & CM9 for Test CM-2) calculated in Figure 

5-21. In the current design practice, the primary beams (except the ones connecting 

the removed column which are ignored) are treated as simply-supported. 
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Subsequently, the shear force Vc (in kN) experienced by the beam-to-column 

connections and the maximum bending moment Mb (in kN·m) in the mid-span of the 

beams can be calculated as a function of P (in kN) as, 

_ 1 _ 2 0.75 3.6 kNc CM c CMV V P
− −
= = +  for beam B4 in Test CM-1 

and beam B3 in Test CM-2 (5-5) 

 _ 1 0.625 1.8kN mb CMM P
−
= +   for beam B4 in Test CM-1 (5-6) 

 −
= + _ 2 0.250 1.8kN mb CMM P  for beam B3 in Test CM-2 (5-7) 

where 0.625 and 0.25 are in meter and 0.75 is unitless. For both tests, the load P at 

which shear failure would occur in the beam-to-column connections can be 

calculated from Eq. (5-5) by substituting the measured shear capacity of the 

connection of 33.3 kN as reported in Chapter 4 into Vc_CM-1 (and Vc_CM-2). Similarly, 

different loads P for Tests CM-1 and CM-2 at which bending failure of the beams 

would occur can be calculated from Equations (5-6) and (5-7), respectively, by 

substituting the corresponding measured bending MOR of the LVL reported in Table 

5-2 into Mb_CM-1 and Mb_CM-2. 
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approach would lead to an uneconomical design. Therefore, more advanced 

analyses, such as 3D Finite Element models, would need to be developed to capture 

all alternative load paths. 

Table 5-9 Comparison of experimental and analytical predicted failure loads 

Test 
Predicted failure 

mode 
Location PPred (kN) PExp (kN) PExp/PPred (min) 

CM-1 

Beam in bending B4 18.9 

59.9 3.2 
Connector in 

shear 
B4 39.6 

CLT in negative 
bending 

CM3 30.9 

CM-2 

Beam in bending B3 47.3 

97.3 2.5 
Connector in 

shear 
B3 39.6 

CLT in negative 
bending 

CM6, CM9 61.9 

 

5.5 Conclusions 

One ¼-scale 2×2-bay post-and-beam mass timber substructure was constructed 

and experimentally tested twice under two different corner column removal scenarios. 

Two different CLT panel configurations were investigated in the two tests. The 

behaviour of the substructure and the different failure modes at different large-

deformation stages were reported. The main findings are summarised as below: 

1. By comparing the two tests, it was found that the two-bay long CLT floor 

panels play an essential role in resisting the applied load and preventing 

progressive collapse. Having two two-bay long CLT panels in the removed 

column bay in Test CM-2 enabled the failure load to increase by 68% 

compared to Test CM-1 in which only one two-bay long CLT panel was used. 

2. From the strain results, it was seen that the one-bay CLT panels also 

resisted part of the applied load, therefore their contributions need to be 
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considered during the design process to accurately estimate the collapse 

load. 

3. In both tests, about an average of 64% of the applied load was transferred 

to the edge column nearest to the removed column along the direction of the 

CLT floor panels. The other edge column adjacent to the removed column, 

along the perpendicular direction of the CLT floor panels, and the interior 

column each carried about 30% of the applied load. Tension forces were 

recorded in the furthest columns along the periphery beams. 

4. The beam-to-column connections of the primary beam joining the removed 

column to its adjacent edge column experienced large bending deformations 

but did not fail in shear. The connection to the adjacent edge column was 

therefore still able to provide some degrees of support to the CLT floor 

panels directly above it. 

5. The failure mode corresponding to the maximum load for both experimental 

tests was bending failure of the second row of beams and strengthening 

these beams can improve the resistance to progressive collapse. 

6. For Test CM-1, while the bending failure mode was predicted by the 

simplified analytical model, the calculated failure load was 3.2 times lower 

than the experimental measurement. For Test CM-2, however, the dominate 

failure mode in the predicted model, i.e., beam-to-column connection shear 

failure, was not observed in the experimental test. An average experimental 

to predicted failure load ratio of 2.7 suggests that the current simplified 

methodology employed by the industry to design post-and-beam mass 

timber buildings to resist progressive collapse is conservative. 
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Finite Element Modelling of the Progressive Collapse of 

Post-and-Beam Mass Timber Building Substructures 

under Edge and Corner Column Removal Scenarios 

Abstract 

The structural behaviour of mass timber buildings under a load bearing removal 

scenario is complex. To well understand this phenomenon and ultimately develop 

scientifically based design guidelines against progressive collapse for this type of 

buildings, there is a need to develop a Finite Element model which accurately 

captures the non-linear response, load redistribution mechanisms (alternative load 

paths) and failure modes. As such, this chapter presents a Finite Element model of 

mass timber post-and-beam systems under edge and corner column removal 

scenarios. The model was validated against 2D and 3D experimental tests 

performed on scaled-down substructures. The non-linear structural responses of the 

main structural connections were experimentally quantified and inputted in the model 

using the component method. Results show that the model accurately replicated 

ultimate loads, failure modes, load redistribution mechanisms, and strain 

developments. The model was then utilised to run parametric studies to quantify (i) 

the influence of the Cross Laminated Timber (CLT) floor panels layout and (ii) one 

alternative load path, typically ignored in design, on the progressive collapse 

resistance capacity. 
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6.1 Introduction 

Progressive collapses of buildings are triggered by abnormal loads, such as 

explosions, vehicle impacts, construction and design errors, fire and natural 

disasters (Adam et al., 2018). These loads induce a local damage which may 

propagate throughout the building in a chain reaction, leading to its partial or entire 

collapse (ASCE, 2013; 2006). While these events are rare, they result in significant 

economic losses, especially for tall buildings, and potential human casualties. 

Mid-rise to tall mass timber buildings, i.e., buildings assembled from engineered 

wood products, such as Laminated Veneer Lumber (LVL), Glued laminated timber 

(Glulam) and Cross Laminated Timber (CLT) (Connolly et al., 2018), are increasingly 

gaining international popularity. As these buildings become taller, commonly 

reaching six storeys and more, the consequences of a potential progressive collapse 

event also significantly increase. Studying the progressive collapse of mass timber 

buildings is still a relatively new research topic, and the structural response of various 

types of mass timber buildings to resist such events has been researched so far, 

through experimental (Chapters 3, 4 and 5; Cheng et al., 2021; Mpidi Bita & Tannert, 

2020), analytical (Mpidi Bita & Tannert, 2019b; Voulpiotis et al., 2021) or numerical 

(Huber et al., 2020; Mpidi Bita et al., 2018; Mpidi Bita & Tannert, 2019a) methods. 

However, the accuracy of the developed numerical models has not yet been verified 

against experimental tests. To improve design guidelines, such as the US 

Department of Defence (DoD, 2016), the General Services Administration (GSA, 

2016), the Institution of Structural Engineers (IStructE, 2010) and WoodSolutions 

technical guides (Hewson, 2016; Woodard & Jones, 2019), there is a need to 

develop Finite Element (FE) models which can accurately replicate the structural 
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behaviour of mass timber buildings under a load bearing element removal scenario. 

Such FE models have been widely used in reinforced concrete and steel structural 

systems (Bao et al., 2008; Feng et al., 2018; Fu et al., 2017b; Fu et al., 2016; Han 

et al., 2019; Khandelwal et al., 2008; Kunnath et al., 2018; Lee et al., 2010; Lim et 

al., 2018; Main, 2014; Main et al., 2011; Sasani et al., 2011; Xue & Le, 2016; Xue et 

al., 2020, 2021; Yang & Tan, 2013b; Yu & Tan, 2013a, 2014) to gain a deep 

understanding of the structural behaviour through parametric studies and identify the 

key factors affecting the ability of the structures to resist progressive collapse. 

Consequently, this chapter presents a FE model of post-and-beam mass timber 

buildings and validates it against quasi-static 2D (Chapter 3) and 3D (Chapters 4 

and 5) experimental tests performed on scaled-down substructures subjected to 

various column removal scenarios. Note that while the timber material is known to 

be sensitive to the so-called size effects (Isaksson, 2003; Madsen & Buchanan, 

1986), these scaled-down tests were found to efficiently and exhaustively provide 

valuable understanding into the behaviour of the full-scale mass timber systems 

under a column removal scenario as fully discussed in Chapters 3, 4 and 5; Cheng 

et al. (2021) and Masaeli et al. (2020). The structural connections were modelled 

using the component method (Stylianidis & Nethercot, 2015). First, the 2D and 3D 

experimental tests used to validate the FE model are introduced. Second, the 

experimental tests performed on the main structural connections and aimed at 

quantifying their non-linear responses are presented. The results to be used as input 

into the component method are discussed. Third, the 2D numerical model, consisting 

of a 2-bay post-and-beam system under a middle column removal scenario, is 

presented and validated against the experimental results in Chapter 3. Fourth, the 

3D numerical model, making used of the 2D model, is detailed and validated against 

edge and corner column removal scenarios, totalling three different tests (Chapters 
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4 and 5). The 3D numerical and experimental results are compared in terms of load-

displacement curves, ultimate loads, failure modes, load redistributions (alternative 

load paths) and strain developments in both beams and CLT floor panels. 

Additionally, as the layout of the CLT floor panels plays a critical role in redistributing 

the load through the building (Chapters 4 and 5; Mpidi Bita & Tannert, 2018), the 

influence of various CLT floor panels layouts on the progressive collapse resistance 

was numerically investigated. Finally, the role of the beam-to-column connections of 

the beams connected to the removed column on the ability of the building to 

redistribute the load was also studied. 

6.2 Reference Experimental Tests 

6.2.1 2D Post-and-beam Substructures 

A series of ¼-scale, 1×2-bay, mass timber post-and-beam substructures were tested 

under a quasi-static middle column removal scenario in Chapter 3. The overview of 

the test set-up is shown in Figure 6-1. LVL beams and columns (Carter Holt Harvey 

Woodproducts, 2015), with cross-sectional dimensions of 150 mm (deep)×63 mm 

(wide) and 90 mm×90 mm, respectively, were used to build the frames. A servo-

controlled hydraulic jack pushed down quasi-statically the middle stub column until 

complete failure of the system. A frictionless telescopic tube prevented the rotation 

of the removed column. Each external column was positioned on a roller support and 

was restrained horizontally through two pinned-connected load cells, which (i) 

simulated the continuity of the building, (ii) recorded the axial forces developing in 

the beams and (iii) measured the moments resisted by the beam-to-column 

connections, see Chapter 3. Tests were performed on four types of beam-to-column 

connections, but as only one of these connection types was principally used in the 
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Excluding the removed column, all columns were pin-connected to the laboratory 

strong floor. The sides of the substructures corresponding to the inside of the building 

were horizontally restrained through pinned connections to simulate the continuity 

through the building. The test set-up for both edge and corner removal scenarios is 

shown in Figure 6-3, indicating the connections to the strong floor and horizontal 

restrains. The test rig is fully detailed in Chapters 4 and 5. 

 

(a) Tests EM-1 and EM-2 (Source: Chapter 4) 
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(b) Tests CM-1 and CM-2 (shown Test for CM-1) (Source: Chapter 5) 

Figure 6-3 3D test set-up overview 

Two different types of loads were applied to tested specimens. A constant 4.8 kPa 

Uniformly Distributed Pressure (UDP) was first applied, using weights, to the bays 

not adjacent to the removed column. This load was applied while a temporary 

support was positioned under the column to be removed. After removing the 

temporary support, the UDP on the bay(s) adjacent to the removed column was 

quasi-statically increased by a servo-controlled hydraulic jack which was connected 

to a six-point loading tree. The tests were stopped after reaching the ultimate load 

and at a removed column displacement of about 1/6 of the beam span. The weights 

and loading tree can be seen in Figure 6-3. 

The behaviour of the substructures was recorded through a series of load cells 

positioned under each column, displacement transducers and strain gauges located 

at key positions. 
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6.3 Component Tests 

To capture the complex behaviour of the substructures, it is important to correctly 

model the non-linear structural response of the main key connections. To do so, 

experimental investigations were performed to determine: (i) the shear response of 

the Megant type beam-to-column connection and (ii) the withdrawal, shear and 

bending responses of both the floor-to-floor (FTF) and floor-to-beams (FTB) 

connections. The following subsections introduce for each loading type and 

connection (i) the experimental set-up, (ii) the test results and (iii) the multi-linear 

approximation to be used as input in the component method when modelling the 

connections. In all multi-linear approximations: (i) the initial stiffness was determined 

based on the average stiffness of the components tests (calculated by performing a 

linear regression on the elastic part of the load-deformation curves) and (ii) the 

capacity was based on the average ultimate load of the tests. In the FE model, a 

softening part was introduced in the multi-linear approximations to best replicate the 

structural behaviour after reaching the ultimate load. 

In all experimental tests, the same 3-ply and 75 mm thick CLT elements, LVL beams 

and columns as utilised in the 2D and 3D experimental tests were used. 

6.3.1 Beam-to-column Connection Shear Tests – Megant Type Connector 

6.3.1.1 Test set-up 

The test aimed at capturing the behaviour of the connection when it is principally 

loaded in shear under in-service conditions. The behaviour of this connection under 

a column removal scenario, therefore undergoing large rotation, was investigated in 

Chapter 3 and is modelled in Section 6.4. 
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First, the non-linear shear response of the Megant type beam-to-column connection 

was captured without CLT panels screwed to the beams. However, using this 

measured shear capacity resulted in the numerical model underestimating the 

ultimate load by 26%, with premature failure developing at these connections (see 

Section 6.5.6.1). Additional tests were then performed to measure the influence of 

the CLT panels on the non-linear shear response and better reproduce the structural 

behaviour encountered in the substructure tests. 

The test set-up is shown in Figure 6-4 and was similar to the one used in Masaeli et 

al. (2020). It consisted of a frame assembled with two 975 mm high LVL columns, 

one 640 mm long LVL beam and two Megant type connectors. When testing the 

influence of the CLT panel on the behaviour of the connection, a 665 mm (long)×300 

mm (wide)×75mm (thick) 3-ply CLT panel was screwed to the beam with two 

HBS5120 screws (Rothoblaas, 2014). The two columns were connected to a rigid 

frame at six locations, as shown in Figure 6-4. The bottom end of each column rested 

on a fixed support. A simply-supported steel Rectangular Hollow Section (RHS) 

spreader beam was positioned on the top of the system to apply the load through a 

100 kN hydraulic actuator (fitted with a 200 kN load cell) and driven in displacement 

control at a constant stroke rate of 2 mm/min. Steel plates were inserted between 

the loading points and the LVL beams/CLT panel, as shown in Figure 6-4, to prevent 

bearing failure of the timber. Two laser transducers (DT1 and DT2) measured the 

relative displacement between the LVL beam and columns, as shown in Figure 6-4. 

In total, three tests were performed for each configuration to check repeatability. 
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6.3.1.2 Test results and multi-linear approximation 

Figure 6-5 presents the applied shear force per connector (taken as half the applied 

load) versus the relative displacement between the beam and column (taken as the 

average of the two transducers) for the two series of tests. The multi-linear 

approximation curves to be used in the component model in Section 6.5.4.1 are also 

shown in the figure. The average initial stiffness and ultimate loads for the two series 

of tests are summarised in Table 6-1. The addition of the CLT panel non-negligibly 

increased the capacity by 32%, with all tests showing limited inelastic deformations. 

The failure modes corresponded to (i) for the tests without CLT panel, fracture of the 

threaded part of the aluminium bracket keeping the beam and column together, 

leading to tensile failure perpendicular to the grain of the beam, as shown in Figure 

6-6 (a), and (ii) for the tests with CLT panel, also failure of the threaded aluminium 

part of the aluminium bracket but with the CLT in bearing delaying the failure of the 

beam, as shown in Figure 6-6 (b), and therefore increasing the capacity and the 

ductility (see Figure 6-5) of the connection. Note that the latter failure is similar to the 

one encountered in the 3D experimental tests. 
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(a) Without CLT panel 

  

(b) With CLT panel 

Figure 6-6 Megant type connector, component shear test failure modes 
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6.3.2 Floor-to-floor (FTF) Connection Tests 

Four different types of experimental tests are presented in this section to quantify 

the withdrawal, shear in-plane (parallel and perpendicular to the span of CLT panels) 

and bending responses of the half-lapped floor-to-floor connections. As in the 3D 

experimental tests, self-tapping HBS470 screws (Rothoblaas, 2014) were used to 

connect all floor-to-floor connections. All tests were performed quasi-statically in a 

100 kN Instron universal testing machine at a constant stroke rate of 5 mm/min to 

typically reach the ultimate load between 2 and 6 mins (BSI, 1991). Three tests were 

performed for each loading type to check repeatability. The average initial stiffness 

and capacity per screw for the four types of floor-to-floor connection tests are 

summarised in Table 6-1 and not further reported below. 

6.3.2.1 Test set-up 

6.3.2.1.1 Withdrawal tests 

Figure 6-7 (a) shows the floor-to-floor withdrawal test set-up. Three 210 mm 

(wide)×110 mm (long) CLT elements were half-lap jointed together with four HBS470 

screws (Rothoblaas, 2014) in the manner shown in the figure and positioned 

horizontally. The outer CLT elements were rigidity connected to the fixed base of the 

testing machine, effectively preventing translation and rotation during the tests. A 10 

mm thick steel plate was positioned on the middle CLT element. The load was 

applied to the steel plate, through a spherical seat, to withdraw the CLT element from 

the other two, therefore opening the connection. To measure the opening at each 

half-lapped joint, four linear variable displacement transducers (LVDT - DT1 to DT4), 

positioned as shown in Figure 6-7 (a), were attached to the outer CLT elements, on 

each side of the tested samples, and targeted two aluminium equal angles attached 

to sides of the middle CLT element. 
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6.3.2.1.2 Shear test parallel to the CLT panel tests 

Figure 6-7 (b) shows the test set-up to obtain the shear structural response of the 

floor-to-floor connection parallel to the CLT panels. Three 500 mm long CLT 

elements were half-lap jointed by six HBS470 screws, as shown in Figure 6-7 (b), 

and positioned vertically. The middle element was offset by 100 mm relative to the 

other two elements. The bottom end of each outer CLT element was rigidly 

connected to the fixed based on the testing machine to prevent out-of-plane 

movements. Similarly to Section 6.3.2.1.1: (i) a 10 mm thick steel plate, mounted on 

spherical seat, was positioned on the middle element to apply the load and (ii) four 

LVDT (DT1 to DT4) recorded the relative displacement of the middle panel relative to 

the outer elements, with the location of the LVDT shown in Figure 6-7 (b). 

6.3.2.1.3 Shear test perpendicular to the CLT panel tests 

Figure 6-7 (c) shows the test set-up to measure the shear structural response of the 

floor-to-floor connection perpendicular to the CLT panels. The tested samples 

consisted of two CLT elements, half-lap jointed together by three HBS470 screws. 

Each element was inserted into a steel channel and connected to it by overdesigned 

M16 bolts, as shown in the figure. Each channel was then connected to the jaws of 

the testing machine which applied a tension load, therefore opening the connection 

in shear. Similarly to the previous two tests, four LVDTs (DT1 to DT4) recorded the 

relative displacement between the two elements, with the location of the LVDT 

shown in Figure 6-7 (c). 

6.3.2.1.4 Bending tests 

The bending response of the floor-to-floor connection about the axis parallel to the 

connection was measured using the four-point bending test set-up shown in Figure 

6-7 (d). Two 712 mm long × 400 mm wide CLT elements were half-lap jointed with 
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approximation was also considered for loading in the opposite direction as shown in 

the figure. 

The applied shear force perpendicular to the CLT panel per screw versus the 

average relative displacement between the two CLT elements, still taken as the 

average of the four LVDT readings, is presented for all tests in Figure 6-8 (c) together 

with the multi-linear approximation. Similar to the withdrawal tests, in the multi-linear 

approximation, when the two elements of the half-lapped joint are in contact, and the 

load closes the connection, the stiffness was assumed to be zero. As discussed in 

Section 6.5.4.2, contact elements are separately added to the FE model to prevent 

overlapping of the CLT elements. 

Figure 6-8 (d) plots the bending moment per screw (calculated as the bending 

moment in the constant bending region) versus the rotation of the connection. The 

multi-linear approximation is also shown in the figure, and as the behaviour would 

be symmetrical, the same moment-rotation multi-linear approximation was 

considered for bending in the opposite direction. 
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6.3.2.2.2 Failure modes 

The failure mode consisted of the pull-through failure of the screw heads for the 

withdrawal tests, as shown in Figure 6-9 (a). Regarding the shear and bending tests, 

the dominant failure mode was the bending failure of the screws combined with either 

the withdrawal failure of the threaded part of the screws (Figure 6-9 (b) and (d)) or 

the pull-through failure of the screw heads (Figure 6-9 (c)). 

 

(a) Withdrawal test 

 

(b) Shear test parallel to the CLT panels 
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(c) Shear test perpendicular to the CLT panels 

 

(d) Bending test 

Figure 6-9 Half-lapped floor-to-floor connection, component failure modes 

6.3.3 Floor-to-beam (FTB) Connection Tests 

Two types of floor-to-beam connections were encountered in the 3D experimental 

tests (Chapters 4 and 5): (i) two CLT panels met above a beam and were half-lap 
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jointed together, with the screws going through the lap joint and into the beam, 

therefore linking the three components together, and (ii) the CLT panels were 

continuous above the beam and screwed to the beam. As such, three different types 

of experimental tests were performed to measure the structural responses of the 

floor-to-beam connections. In the first two types, the CLT elements were directly 

connected to the beam, with no half-lapped joint, and the withdrawal and shear 

behaviours of the connection were measured. In the third type, the bending 

behaviour of the connection, when two CLT panels met above a beam, was 

investigated as it was anticipated that the behaviour would be different to the one 

reported for half-lapped joints in Section 6.3.2.2. HBS5120 (5×120 mm) self-tapping 

screws (Rothoblaas, 2014) were used in all floor-to-beam connections, as in the 3D 

experimental tests (see Section 6.2.2). The same universal testing machine and the 

same loading rate, to reach failure between 1 and 9 mins, as in Section 6.3.2 were 

employed. Each type of tests was performed three times to confirm repeatability. 

Similar to Section 6.3.2, the initial stiffness and average capacity per screw for all 

performed experimental tests are summarised in Table 6-1 and not further reported 

in the following subsections. 

6.3.3.1 Test set-up 

6.3.3.1.1 Withdrawal tests 

Figure 6-10 (a) shows the test set-up to measure the withdrawal behaviour of the 

floor-to-beam connection. A 500 mm long×270 mm wide CLT element was 

connected with two HBS5120 screws to a 500 mm long LVL beam in the direction 

shown in the figure. The beam was positioned horizontally and below the CLT 

element. Each end of the CLT element was rigidly connected to the base of the 

universal machine, as shown in Figure 6-10 (a). The load was then applied to each 
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side of the beam through a timber frame, bridging over the CLT element, to withdraw 

the beam from the CLT. Four LVDTs (DT1 to DT4), positioned as shown in Figure 

6-10 (a), measured the relative displacement between the CLT element and the LVL 

beam. 

6.3.3.1.2 Shear tests 

Figure 6-10 (b) shows the test set-up to capture the shear behaviour of the floor-to-

beam connection. The set-up is similar to the one reported in Section 6.3.2.1.2 and 

consisted of two 500 mm long×190 mm wide CLT elements connected on both sides 

to a 500 mm long LVL beam with a total of four HBS5120 screws. All other 

parameters are as reported in Section 6.3.2.1.2 and provided in Figure 6-10 (b). 

6.3.3.1.3 Bending tests 

The test set-up is identical to the one presented in Section 6.3.2.1.4 but with (i) the 

addition of the beam and (ii) the use of two HBS5120 screws. 

 

(a) Withdrawal test 
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(b) Shear test 

Figure 6-10 Floor-to-beam connection, component tests set-up (unit: mm) 

6.3.3.2 Test results and multi-linear approximations 

6.3.3.2.1 Load-deformation curves 

Figure 6-11 (a) presents the experimental applied load per screw versus the relative 

displacement between the CLT element and the LVL beam, taken as the average of 

the four LVDT readings, for all withdrawal tests, as well as the multi-linear 

approximation. Similar to Sections 6.3.2.2.1, the stiffness is taken as zero in the 

multi-linear approximation when the connection closes. Contact elements were 

introduced in the FE model to prevent the connection overlapping as later discussed 

in Section 6.5.4.2. The behaviour was found to be ductile. 

The shear force per screw versus the average displacement of the beam relative to 

the CLT elements is plotted in Figure 6-11 (b) for all tests, with the multi-linear 
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6.3.3.2.2 Failure modes 

Figure 6-12 (a) shows the failure mode for the withdrawal tests which consisted of 

the pull-through failure of the screw head. A combination of screw bending and 

withdrawal of the threaded part of the screws were observed in the shear tests 

(Figure 6-12 (b)). In the bending tests, the connection failed by the head of the 

screws pulling-through the CLT elements (Figure 6-12 (c)). 

 

(a) Withdrawal test 

 

(b) Shear test 
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(c) Bending test 

Figure 6-12 Floor-to-beam connection, component failure modes 

Table 6-1 Summary of the component tests 

Connection type Test type 
Average initial 

stiffness (1) 
Average capacity (1) 

Beam-to-column 
shear test 

Without CLT panel 7.8 kN/mm 33.3 kN 

With CLT panel 10.62 kN/mm 44.0 kN 

Floor-to-floor 

Withdraw test 0.95 kN/mm 3.1 kN 

Shear test parallel 
to the CLT panels 

0.64 kN/mm 2.8 kN 

Shear test 
perpendicular to the 

CLT panels 
0.83 kN/mm 3.1 kN 

Bending test 4.94 kN·m/rad 0.07 kN·m 

Floor-to-beam 

Withdraw test 4.0 kN/mm 4.7 kN 

Shear test 1.2 kN/mm 5.7 kN 

Bending test 3.61 kN·m/rad 0.06 kN·m 

(1) Initial stiffness and capacity provided per screw for the floor-to-floor and floor-to-beam 
connections 

 

6.4 2D FE Model 

6.4.1 General 

The 2D FE model aimed to simulate the behaviour of the post-and-beam frame under 

accidental loads and larger deformation. Linear three-dimensional first-order beam 

elements B31 built in the commercial finite element software package ABAQUS 6.14 

(Abaqus/CAE, 2014) were used to model the beams and columns. As failure 
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developed at the beam-to-column connections, the beams and columns are 

modelled were considered as an isotropic elastic material, with the Modulus of 

Elasticity (MOE) in the longitudinal direction (parallel to the grain) EL and the shear 

modulus in the longitudinal-transverse plane GLT inputted for the timber material 

summarised in Table 6-2. These material properties were extracted from the non-

destructive test results in Chapters 3, 4 and 5. 

Non-linear material and geometric analyses were performed in Abaqus/standard 

(implicit). 

Table 6-2 Material properties used in the numerical simulation 

Element 
Moduli of Elasticity Poison ratio Shear moduli 

EL (MPa) ET (MPa) µLT (–) GLT (MPa) GTT (MPa) 

Beam – Column 14,100 – – 800 – 

CLT (outside layers) 9,000 450 0.3 700 90 

CLT (inside layer) 6,000 300 0.3 400 60 

Note: L – Longitudinal, parallel to the grain direction 

  T – Transverse, perpendicular to the grain direction (i.e., in both tangential and radial directions) 

6.4.2 Boundary Conditions and Applied Load 

The boundary conditions reproduced the experimental set-up shown in Figure 6-1 

and are shown in Figure 6-13. In reference to the global coordinate system X-Y-Z in 

Figure 6-13 the bottom nodes of the two side columns were only allowed to move in 

X-axis and rotate about the Z-axis. The end node of the removed column was only 

allowed to move in the Y-direction, simulating the restraints provided by the 

telescopic tube (Section 6.2.1 and Chapter 3). The displacement of each side 

column was restrained along the X-axis at two locations to simulate the horizontal 

supports. 

The load was applied by displacing the top node of the removed column in the 

negative Y-direction. 



CHAPTER 6 

Page 242 

 

Figure 6-13 2D numerical model with boundary conditions 

6.4.3 Beam-to-column Connection Modelling 

Compressive arch and catenary actions were observed in the 2D experimental tests 

(Chapter 3 and Cheng et al., 2021) and are defined as compressive and tensile axial 

forces, respectively, developing in the horizontal elements. These actions contribute 

to resisting the applied load at the initial (compressive arch) and large deformation 

(catenary) stages (Qian et al., 2015; Yu & Tan, 2013b). Accordingly, the beam-to-

column connections were modelled based on the recommendations in Stylianidis et 

al. (2016) which enable both compressive arch and catenary actions to be captured. 

The model is illustrated in Figure 6-14. The beams were connected to the columns 

with two-node connector elements (CONN3D2 in Abaqus/CAE (2014)) which were 

eccentrically positioned about the centreline of the beam, as shown in the figure. The 

eccentricity between two connectors is referred to as the “effective beam depth” Deff, 

enables to capture the compressive arch action, and was defined herein as the 

displacement of the removed column for which the compressive arch action reached 

a maximum in Chapter 3. Deff differs with the connection type (Stylianidis et al., 2016) 

and was found to be 100 mm for the Megant type connections used in the 

experimental tests. Additionally, the clear span L of the beam was defined as the 

X

Y

Z

Beam

Removed column
Boundary conditions:

Translation X: Constrained
Translation Y and Z: Free
Rotation X, Y and Z: Free

Boundary conditions:

Translation X: Constrained
Translation Y and Z: Free
Rotation X, Y and Z: Free

ColumnBoundary conditions:

Translation X: Free
Translation Y and Z: Constrained
Rotation X and Y: Constrained
Rotation Z: Free

:Abaqus node
:Abaqus beam element
:Abaqus rigid element
:Abaqus connector

Boundary condition:

Translation Y: Imposed

Boundary conditions:

Translation X and Z: Constrained
Translation Y: Free
Rotation X, Y and Z: Constrained

Boundary conditions:
Translation X: Free
Translation Y and Z: Constrained
Rotation X and Y: Constrained
Rotation Z: Free
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6.4.3.3 Bending response 

The bending response of the beam-to-column connectors was also derived from the 

2D experimental test results in Chapter 3. To be compatible with the model, the 

moment applied to the connections was calculated at the modelled location of the 

connectors. The readings of the four side load cells (LC1 to LC4) shown in Figure 6-1 

were used for this purpose. Based on the free body diagram shown in Figure 6-16, 

the bending moment at each connector location can be calculated as: 

 
2 2 2
eff eff

T B s

D D P
M d F d F H

   
= +  − −  −    
   

  (6-3) 

where FT and FB are the average axial force readings from the top (LC1 and LC3) 

and bottom (LC2 and LC4) load cells in Figure 6-1, respectively, P is the force applied 

to the frame in Figure 6-1 and d is the vertical distance between the load cells and 

the centreline of the beams, as shown in Figure 6-1. Figure 6-17 plots the applied 

moment at the connector location (obtained from Equation (6-3)) versus the 

measured rotation the beam-to-column connections for the two experimental tests 

performed in Chapter 3. The multi-linear approximation to be inputted in the FE 

model is also shown in the figure, and the bending response was considered to be 

symmetrical. 
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with the material properties given in Table 6-2. The 3-ply CLT panels were modelled 

using four-node general-purpose layered shell elements S4R (Abaqus/CAE, 2014). 

The Composite Layup tool was employed to define the material properties, thickness 

and orientation of each ply. Specifically, two types of Lamina materials were defined 

based on the properties provided by the manufacturer (XLam, 2016), namely 20 mm 

thick external (referred to as “G8”) and 35 mm thick internal (referred to as “G6”) 

laminae. A transversely isotropic material was used for the laminae with the inputted 

longitudinal (L – parallel to the grain) and transverse (T – perpendicular to the grain) 

material properties summarised in Table 6-2. The two outer laminae were parallel to 

the face boards direction while the middle lamina was perpendicular to the two outer 

laminae. 

6.5.2 Loading Tree 

The two triangular steel plates and the six rectangular loading pads of the six-point 

loading tree (see Figure 6-3 and Chapter 4 for more details) were simulated with 

four-node general-purpose shell elements S4R. The spreader beam was modelled 

with first-order beam elements B31. All these elements were assigned rigid material 

properties. Three-dimensional CONN3D2 connector elements were employed to 

connect the different elements together. The detailed model and the connector 

properties are shown in Figure 6-19. This model simulated the restraints provided to 

the loading tree in Chapters 4 and 5, enabling it to freely deform without resisting the 

applied load. The four corner nodes of each loading pad were connected to the CLT 

panels with only the translations restrained, the elements were therefore free to 

rotate relative to each other. Additionally, the contact between the six rectangular 

loading pads and the CLT panels was simulated using the “hard contact + Rough” 
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6.5.4 Connections Modelling 

Connector elements CONN3D2, with the connector type “Cartesian + Rotation”, 

were used to connect the different components of the structure together, as 

described hereafter. 

6.5.4.1 Beam-to-column connections 

For an edge column removal scenario (Test EM-1 and repeat Test EM-2), the post-

and-beam frame with the removed column was modelled as the validated 2D model 

in Section 6.4. In all other cases, as compressive arch action could not develop, the 

beam-to-column connections were modelled as in Figure 6-21, i.e., without the 

eccentricity Deff in Figure 6-14. In this case, the moment-rotation multi-linear for this 

connection was recalculated from Equations (6-3), using the similar methodology 

described in Section 6.4.3.2, but Deff = 0 to be consistent with the modelled location 

of the connection. Shear and axial responses were taken from Figure 6-5 and Figure 

6-15, respectively. Other properties are provided in Figure 6-21. 
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Figure 6-21 Beam-to-column connection numerical model for all frames except the 

frame with the removed column under an edge column removal scenario (unit: mm) 
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6.5.4.2 Contact between elements 

Regarding a floor-to-floor connection and floor-to-beam connection with a half-

lapped joint above the LVL beam, a contact connector along the local z-axis and 

local x-axis, respectively, located halfway between screws further prevented the CLT 

panels from overlapping, as shown in Figure 6-22 (b) and Figure 6-23. 

Regardless of a half-lap joint above the LVL beam or not, the contact connections 

along the local x-axis were equally spaced between screws to maintain the minimum 

geometric distance of 112.5 mm between the centrelines of CLT and beam elements, 

as shown in Figure 6-24. The contact connections were defined with the friction 

coefficient of 0.2 to allow the composite action developed between the CLT panels 

and LVL beams (ECS, 2004; Hirai et al., 2008). 

6.5.4.3 Floor-to-floor connections 

Two different types of connectors were used to model the floor-to-floor connections, 

as illustrated in Figure 6-22. First, connectors representing the screws were spaced 

every 136 mm (screw spacing, Chapters 4 and 5) with the withdrawal, shear and 

bending responses from Figure 6-8 (a), Figure 6-8 (b and c) and Figure 6-8 (d), 

respectively. Second, a contact connector along the local z-axis, located halfway 

between screws, prevented the CLT panels from overlapping, as shown in Figure 

6-22(b). Other properties were as given in Figure 6-22. 
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6.5.6 3D Model Validation 

6.5.6.1 Load-displacement curves and failure modes 

6.5.6.1.1 Edge column removal scenario 

Figure 6-26 (a) compares the experimental and numerical applied load in Step 3 

(see Section 6.5.3) versus the removed column displacement, under an edge 

column removal scenario. Note that the weight of the loading tree was included in 

the figure by offsetting the curves along the vertical axis as in Chapter 4. Two 

numerical simulations were run with the shear properties of the beam-to-column 

connections either inputted from the values obtained with or without the CLT panels, 

as discussed in Section 6.3.1. Ignoring the contribution of the CLT panels in the 

shear capacity of the beam-to-column connections resulted in the FE analysis 

underestimating the ultimate load by 26% due to the premature failure of these 

connections in the second row of beams. It is therefore important to consider this 

contribution to accurately reproduce the overall structural behaviour. As such, Table 

6-4 compares the experimental and numerical initial stiffness (calculating on 

performing a linear regression on the elastic part of the curves in Figure 6-26 (a)) 

and ultimate loads. The FE model accurately (within 3%) replicated both the initial 

stiffness and ultimate load. 

In terms of failure mode, the FE model predicted shear failure to occur at the beam-

to-column connections linking beams B3 and B4 to the interior column C5 (see 

Figure 6-2 for elements numberings). This failure mode corresponds well to the one 

experimentally observed in Test EM-1 for which shear failure occurred at the beam 

B3-to-column C5 connection. Note that while bending failure of beam B4 was 

experimentally observed in both Tests EM-1 and EM-2, it was not observed 

numerically due to the connections failing first in shear. 
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Table 6-4 3D FEA results comparison 

Specimen 
Initial stiffness (kN/mm) Ultimate load (kN) 

Test FE Test/FE Test FE Test/FE 

EM-1 
(Chapter 4) 

0.61 

0.64 

0.95 120.8 

118.0 

1.02 

EM-2 
(Chapter 4) 

0.66 1.03 120.4 1.02 

CM-1 
(Chapter 5) 

0.21 0.22 0.95 59.9 65.9 0.91 

CM-2 
(Chapter 5) 

0.75 0.63 1.19 97.3 105.7 0.92 

Average 1.03 Average 0.97 

COV 11% COV 6% 

 

6.5.6.1.2 Corner column removal scenario 

Similar to Figure 6-26 (a), Figure 6-26 (b) plots the applied load in Step 3 versus the 

removed column displacement under the two different corner column removal 

scenarios. Regarding Test CM-1, the initial stiffness matched well with the 

experimental test, and the predicted ultimate load was 10.0% higher than the 

experimental test. The beam B4 bending failure, which was predicted in the FE 

model was also observed in the experimental test. In the simulation, after the load 

dropped due to bending failure of beam B4, the load steadily increased, likely 

because the interaction between the bending moment and shear force in the 

behaviour of beam-to-column connectors was not considered (Section 6.4.3.1). 

Indeed, this allowed the applied load to be transferred to columns C4 and C8 in shear 

through the beam-to-column connections, despite these connections completely 

failing in bending and likely having a reduced shear capacity. Also see Section 

6.5.6.2 on the load transfer. 

For Test CM-2, the initial stiffness was 20% different between the experimental test 

and the simulation results, but the overall trend of the load-displacement curve was 

well captured. Regarding the ultimate load, the experimental and numerical ratio was 
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close to 1.00 and equalled to 0.92. The FE model predicted failure to occur in 

bending at beam B3, matching well with the failure observed in Test CM-2. The 

numerical model stopped when the removed column displacement reached 220 mm, 

corresponding to the beam-to-column connector linking beam B3 and column C2 

reaching its ultimate bending capacity. 

6.5.6.2 Load redistribution 

Figure 6-27 compares the experimental and numerical load redistribution through 

the system, taken as the column reaction forces, versus the removed column 

displacement. As the results for Test EM-1 and its repeat Test EM-2 were similar 

Chapter 4, only the results from Test EM-1 are plotted in the figure for clarity. The 

figure shows that up to reaching the ultimate load, corresponding to a removed 

column displacement of 122 mm, the numerical model accurately reproduced the 

load redistribution through the system. After failure, the numerical column reaction 

force for column C5 dropped significantly more than the experimental tests due to 

the two beam-to-column connections at column C5 failing numerically against only 

one experimentally. The load redistribution after failure was however correctly 

captured for all other columns. 
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6.6.1.1 Edge column removal scenario 

Figure 6-37 (a) compares the numerical applied loads in Step 3 (see Section 6.5.3) 

versus the removed edge column displacement for the three different layouts of the 

CLT panels. Results showed that the initial stiffness was significantly influenced by 

the CLT panel layouts, with the stiffness when all panels spanned two bays being 

4.6 times greater than when all panels spanned on bay. However, the capacity of 

the staggered and all two-bay long panels was within 3.5% of each other. The failure 

mode for these two configurations was the shear failure of the beam-to-column 

connections on both side of interior column C5. For the all one-bay long panels, no 

specific failure mode was numerically observed. All configurations allowed to 

withstand an accidental design load of 8.95 kPa in the DoD (2016), i.e., 

corresponding to an applied load of 53.7 kN. 

6.6.1.2 Corner column removal scenario 

Figure 6-37 (b) compares the numerical applied load in Step 3 versus the removed 

column displacement for the four panel layouts, i.e., staggered (Tests CM-1 and CM-

2), all two-bay long panels and all one-bay long panels. The initial stiffness of the all 

two-bay long panels was similar to the one of simulated Test CM-2. However, while 

the maximum corresponded to the same failure mode, i.e., bending failure of beam 

B4, due to different load distribution of the beam, the ultimate load was 10% lower. 

Similar to the edge column removal, the model for all one-bay long panels showed 

the lowest initial stiffness and there is no specific failure mode was numerical 

observed. All configurations allowed to withstand an accidental design load of 8.95 

kPa in the DoD (2016), i.e., corresponding to an applied load of 26.9 kN. 
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6.6.2 Beam-to-column Connections in the Front Frame 

During the experimental investigations (Chapters 4 and 5), and as captured by the 

previous numerical investigations, the beam-to-column connections of the beams 

connected to the removed column, but located at the end of the beam opposite to 

this column, provided a local support to the CLT panels above. This alternate load 

path allowed to transfer about 29% of the applied load to the columns directly 

connected to the removed one by these beams (Chapter 4). This local support can 

be seen in Figure 6-27 (a), Figure 6-28 (a) and Figure 6-29 (a), in which despite 

experiencing large rotation, the beam-to-column connections did not fail in shear and 

transferred load to the columns adjacent to the removed one. However, in a design 

situation and as no data would typically be available on the shear capacity of the 

beam-to-column connections experiencing large rotation, this alternative load path 

would be ignored. In other words, all beam-to-column connections of the beams 

attached to the removed column would be assumed to have failed and not carrying 

load. 

To investigate the influence and the importance of the alternate load path mentioned 

above to the response of the building, another seven models were analysed with the 

same CLT layout as in Section 6.6.1. In these models, (i) under the edge column 

removal scenario, the beam-to-column connections of both beams B1 and B2 were 

ignored and removed from the models, and (ii) for the corner column removal 

scenario, the beam-to-column connections of both beams B2 and BP3 were similarly 

removed from the models. 

For the model with all one-bay long panels and edge column removal scenario, the 

structure was not able to carry the self-weight when removing the column in Step 2 

(see Section 6.5.3), so the response was not plotted in Figure 6-38 (a). This result 
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by delaying the failure. This behaviour needs to be considered to accurately 

capture the structural behaviour of post-and-beam mass timber buildings. 

4. Parametric studies showed that staggered or two-bay long CLT panels does 

not seem to significantly influence the capacity, while the capacity would be 

lower when only using one-bay long CLT panels. 

5. Parametric study also showed that the alternative load path providing by the 

beam-to-column connections of the frames connected with the removed 

column, and locally supporting the CLT panel above, is essential to achieve 

robustness when only one-bay long CLT panels are used. 

6. The 3D model can be used to eventually (i) quantify all parameters 

influencing the behaviour of post-and-beam mass timber buildings to resist 

progressive collapse, and (ii) provide data to develop design guidelines. 
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CHAPTER 7  

CONCLUSIONS 

7.1 Research Outcomes 

This thesis investigated the 2D and 3D progressive collapse behaviour of post-and-

beam mass timber building substructures, subjected to different column removal 

scenarios, through experimental and numerical methods. The key findings and the 

outcomes of this research are summarised below. 

1. The 2D results of Chapter 3 showed that, under large displacement, all types 

of investigated beam-to-column connections allowed catenary action to 

develop to various degrees. Without considering the dynamic increase factor, 

only the proposed double plate beam-to-column connection could sustain 

the design pressure. It therefore presents a potential solution to improve the 

robustness of post-and-beam mass timber buildings. Furthermore, the 2D 

results showed that the progressive collapse of post-and-beam mass timber 

buildings must be either resisted by specially designed ductile connections, 

alternative load paths, or a combination of both. 

2. Chapters 4 and 5 showed that when loading at 3D substructures, the applied 

load was principally transferred to the three columns closest to the removed 

column, and that the CLT panels and that their layout play a critical role in 

resisting progressive collapse. 
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3. A simplified analytical model based on industry best practice and a pre-

defined alternative load path was developed for the tested specimens to 

predict their ultimate resistance capacity and compared to the experimental 

tests. Overall, the simplified methodology is conservative and unable to 

capture the complex 3D load redistribution. 

4. Chapter 6 developed FE models of 2D and 3D substructures using the 

component method. Component test results showed that the shear capacity 

of the beam-to-column connection was significantly influenced by the CLT 

panels. In the 2D numerical model, the ultimate load was accurately 

reproduced and validated against the experimental results. Furthermore, the 

development of the compressive arch and catenary actions was also 

correctly captured. Further 3D models, the experimentally observed ultimate 

loads, initial stiffness, failure modes, load redistributions, deformed shapes 

and strain developments were accurately predicted for all analysed tests. 

5. Parametric studies were conducted by using the validated 3D numerical 

models. Firstly, two additional CLT panel layouts were examined, under the 

edge and corner column removal scenarios. The results further confirmed 

that the layout of the CLT panels could improve the ability of post-and-beam 

mass timber buildings to resist progressive collapse. Secondly, beam-to-

column connections, by providing localised support to the CLT panels above 

and transferring the load through shear to the columns, were able to provide 

a non-negligible, additional alternative load path. 
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7.2 Recommendations for Further Research 

In view of this thesis, the following topics are recognised of importance to further 

continue the present research. 

1. Although the novel beam-to-column connection proposed in Chapter 3 

presents a potential solution for a post-and-beam mass timber building to 

resist progressive collapse, the configuration of this connection could be 

further optimised. This includes: the material of the plates, the slot shape on 

the beam plates and how the column plate connects to the upper column. 

This will improve the integrity of the building, and warrants further 

examination through experimental tests. Detailed numerical models with 

metal and timber failure criteria will also accelerate the optimisation process. 

2. Experimental tests of other column locations to the ones studied in Chapters 

4 and 5 should also be examined. 

3. The dynamic behaviour of the system should also be examined as 

progressive collapse is essentially a dynamic event. 

4. Eventually, the 3D model could be used to (i) quantify all parameters 

influencing the behaviour of post-and-beam mass timber buildings to resist 

progressive collapse and (ii) provide data to develop design guidelines. 
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APPENDIX A PROTOTYPE BUILDING DRAWINGS 

 

Figure A-1 Prototype building plan view (unit: mm) 
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Figure A-2 Prototype building side view (South, unit: mm) 
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Figure A-3 Prototype building side view (East, unit: mm) 
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APPENDIX B MOMENT EQUATIONS 

B.1 Point Load     

Figure B-1 shows the free body diagram of half the test specimen, in which each 

connector is replaced by a spring and is assumed to respond the same under 

positive and negative moment. As the deformation principally occurred in the 

connectors, the bending stiffness of the beam is ignored herein. The free body 

diagram represents the frame under large deformations in which the applied force is 

resisted either by catenary action, bending of the connector or a combination of both. 

Based on statics principles, the moment M at the connectors can be calculated by 

Equation (B-1) as: 

 
1 1

4 2

PL F
M


= −   (B-1) 

where P is the applied force, F1 represents the horizontal reaction force originating 

from the axial force in the beams, δ is the displacement of the removed column and 

L1 is the span of the beam. 

 

Figure B-1 Free body diagram under point load 
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B.2 Uniformly Distributed Load (UDL) 

Figure B-2 shows the floor layout of the building. Considering the tributary area of 

the frames with the removed column, the UDL ω (in kN/m) applied to the frame is: 

 ( ) 2( )UDL inkN m Design UDP inkPa L =    (B-2) 

where L2 is given in Figure B-2. 

 

Figure B-2 Tributary area calculation (Top view) (where L1 = 2 m and L2 = 1.5 m in 

¼-scale experiments) 

Similar to Figure B-1, the free body diagram of the half system when a UDL is applied 

to the beams is given in Figure B-3. Equilibrium given as: 
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Figure B-3 Free body diagram under UDL 

By combining Equation (B-1) to Equation (B-3), the design UDP (in kPa) which 

generates the same deformation of the system as a concentrated load P is: 
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